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The principal objective of the study was to examine the

concept of improving bridge deck design by the application of

transverse prestressing and to specifically examine the improvement

of durability due to protection from chloride-induced corrosion. The

secondary objective was to provide structural design related

recommendations for proper use of modern prestressing systems to

ensure effective distribution of transverse prestress throughout deck

slabs. To fulfill these objectives, the research was divided into

three areas. The first area was the durability phase, in which the

primary emphasis was the experimental investigation of prestressed

concrete specimens exposed to an aggressive chloride environment.

The second area was the structural phase in which both experimental

and analytical studies were conducted to investigate the structural

aspects of transverse prestressing. The final phase was the

formulation of design recommendations for transverse prestressing

which incorporated the findings from the structural and durability

stud ies.
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The results from the durability study indicate that current

specifications for the design of reinforced concrete decks which

implicitly permit crack widths under service loads of 0.011 in. are

inadequate for protection of steel reinforcement from chloride-

induced corrosion. Transverse prestressing is effective in reducing

corrosion because it permits a "crack-free” slab under service loads.

However, to reduce the risk of corrosion from long-time exposure to

an aggressive chloride-containing environment, a minimum concrete

cover of about 2.5 in. over steel reinforcement and a maximum water-

cement ratio of 0.45 in the concrete is needed. In addition, special

attention must be given to the prestressing system to ensure full

encapsulation and thus prevent penetration of aggressive corrosion-

producing substances.

The results from the structural study indicate that

diaphragms have a significant effect on the distribution of stress in

transversely prestressed bridge decks. To overcome the effects of

diaphragms on transverse stress distribution, either the diaphragm

can be prestressed or additional transverse prestressing in the deck

slab over diaphragm regions can be used.

The results from the design recommendation study indicate

that transverse prestressing represents a viable and economical

alternative for improving the durability of bridge decks. The

proposed design recommendations should provide for a corrosion- and

frost-resistant crack-free deck slab. The simplified procedures



VIII

which were developed for determining slab and diaphragm forces

required to overcome restraining effects should ensure effective

distribution of transverse prestress throughout deck slabs.
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CHAPTER I

INTRODUCTION

1.1 General

There has been considerable attention focused on concrete

bridge deck deterioration for over two decades. As early as 1962 at

a Highway Research Board meeting in Washington, D.C., the symposium

chairman F.V. Reagel of the Missouri Highway Commission stated:

During the past few years, the bridge maintenance forces of

highway departments, municipal, county, and state, have expe-
rienced a rate of deterioration of portland cement concrete

bridge floors or decks far more severe than previously noted.

At the conclusion of his introductory speech, Reagel charged the

concrete industry with evaluating the active causes of deck

deterioration and with developing means of eliminating or reducing

its effects. The result of this charge was an extensive cooperative

study which addressed the deck deterioration problem [116,117,118].

The findings from this cooperative study revealed concrete

cracking to be a major factor in bridge deck deterioration.

Progressive deterioration of concrete resulting from expansive

pressures generated by freezing of water was cited as one major

cause. Cracking in bridge decks allows water penetration. As water

freezes inside the cracks, it expands and results in deck

deterioration. The study also cited corrosion of steel reinforcement
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as a major cause of deck deterioration. In this case, cracks provide

passageways for water and other corrosion-producing substances.

Thus, it appears that eliminating cracks should improve both freeze-

thaw and corrosion resistance of concrete bridge decks.

Corrosion is one of the major problems facing engineers

today. Corrosion repair costs total 30 billion dollars annually in

the United States, as illustrated in Fig. 1.1 [27,59,83]. The

severity of the corrosion problem can be further illustrated by the

fact that 40 percent of the steel produced each year is used to

replace corroded metal [27]. In 1973 the Federal Highway

Administration (FHWA) estimated that of the total corrosion damage-

related spending, approximately $7O million was spent repairing

bridge decks [28,85,155,156]. By 1979, an Environmental Protection

Agency (EPA) study revealed that the annual damage to bridge decks

had increased to $5OO million, as seen in Fig. 1.1 [28,155]. These

figures are considered deceptively low since they only represent the

amounts being spent on repairs and do not consider long-term

rehabilitation and replacement costs.

There are approximately 560,000 bridges in the U.S., of

which 45 percent are structurally deficient or functionally obsolete

requiring close to SSO billion in repair [23,55,155]. Additionally,

the interstate highway system that stretches over 40,000 miles across

the country will require close to SSOO billion in repairs over the

next decade according to the U.S. Department of Transportation [23].
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Fig. 1.1 EPA estimates of corrosion damage in 1979
[27,155]

B
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State highway agencies expect bridges to last 50 years or more, but

many show signs of corrosion of reinforcement and concrete

delamination in five years or less [lss]. The problem has become so

severe that the phrase ’’the bridge deck problem" has been coined to

specifically imply the distress suffered by bridge decks [30,155].

What is the culprit in ’’the bridge deck problem”? The major

cause of the bridge deck deterioration is chloride containing deicing

salts that have been applied to maintain trafficable winter roadway

conditions. In the mid 1970’5, Cook and McCoy [lss] stated that

...
the deterioration of concrete bridge decks caused by the

corrosion of reinforcing steel induced by the use of chloride

deicers is one of the most severe problems currently facing the

highway industry.

In the late 1970’5, Engineering News Record [3o] reported that

...
chloride corrosion of reinforcing steel in concrete is much

like cancer. Dissolved deicing salt seeps into pavement
concrete and creates a tumor-like rust on the steel and breaks

the concrete apart.

The rate of corrosion accelerates rapidly when chlorides from the

deicing salts combine with moisture and oxygen and disrupt the

passivity of reinforcing steel. In turn, the corrosion products of

the reinforcement expand from 2 to 15 times, resulting in stresses

large enough to crack and subsequently spall a concrete bridge deck,

as seen in Fig. 1.2.

The bridge deck problem has become more severe during the



5

Fig. 1.2 Bridge deck deterioration
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past two decades. With the Interstate Commerce Act on the books in

the 1 950*s, many roads and bridges began being built. In the early

1960’5, what amounted to a federal edict known as the "bare pavement

policy" was promulgated to ensure ice-free roads and bridges for the

travelling American public [lss]. As shown in Fig. 1.3, as the level

of applied salt increased, so rose the repair costs of the bridge

decks. The present level of salt application represents a quarter of

a pound of salt per square foot during the course of a winter for a

typical concrete pavement in one of the snow belt states [lss].

To this point, only the problem concerning the impact of

corrosion of reinforcement in concrete bridge decks due to the

application of deicing salts has been discussed. However, concrete

bridges as well as other types of concrete structures in other

environments can also be subject to deterioration due to corrosion of

reinforcement. The most important of these are reinforced concrete

structures exposed to seawater and marine environments [8,98,155].

It is easily recognizable that the same destructive elements found in

"the bridge deck problem"—chloride salts, water and oxygen—are also

present in this case. In addition, as a result of the application of

deicing salts to roads and bridges during the winter, salts picked up

by vehicles on the roads and bridges have caused severe deterioration

in parking structures [51,92].

The gravity of the bridge deck problem has thrust bridge

engineers into a position of safeguarding their designs against
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Fig. 1.3 Cause and effect of bridge deck deterioration [153
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corrosion deterioration. In view of the excessive maintenance,

repair and replacement funds presently being spent by state highway

agencies, it is imperative that a cost-effective and practical means

be found during design to minimize problems of corrosion distress in

bridge decks.

1.2 Problem Statement

Most efforts in improving the corrosion distress suffered by

bridge decks have focused on improving the quality of concrete,

increasing the concrete cover over the reinforcing steel, or

providing other forms of corrosion protection ranging from coatings

for the steel reinforcement and the use of exotic types of concrete

to active cathodic protection [9,13,28,30,31,35,38,47,60,62,63,70,71,

73,84,85,86,89,92,96,97,105,106,110,115,138,155,156,163]. However,

these alternatives have met with only moderate success for several

reasons. The cost of many of these alternatives adds significantly

to the construction cost of the bridge deck. In addition, many of

the corrosion protection alternatives become ineffective when

cracking of the bridge deck occurs under moving vehicular loads. The

cracking suffered by bridge decks facilitates the penetration of

water, oxygen, and chloride ions into the concrete, resulting in

corrosion of the reinforcement and surface spalling. Since the

cracking noted is often linked to the corrosion of transverse

reinforcement [116,117], it has been suggested that bridge decks

might be improved by the application of transverse prestressing
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[25,150]. Transverse prestressing would minimize or possibly

eliminate cracking of the bridge deck.

Figure 1.4 illustrates the corrosion protection mechanism of

prestressing. In a conventional reinforced concrete slab, which more

than likely cracks under service load conditions, water, oxygen and

salt can penetrate the concrete with subsequent corrosion of the

reinforcing steel. However, under the action of prestressing the

applied compressive force prevents cracks from forming or closes the

cracks preventing penetration of the corrosion-producing elements.

In addition, prestressing provides an auxiliary level of

corrosion protection. Even if cracks do form under load in a

prestressed concrete member, upon removal of the load the cracks

close. However, once a crack forms in a reinforced concrete member,

the crack never completely closes [s6]. There will generally be a

residual crack opening at the concrete surface allowing penetration

of the corrosion-producing elements.

Unlike many of the other corrosion protection alternatives,

there are possible economic advantages in using transverse

prestressing. Transverse prestressing may reduce the required bridge

slab thickness to carry design loads. This reduction in slab

thickness both reduces the quantity of slab material and reduces the

overall dead load which the girders must carry. The benefits and

savings which are possible with the application of transverse

prestressing are achieved by the use of "high efficiency” materials.
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Fig. 1.4 Corrosion protection mechanism of prestressing
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Prestressing tendons carry more force per unit area of material than

conventional mild reinforcing steel. The utilization of prestressing

with smaller, more efficient steel elements would tend to reduce

congestion and make concrete placement easier. It is believed that

the reduction in slab thickness, number of girders, material

quantities, formwork, superstructure weight, and, more importantly,

the benefits of possible increased durability of the bridge deck

would more than offset the higher cost of prestressing steel, higher

strength concrete and extra labor operations associated with

prestressing.

Anton Tedesko [lso] in 1976 was the first person to clearly

expound both the durability and economic benefits of transverse

prestressing. And although Tedesko suggested the advantages of

transverse prestressing have a reasonable theoretical basis, there

are few documented studies and observations of the actual behavior of

such a bridge system [45,125,141,150]. When one examines the present

AASHTO Design Specifications [s] for prestressed concrete, it is

clear that the provisions have been basically developed for

longitudinal prestressing. While the provisions may be utilized for

transverse prestressing, they do not account for many important

variables. For instance, no guidance is given on the distribution of

prestressing across the slab. Other questions include how much does

the lateral stiffness of the longitudinal girders and transverse

diaphragms influence the actual distribution of the transverse
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prestress? If nominal uniform compressive stresses are applied along

the edge of the bridge slab, how much is still actually effective at

the region over the middle girder? If transverse prestressing is

from one edge only, what level of transverse prestressing exists at

the far end of the bridge?

Additional questions exist which are fundamentally related

to the combination of structural effects and durability requirements.

Are the allowable tensile stresses for precompressed tension zones

recommended in the AASHTO Specifications [s] valid for the design of

transverse prestressing? These limits were basically set to address

flexural cracking problems in longitudinal girders and do not

consider the possible damaging penetration of salt or other

contaminant solutions in thin cover zones over top deck

reinforcement. Also, is there a threshold value of precompression

that is desirable in order to achieve increased durability?

1.3 Objectives and Scope of the Study

It is apparent that a comprehensive study is needed to

answer some of the questions raised in the previous section

concerning the use of transverse prestressing for corrosion

protection. These and other questions must be examined in order to

fully understand the behavior and benefits of transverse

prestressing.

The principal objective of this research is to examine the

concept of improving the durability of bridge decks with transverse
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prestressing. This principal objective can be further categorized

into:

1. evaluation of the effect of major variables on corrosion

protection,

2. evaluation of the structural effects of transverse

prestressing,

3. recommendation of design criteria for the economic

application of transverse prestressing considering the

interrelationship bet ween the structural and durability

aspects.

To help fulfill these objectives, the overall research

program was divided into three areas, as shown in Fig. 1.5. The

first area was the structural phase, in which both analytical and

experimental studies were conducted. The second area was the

durability phase, in which the main emphasis was the experimental

investigation of prestressed concrete exposure specimens. The final

area was the formulation of design recommendations for transverse

prestressing incorporating the results from both the structural and

the durability studies.

The scope of the study primarily covers transverse

prestressing of composite cast-in-place bridge decks over multiple

girders of the general configuration shown in Fig. 1.6. However,

many of the conclusions and recommendations relating to the

durability aspects are equally applicable to decks of other bridge
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Fig.

1.5

Various
components
of

overall
research
study

on

transverse
prestressing



Fig. 1.6 Transverse prestressing of a conventional

slab-girder bridge (from Ref. 4)
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types, and, in general, any structural prestressed concrete that is

exposed to chloride environments.

Chapter II examines the aspects of the corrosion of steel in

concrete. Chapter 111 presents various alternatives for the control

of corrosion in concrete, including transverse prestressing. Chapter

IV reviews the current knowledge and uses of transverse prestressing,

while Chapter V provides details of the laboratory experimental

program conducted as part of the durability study. Chapter VI pre-

sents the results from the durability study, and Chapter VII provides

an evaluation of these results. A summary of the structural phase of

the research is presented in Chapter VIII. Design implications

indicated from both the structural and durability studies are pre-

sented in Chapter IX. Chapter X presents design recomendations and

design examples of transversely prestressed bridge decks. Chapter

XI presents a summary as well as the overall conclusions and recom-

mendations from the study.



CHAPTER II

CORROSION OF STEEL IN CONCRETE

2.1 Introduction

Corrosion is defined as the deterioration of a substance,

usually a metal, because of a reaction with its environment [27]. In

the case of the corrosion of steel in concrete, the metal is low-

carbon steel reinforcement and the environment is the concrete.

Normally, concrete provides a high degree of protection against

corrosion. Concrete with its inherently high alkalinity protects and

passivates the steel reinforcement from corrosion. Because of the

inherent protection quality of concrete, corrosion of steel does not

occur in a majority of reinforced and prestressed concrete

structures. However, outside environmental factors such as the use

of deicing salts on bridge decks or exposure to marine environments

can destroy this corrosion protection.

There are eight basic forms by which corrosion can occur

[s9]. The main form of the corrosion of steel in concrete is

electrochemical corrosion and is believed to be the cause of

essentially all corrosion distress that occurs [9l. The corrosion of

steel in concrete due to stress corrosion, hydrogen embrittlement, or

electrolysis due to stray electrical currents are rare, even though

some cases and studies can be found [2930,1092-
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The current state of knowledge of the corrosion of steel in

concrete has evolved rapidly in the past two decades. The literature

contains numerous papers, many in the foreign literature, on various

aspects of the corrosion problem [21,22,40,66,69,73,101,106,114,155,

156]. Although many of the factors which influence the corrosion of

steel in concrete are known, many aspects of the problem are not

fully understood [lo4]. The corrosion mechanisms are extremely

complex, and many factors which influence the corrosion mechanisms

are not necessarily independent of each other. Therefore, it comes

as no surprise to find different theories that attempt to explain the

corrosion phenomenon and that often conflict with each other.

In this chapter, no attempt is made to enumerate all the

various theories. However, there are certain factors pertaining to

the corrosion of steel in concrete which have been well established

by considerable research and study. First, the nature and mechanics

of the corrosion of steel in concrete are detailed, followed by an

examination of the effects of corrosion. Various methods which are

used for evaluating corrosion distress are discussed also.

2.2 Nature and Mechanics of Corrosion
of Steel in Concrete

2.2.1 Galvanic Corrosion. The most common form of

corrosion attack of steel embedded in concrete is galvanic or two-

metal corrosion. In this process, the driving forces are

electromechanical in nature.
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A galvanic cell is formed when two dissimilar electrodes,

separated by an electrolyte, are electrically connected by a

conductor. Figure 2.1 illustrates a galvanic cell consisting of iron

and copper in oxygenated water. Because of their relative positions

in the electromotive force series as seen in Table 2.1, iron serves

as the anode and copper as the cathode. The result is

electrochemical corrosion of iron resulting in an iron plating of the

copper.

A galvanic cell also exists when two similar metals are

separated by dissimilar electrolytes. This is the more appropriate

analogy for corrosion of steel in concrete. Instead of two different

metals in concrete, different locations of the reinforcing steel

become anodic and cathodic to each other.

For an electrochemical mechanism to occur, three conditions

must exist: 1) there must be a potential difference between two

metallic areas (the reason for the name "two-metal" corrosion); 2)

there must be a conductive path; and 3) there must be appropriate

electrode reactions taking place. A difference in potential may

arise from almost any heterogeneity in the system. Differences in

materials or nonuniformities of the physical or chemical environment

surrounding the steel in concrete, or both, produce a difference in

potential. Thus, in a medium of perfect uniformity, corrosion would

not occur. However, reinforced or prestressed concrete are by no

means homogeneous materials and corrosion cells are set up when
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fig. 2.1 Basic galvanic cell
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Metal-Metal Ion Electrode Potential vs.

Equilibrium Normal

(Unit Activity) at

Hydrogen Electrode

25 c C (volts)

Au-Au+3 +1.498

Pt-Pt
+2

+ 1.2

Noble or Pd-Pd
+2 +0.987

cathodic

Ag-Ag+ +0.799

Hg-Hg 2
+2 +0.788

Cu-Cu
+2

+0.337

h
2
-h+ 0.000

Pb-Pb
+2 -0.126

Sn-Sn
+2 -0.136

Ni-Ni
+2

-0.250

Co-Co +2 -0.277

Cd-Cd +2 -0.403

Fe-Fe
+2

-0.440

Cr-Cr+3 -0.744

Zn-Zn +2 -0.763

Active or Al-Al+3 -1.662

anodic

Mg-Mg
+2 -2.363

Na-Na + -2.714

K-K + -2.925

TABLE 2.1 Standard EMF Series of Metals (from Ref. 59)
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certain conditions exist. There are numerous reasons for the

corrosion enhancing nonuniformities in concrete. Concrete may be

honeycombed, porous, or unevenly wet and dry. Cracking causes

differences in steel stress, differential aeration, and allows easy

entrance of applied salts. Also, there are always nonuniformities in

the steel itself due to residual stresses from the manufacturing

process. As a result, regions of lower potential become anodic and

regions of higher potential become cathodic. Moist concrete acts as

an electrolyte, the action of which is further accelerated if

chloride ions from salts are present.

2.2.1.1 Typical Chemical Reactions. The tendency of a

metal to oxidize to a metal ion in an aqueous solution of normal

ionic activity is given by its position in the electromotive force

(EMF) series (see Table 2.1). The hydrogen electrode is normally

selected as an arbitrary reference and thus has an electrode

potential of 0.000 volts. Any metal which is more negative or lower

in Table 2.1 will have a greater tendency to corrode. Consequently,

iron, which has an electrode potential of -0.440 volts relative to

the hydrogen electrode, has a substantial tendency to enter into

solution. The area where the iron ions go into solution becomes the

anode. The ionization of the iron at the anode is referred to as

oxidation and is given by the following anodic reaction:

F F
e
++

+ 2 *' (2.1)
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In this primary stage of corrosion the iron is said to have lost its

valence and thus produces electrons. Any reaction which produces

electrons is an oxidation reaction.

The anodic region of the reinforcing steel now has an excess

of electrons. To maintain an equilibrium of charge, an equivalent

quantity of hydrogen is plated at adjacent surfaces of the steel.

This results in a thin invisible film of hydrogen around the cathode,

and this protective film inhibits further progress of the reaction,

as shown in Fig. 2.2b. Any subsequent reaction ceases unless the

hydrogen film is removed. If the hydrogen film remains intact,

reinforcing steel in concrete is in a very protective environment and

enters a passive state, as shown in Fig. 2.2a. This process of

impeding the corrosion process is known as activation polarization

since the film forms at the steel and concrete interface.

The destruction of the hydrogen film may take place in one

of two ways: 1) oxygen reduction or depolarization at the cathode;

or 2) hydrogen evolution as a gas. These cathodic reactions, also

known as secondary reactions, are the reactions responsible for

controlling the corrosion rate of structural steel and are as

follows:

1/2 0
2 + H

2
O + 2e" —>2 OH" (2.2)

2H+
+ 2e" -»H

2 f (2.3)
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Fig. 2.2 Corrosion of steel in concrete
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Corrosion controlled by the cathodic depolarization of oxygen in

reaction (2.2) is more prevalent and the most important of the two

reactions [lo4]. This reaction is shown in Fig. 2.2c. Reaction

(2.3) is not normally characteristic of the corrosion of steel in

concrete; however, it will take place in the presence of acid

solutions. As a result of the destruction of the hydrogen film,

corrosion enters the final stage known as the transpassive region as

shown in Fig. 2.2a.

Reaction (2.2) is dependent on the concentration of

dissolved oxygen next to the steel. Therefore, the reaction depends

on the amount of oxygen entering the concrete, and as will be shown

later, also depends on chloride ions from salts as well as many other

factors. At this point, it is important to note that anything which

limits and minimizes these factors will retard corrosion, keeping the

steel in a passive state. This concept is fundamental to the

corrosion protection offered by transverse prestressing of bridge

decks.

If the cathodic reactions occur, the anodic reactions

continue, resulting in an accumulation of ferrous ions, Fe ++
,

which

in the presence of water and oxygen are oxidized and precipitated as

rust. Two states of oxidation occur. In the first state, ferrous

hydroxide forms directly on the reinforcing steel surface. Equation

(2.4) gives the reaction and Fig. 2.3 shows the formation of ferrous

hydroxide.
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Fig. 2.3 Steel corrosion products
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F
e

+ 1/2 0
2 + H

2
o—>F

e
(0H) 2 (2.4)

Ferrous hydroxide is converted to the more soluble hydrated ferric

hydroxide at a short distance from the steel surface where it is in

contact with more oxygen. Equation (2.5) shows this reaction and

Fig. 2.3 shows the formation of the ferric hydroxide.

F
e (OH) 2 + 1/4 0 2 + 1/2 H 2O —>F

e (OH) 3 (2.5)

The ferric hydroxide is the familiar rust normally associated with

the corrosion of iron and steel. Reaction (2.5) occurs because the

free energy of ferric hydroxide is less than that of ferrous

hydroxide.

The structure and composition of the rust varies

considerably and plays an important role in subsequent corrosion

[lo4]. Hard, dry rust which adheres to the reinforcement surface may

retard corrosion by forming a protective coating. This ’’rehealing”

does not usually occur if an ample supply of oxygen and water are

present. However, in general, the rust is spongy and fragile and

thus easily detachable from the reinforcement surface [lo4]. In this

case, no rehealing takes place and corrosion continues to occur.

2.2.1.2 Rate of Corrosion. In galvanic corrosion, the

slower of the electrochemical reactions controls the rate of

corrosion. In the case of steel corrosion in concrete, the primary

oxidation reaction is much faster than the secondary reduction

reactions. This implies that the environmental factors of oxygen
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concentration, water, salt and others, are the dominant influences on

the corrosion processes. However, there are other factors which also

are important. If the cathode is large and consequently exposed to a

greater amount of oxygen, then the corrosion cell current is stronger

relative to the size of the anode [59,104]. This intensifies the

attack and results in a faster overall corrosion rate at the anode.

This effect is known as the ’’area effect” and will be discussed in

detail in Sec. 2.2.1.3.4.

The exact rates of corrosion are not given by the relative

positions of the oxidizing metal in the electromotive force series.

That is, because one metal is more anodic than another does not imply

that it will enter into solution faster and thus corrode faster. To

examine quantitative rates of corrosion, more modern mixed potential

theories which examine the kinetics of corrosion must be examined. A

thorough discussion of these theories is presented in Ref. 59.

2.2.1.3 Factors A f fecting Corrosion of Steel in

Concrete. As previously stated, the corrosion process is complicated

and affected by many internal and external factors. It becomes even

more complicated when considering galvanic corrosion of reinforcing

or prestressing steel embedded in a heterogeneous material like

concrete. The following sections discuss some of the factors in the

steel, concrete, and environment which produce and accentuate

corrosion.
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2.2.1.3.1 Steel. Metals and alloys are crystalline

solids. That is, the atoms of a metal are arranged in a regular,

repeating array. Iron and steel possess a body-centered cubic (BCC)

structure as shown in Fig. 2.4. The low percentage of carbon in

structural steel provides strength and ensures ductility. During the

manufacture of structural steel such as that used in reinforcing

steels, as the metal solidifies during casting, the atoms, which are

randomly distributed in the liquid state, arrange themselves in a

crystalline array. This ordering begins at many different locations

in the liquid; thus, as blocks of crystals or grains meet, a mismatch

results at their boundary as shown in Fig. 2.5. Since the most

stable configuration of the steel is a lattice with a BCC structure,

grain boundaries are high-energy areas and are attacked

preferentially when exposed to corrosion.

If the reinforcing steel contains any heterogeneities, there

exists a potential difference, and thus anodic and cathodic regions

essential for corrosion to occur are established. Grain boundaries

are not the only discontinuities which exist in steel. There are

other differences in chemical composition such as impurities and

varying surface texture which also characterize an increased

susceptibility to corrosion. There is always some characteristic

present in the reinforcement which is sufficient for producing

varying potentials, and therefore increases the probability for

corrosion.
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Fig. 2.4 Body-centered cubic structure of low-carbon steels
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Fig. 2.5 Two-dimensional representation of grain boundaryfor steel (from Ref. 59)
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Another source of potential difference is stress in the

reinforcement. The crystalline structure in the strained areas pos-

sesses a different configuration than the unstrained areas [59>104].

The strained regions become anodic to the unstrained regions, thereby

creating galvanic electrochemical couples. In general, only tension

stresses cause the problem. Tension stresses exert a force on the

grain boundaries of the steel reinforcement surface. As corrosion

develops along the high-energy grain boundaries, tension stresses

open grooves between the grains. This effect exposes the boundaries

to further corrosive attack and continues to accelerate the corrosion

process. This is known as an ’’autocatalytic” process since the

tension stresses act as a catalyst in the corrosion process. In

addition, stress concentrations form at grain boundaries which dis-

rupt any protective film and predispose the reinforcement to con-

tinued attack [lo4]. Stress effects can also occur even in the

absence of grain boundaries at indentations in steel reinforcement.

This phenomenon of corrosion occurring simultaneously with applied

static or cyclic stresses will be discussed further in the sections

on stress corrosion and corrosion fatigue.

Finally, a factor previously recognized and referred to as

passivity actually tends to inhibit corrosion formation. Passivity

is the process of the reinforcement forming a protective film.

Physical and chemical changes in the surface film brought about by

various environmental factors control the reinforcement behavior.
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2.2.1.3.2 Concrete and Environmental Factors. From the

standpoint of total corrosion, the factors in the steel reinforcement

which affect corrosion are not as important as the factors in the

concrete and surrounding environment. Environmental factors are

included with concrete factors in this discussion because it is

difficult to differentiate between the two. This is particularly

true when examining chloride corrosion of steel in concrete. The

following sections consider various chemical and physical factors in

the concrete and environment which affect galvanic corrosion.

Alkalinity and pH. When concrete is first cast, it attains

an alkalinity level in excess of pH 13 [66]. In this highly alkaline

environment a thin oxide film forms on the steel surface which

protects the embedded steel. This is the primary reason steel

reinforcement in concrete is normally very resistant to corrosion.

The integrity and protective quality of the film depends on the

alkalinity. Experience indicates that the pH should not drop below

approximately 11.5 in order to guard against galvanic corrosion [66].

Below pH 9, the protective film on the steel completely breaks down.

The high alkalinity in normal portland cement concrete is

due to small quantities of readily soluble sodium hydroxide (NaOH)

and potassium hydroxide (KOH) and less soluble calcium hydroxide

(Ca(OH)2) [66,106]. Since these compounds are soluble, the basicity

reduces by leaching and carbonation. Carbonation will be discussed

further in another section.
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Oxygen. Oxygen may be considered not only as the essential

factor in galvanic corrosion of steel in concrete, but also as the

one factor primarily responsible for the progress and rate of

corrosion. Dissolved oxygen tends to accelerate corrosion no matter

what the pH of the surrounding concrete is. Unequal distribution of

oxygen over the reinforcing steel surface sets up anodic (least

accessible to oxygen) and cathodic (most accessible to oxygen)

regions. Additionally, factors such as cracking and the porosity of

the concrete allows penetration of oxygen to local areas of the

reinforcement.

Moisture. Electrochemical reactions occur only if moisture

is present. All other factors become insufficient to cause corrosion

in the absence of moisture. Over and above the obvious necessity of

moisture in corrosion, moisture penetration allows external

environmental substances such as salts and dissolved oxygen to gain

access to the reinforcement.

Locke [lo6] presents an indirect reason why moisture affects

corrosion. He states that the moisture content of portland cement

concrete varies widely depending upon the environment surrounding it.

Fully saturated concrete contains 13-15% water by weight and air-

dried concrete as low as 3-5% depending upon atmospheric humidity.

Corrosion reaction rate is inversely related to the resistivity of

the environment surrounding the reinforcing steel. If the

resistivity of the environment is high, the corrosion rate decreases
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since the higher circuit resistance reduces the current flow. This

directly follows from Ohm’s law

(2.6)i = V/R

which indicates that as the resistance increases, the current flow

and thus corrosion rate reduces. Figure 2.6 shows the resistivity of

concrete varies with levels of moisture content as presented by Locke

[lo6]. Dry concrete has sufficient resistance and thus corrosion is

not a problem as long as it remains dry.

Chloride lons. It is known that the presence of chloride

ions increase the corrosion rate. Basically, chloride ions reduce

the pH of the surrounding concrete, making the region more conducive

to corrosion because of the destruction of the protective passive

film on the reinforcement.

Chlorides may be present in the concrete from several

sources. Water soluble chlorides may be introduced into fresh

concrete by the use of aggregates containing chlorides. Salt may be

used in the winter on stockpiles of aggregate, or the aggregate may

be from a marine source, or the mix water may contain salt. The use

of calcium chloride (CaCl 2 ) as an accelerator or other chloride

containing concrete admixtures are major possible sources of chloride

ions. However, by far the largest source of chloride ions,

particularly on bridges, comes from the environment. The use of

deicing salts on bridge decks in winter and exposure of concrete
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Fig. 2.6 Moisture content versus resistivity for concrete [lo6]
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structures located in marine environments are prime targets of

chloride-induced corrosion.

The relationship between the rate of steel corrosion and the

alkalinity and chloride concentration of the concrete is not

completely known, but in principle a relationship exists which is

demonstrated in Fig. 2.7 [9,66]. This figure illustrates the idea of

a threshold chloride concentration which must be exceeded before

corrosion occurs. The figure also qualitatively shows that higher

levels of chloride concentrations can be tolerated provided the

alkalinity or pH increases, thereby ensuring the integrity of the

protective oxide film on the reinforcement.

One interesting phenomenon noted by several researchers

[9,106] relates to the differences in corrosion resulting from the

use of sodium chloride (N?C1) compared to calcium chloride

Figure 2.8 qualitatively demonstrates the observed trends. Even

though chloride ions are being placed in solution with the use of

NaCI, there is an overall increase in the concrete alkalinity which

reduces the corrosion effect. However, NaCI as the deicer is not as

effective as when the ambient temperature is less than 25°F

[lo2].

There is general agreement by researchers on the threshold

chloride level associated with steel corrosion in concrete. This

value is around 1.0 to 1.5 Ibs/cu.yd. by weight of concrete

[85,148,155,161] although values in excess of 1.5 Ibs/cu.yd. have
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Fig. 2.7 Threshold chloride ion concentration required for

corrosion to occur increases as alkalinity (pH)
increases (from Ref. 9)
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Fig. 2.8 Corrosion rate versus chloride content in concrete for

calcium chloride and sodium chloride
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been reported with no signs of corrosion distress evident in the

structural concrete [B5l.

The American Concrete Institute recently revised its limits

for the acceptable levels of chloride ions in prestressed and

reinforced concrete [6]. The established values ensure chloride

levels below those which are known to cause corrosion. Table 2.2

gives these values, which are generally relaxed from previous

standards. The value of 1% for reinforced concrete protected from

moisture is roughly equivalent to the use of 2% by weight of

cement in concrete as an admixture.

Carbonation. Carbon dioxide (CO2) in contact with concrete

reacts with calcium hydroxide (Ca(OH) 2
) forming calcium carbonate or

calcite as shown by Eq. (2.7).

Ca(OH)2 + CO2 + H2O (2.7)

The result is a reduction in the pH of the concrete to approximately

8.5 [66,106], and consequently, a decrease in the protective value of

the concrete. The most important factors affecting carbonation are

permeability and concrete moisture content. In a good quality

concrete, one with a low water-cement (W/C) ratio and low

permeability, the depth of the carbonation zone is not likely to

exceed about 1 in. over the service life of a structure [991.

Therefore, concrete cover over reinforcement which exceeds this value

normally provides adequate protection from corrosion due to
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Type of Member

Maximum Water

Soluble Chloride

Ion (Cl”) in

Concrete, Percent

by Weight
of Cement

Prestressed concrete 0.06

Reinforced concrete exposed to

chloride in service 0. 15

Reinforced concrete that will be dry or

protected from moisture in service

1.00

Other reinforced concrete construction 0.30

TABLE 2.2 Maximum Chloride lon Content for Corrosion Protection

Recommended by ACI [6]
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carbonation effects. Measurements on existing concrete structures in

Germany indicated carbonation depths seldom exceeded 1 in. even after

55 years of exposure [66].

The presence of microcracks due to the effects of internal

and external stress accelerate the penetration of Co£« The

penetration rate of depends on the crack width. Crack widths

below about 0.001 in. ensure slow diffusion of CO2 [66].

Concrete Quality. The permeability of concrete is probably

the single most important factor affecting not only corrosion of

steel in concrete, but concrete durability in general. Concrete of

high permeability possesses a high electrical conductivity thus

facilitating the formation of corrosion cells. This allows the

penetration of deleterious substances such as salts.

The factors which most affect the permeability of hardened

concrete, and therefore its durability, is the water-cement (W/C)

ratio. The W/C ratio plays a dual role in concrete durability. A

lower W/C ratio also increases the concrete strength, and hence

improves its resistance to cracking from internal tension stresses,

such as those generated from steel corrosion products. Figure 2.9

graphically shows that as the W/C ratio increases, the concrete

permeability increases significantly [991.

Unfortunately, there are many diverse opinions on the

required W/C ratio to assure good quality concrete which provides

adequate protection of the reinforcement. The W/C ratios suggested



F ig. 2.9 Influence of W/C ratio on concrete permeability(from Ref. 99)
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by researchers range anywhere from 0.35 to 0.50 [6,33,73]. These

values certainly represent the lower and upper bounds that should be

used. However, general consensus on the optimum W/C ratios appears

to range from 0.40 to 0.45. Several researchers suggest that the W/C

ratio should be linked to the concrete cover used [33]. The use of

higher W/C ratios requires the use of greater concrete covers over

the steel.

Cement Composition. It is known that the tricalcium

aluminate of portland cement reacts with chlorides in solution

and takes out much of the chloride by forming an insoluble compound,

. CaCl£ .
10 [98,155]. For larger amounts of in cement,

the chloride concentration in solution is less at any concrete age,

as shown in Fig. 2.10 [9]. This implies that different cement types

change the corrosion behavior of steel in concrete since they possess

different amounts of Therefore, the theory suggests that

cements with high contents provide a more protective environment

than cements with low contents. This implies that the use of

Type I or 111 cements should provide more corrosion protection than

Types 11, IV or V cements since their contents are much higher.

However, Locke [lo6] presents data contrary to this theory,

suggesting that Types II and V cements protect steel to a greater

extent than Type I. He proposes that the behavior is more complex

than just the removal of chloride ions by reactions with but

instead relates to the total alkalinity of the cement.
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Fig. 2.10 Effect of C,A content on chloride concentration
with time (from Ref. 9)
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There is also evidence that the use of portland-

blastfurnace, portland-pozzolan, and silica-fume cements are

detrimental to corrosion [9,66,106]. These cements reduce the amount

of calcium hydroxide remaining in the hydrated paste of

concrete, thus reducing the overall pH and protective value.

The present knowledge of the corrosion behavior of cements

containing fly ash needs further study [lo6]. There are some

indications that fly ash enhances corrosion protection by reducing

the permeability of concrete.

Concrete Cover. In simple terms, increasing the concrete

cover over steel increases the distance that corrosion producing

elements in the surrounding environment must migrate in order to

cause corrosion. However, the effect of cover thickness is more than

a simple arithmetic relationship. Studies indicate that as concrete

cover increases, the diffusion of oxygen through concrete decreases

as shown in Fig. 2.11. Figure 2.11 also shows that for a given

cover, the diffusion of dissolved oxygen increases for higher W/C

ratios. This lends credence to Verbeck’s hypothesis [9] that for

increased concrete cover and good quality concrete, the diffusion

rate of oxygen and chloride ions to the reinforcing steel is

extremely slow, as seen in Fig. 2.12a. As a result, at the anodic

location a large protective zone stifles corrosion. Figure 2.12b

illustrates the counter effect in which a higher W/C ratio allows
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Fig. 2.11 Influence of cover on oxygen diffusion as W/C varies
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Fig. 2.12 Effect of cover and W/C ratio on chloride-induced

corrosion (from Ref. 9)
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rapid diffusion. This is essentially analogous to having less "good

quality” concrete cover.

Most research studies and actual field experience suggest

that the minimum concrete cover is 2 in. for bridge decks [42,97,116,

1572. Others indicate that 3-in. cover provides good protection

against corrosion [7o]. Houston et al. [7s] suggests good protection

is not a function of cover alone, but the diameter of the

reinforcement, D, as well. Their suggestion limits the cover in

terms of a bar diameter ratio (C/D) to no less than 3. As mentioned

previously, others suggest the concrete cover is tied to W/C ratio

[9,33]. Clear calls [33] for the use of 2-in. cover with W/C = 0.40,

and 3-in. cover with a W/C = 0.50. The current ACI Building Code [6]

requires a W/C = 0.40 for corrosion resistant reinforced concrete

having a 2-in. cover, but allows an increase to 0.45 if the cover

increases by 0.5 in.

Ambient Conditions. Corrosion is greater for concrete

exposed to moist conditions as compared to dry conditions. Corrosion

activity is practically nil at atmospheric relative humidities of 50%

or less [lo4], Likewise, a concrete structure permanently immersed

in water exhibits little or no corrosion of the reinforcement. The

concrete in submerged structures maintains a high pH and a uniform

salt concentration, conditions which are unfavorable for corrosion.

However, probably the main reason why this concrete is protected is



50

that oxygen starvation takes place. No air is available at the

concrete surface, and thus cannot diffuse to reach the reinforcement.

The risk of corrosion is greatest under frequent wet-dry

cycles. Therefore, in marine applications, corrosion is most common

in tidal splash zones. However, Stratfull [l46] cites cases of

severe corrosion distress in concrete piles continuously submerged in

seawater.

Temperature. In general, temperature increases the rate of

all chemical reactions, and thus increases the rate of corrosion.

However, the temperatures to which reinforcement in concrete are

subjected during curing and in service rarely influences corrosion.

Beeby [22] presents interesting data as seen in Fig. 2.13.

This graph shows the amount of corrosion obtained after 150 days’

exposure plotted against the parameter t (r-50), where t is the

temperature in degrees centigrade and r is the relative humidity. He

suggests that in practice while humidity has generally been

recognized as important, the influence of temperature seems to have

been ignored. From this graph it appears that a salty, humid site in

Texas would have about three times as much corrosion as a site in the

northern regions of the North Sea. The relative humidities are

similar, but the higher temperatures in Texas accelerate the

corrosion. However, considerations of the effects of periodic

wetting and drying further complicate this relationship between

temperature and humidity.
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Fig. 2.13 Influence of relative humidity, r, and temperature, t,

on corrosion (from Ref. 22)
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2.2.1.3*3 Influence of Cracking. The role of cracking

in concrete on corrosion is quite controversial, but it can be

divided into basically two schools of thought [21,22,94]. One point

of view suggests that cracks provide access for chloride ions, water,

and oxygen to the reinforcement. Thus, cracks accelerate the onset

of corrosion. The other viewpoint suggests that while the onset of

corrosion is accelerated by cracking, such corrosion is localized,

and that eventually chloride ions penetrate even uncracked concrete

and initiate even more widespread corrosion. The result is that

after a period of time, there is little difference between the amount

of corrosion in cracked and uncracked concrete.

In part, the different points of view can be explained by

the origin, width, intensity and orientation of cracks. For cracks

which are perpendicular to the reinforcement, the corroded length is

not likely to exceed three bar diameters [2l]. In contrast, cracks

which follow the line of reinforcement are probably more damaging

since the corroded length is greater, and, consequently, the

concrete’s resistance to spalling and delamination is reduced.

The subject of the influence of concrete cracking on

corrosion is especially controversial when the results from various

research studies are examined. Several studies [1,2,65,73,127] have

shown that surface crack widths as small as 0.004 in. have led to

significant corrosion of reinforcement. An extensive study conducted

by the Concrete Technology Division of the U.S. Army Engineer
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Waterways Experiment Station at Treat Island in Maine revealed that

concrete specimens with 0.01 in. surface crack widths lead to

deterioration [ls3]- On the other hand, several studies have

indicated the contrary; wider cracks have resulted in less corrosion

than narrow cracks, and cracks up to 0.012 in. have little influence

on corrosion of steel in concrete [73]. Furthermore, Beeby [22]

presents data as shown in Fig. 2.14 which appear to indicate that

crack width has little influence on corrosion of reinforcement in

marine environments, and thus implies that current design recommenda-

tions are requiring unnecessary calculations for surface crack width

as a measure of corrosion protection. In addition, several research

studies have cited data which seems to indicate that limiting surface

crack width to certain values is inappropriate since there is not a

simple relationship between surface crack width and crack width at

the level of the reinforcement [22,73,149].

However, most design codes recognize in some way that cracks

can lead to corrosion. The uncertainty of the relationship between

the level of cracking and corrosion is clearly evident when examining

the maximum crack width recommended by various design codes. The

recommended values range is between 0.003 in. and 0.015 in. [22],

with current practice for North Sea structures approaching almost a

”crack-free” design concept [66]. The current ACI Building Code [6]

implicitly recommends a maximum crack width of 0.012 in. for exterior

exposure. The value is based on years of field experience for normal
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Fig. 2.14 Influence of crack width on corrosion of concrete in

marine environment after 10 years exposure

(from Ref. 22)
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exterior exposure conditions. This recommendation for maximum crack

width clearly did not envision aggressive chloride-containing

environments as evidenced by a provision in the ACI Building Code

that for structures subject to aggressive exposures that special

investigation and precaution are required. The recommendations for

maximum crack width in the current AASHTO Specifications [s] are

slightly more restrictive than those in the ACI Building Code,

limiting the crack width to about 0.011 in. However, AASHTO also has

a special provision stating that concrete exposed to chlorides such

as from deicers may require additional protection in the form of a

waterproof membrane or other measures.

Thus, it is clear that at present there is no consensus on

the role of cracking on corrosion and the acceptable crack width

which will reduce corrosion. The durability tests which are a part

of this research should provide some additional data to help address

this cracking/corrosion dilemma. However, it is important to note

that the lack of conclusive evidence suggesting that there is a

simple relationship between crack width and corrosion has resulted in

several researchers suggesting that the only foolproof method for

ensuring corrosion protection is to strive for a "crack-free" design

which would ensure that a structure would remain free of cracks

throughout its entire service life [102,126].

Most research studies have assumed that concrete cracking is

a result of structural loads. However, microcracks form as a result
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of plastic shrinkage and other time effects, thermal and humidity

gradients, and chemical reactions [9B]. This type of cracking may

not affect structural integrity or durability in the short term.

However, in the long term, a severe microcracking network serves as

passageway for the corrosion producing elements. The effect is

analogous to increasing the overall permeability of the concrete.

2.2.1.3-4 Other Factors. There are two other

secondary, yet important, factors which accelerate the rate of

galvanic corrosion of steel embedded in concrete. One of these

factors is the area effect [26,59]. If the anodic area on the

reinforcing steel is much smaller than the cathodic area as shown in

Fig. 2.15, an unfavorable area effect exists. For a given current

flow in the corrosion cell, the current density is greater for a

smaller electrode than a larger one. Therefore, the greater current

density at the anodic area increases the corrosion rate [s9].

This effect becomes even more important when considering

coatings for reinforcing steel as a form of corrosion protection.

Chips and uncovered areas on coated reinforcement may actually

accelerate corrosion. This effect will be discussed further in the

next chapter.

The other secondary effect which occurs is actually a form

of crevice corrosion [s9]. For the steel reinforcement in concrete

shown in Fig. 2.16, the corrosion risk is actually greatest at the

steel end which has the greatest concrete cover due to the creation
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Fig. 2.15 Unfavorable area effect in corrosion
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Fig. 2.16 Effect of differential oxygen cell
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of an oxygen cell. The steel area least exposed to oxygen becomes

anodic, and thus corrodes. This effect was observed on concrete

pavements in Illinois [l62].

2.2.2 Pitting Corrosion. Pitting is a form of extremely

localized attack that results in holes or ’’pits” in a metal [s9].

Pits on the steel sometimes form so close together that they look

like a rough surface. Generally, a cavity or hole with a diameter

about the same or less than the depth characterizes a pit [s9].

For the case of reinforcing steel in concrete, pitting is

actually an outgrowth of the unfavorable area effect described in a

previous section. Once the protective oxide film is locally

penetrated, an electrochemical or galvanic cell with a very small

anode and large cathode forms. Because of this unfavorable area

ratio, dissolution of the iron at the anode occurs. Practically, the

dissolution can occur only towards the interior of the bar, thereby

giving rise to a pit.

Further, a corrosion pit is a unique type of anodic reaction

[s9]. The term autocatalytic describes the anodic reaction because

the process within the pit produces conditions which are both

stimulating, and necessary for continuing activity in the pit.

Figure 2.17 illustrates this for steel in an aerated sodium chloride

(NaCl) solution. As iron oxidizes in the pit, oxygen reduction takes

place on adjacent surfaces. Because the access of oxygen in the pit
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Fig. 2.17 Autocatalytic process of pitting corrosion of

structural steel in aerated chloride

environment (adapted from [s9])
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diminishes, chloride ions attract the iron ions. Then, essentially

the following reaction occurs:

Fe ++ Cl 2 + 2 H
2
O-> Fe ++ (OH“)

2
+ 2 H

+Cl”

The local acidity in the pit increases, driving down the pH, and

consequently accelerating corrosion. The actual process of pitting

probably initiates at metallurgical flaws in‘the reinforcement [l26],

Pitting is quite serious in tension carrying steel

reinforcement since any reduction in cross-sectional area raises the

steel stress, and thus the possibility of exceeding its strength.

This effect is even more pernicious when considering prestressing

tendons. In that case, small areas of steel carry large tension

forces. Any prestressing tendon failure potentially reduces the

load-carrying capacity of the structural concrete element.

2.2.3 Crevice Corrosion. This form of corrosion is

similar to pitting. The autocatalytic process, chemical reactions,

and the reduction of pH are the same. The primary difference is in

the location of corrosion initiation. In crevice corrosion it occurs

at a geometrical constraint rather than a metallurgical flaw.

This phenomenon is not of particular interest when

considering steel reinforcement in concrete. However, its importance

surfaces when considering steel posttensioning anchorage devices

embedded in concrete, as shown in Fig. 2.18. In the contact areas

between the anchor plate and the chuck barrel, which represents a
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Fig. 2.18 Crevice corrosion in unprotected posttensioning
anchorage assembly
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geometrical discontinuity, chemical reactions deplete the oxygen,

thus accelerating corrosion in these regions.

2.2.4 Stress Corrosion, Hydrogen Embrittlement, and

Hydrogen Blistering. Stress corrosion and hydrogen-caused corrosion

are phenomena which closely resemble each other, but with respect to

mechanisms involved, constitute fundamentally different kinds of

damage. Stress corrosion involves an anodic process, whereas

hydrogen embrittlement and blistering involve cathodic processes.

Stress corrosion refers to cracking caused by the

simultaneous presence of tension stresses and a specific corrosive

medium. For the specific case of reinforcing steel in concrete, the

cracks resulting from stress corrosion begins as electrochemical or

galvanic corrosion. Tension stresses in reinforcement resulting from

applied loads or residual stresses accelerate crack propagation, and

results in an abrupt failure. However, there are few documented

cases of stress corrosion cracking of either nonprestressed or

prestressed reinforcement embedded in concrete [9,73>109].

On the other hand, there have been several reported failures

in prestressing tendons in concrete due to hydrogen embrittlement and

blistering. The most dramatic failure attributed to hydrogen

embrittlement of prestressing was the roof collapse of the Berlin

Congress Hall in 1980 [4l]. Hydrogen-caused corrosion results in

cracking due to the presence of hydrogen in a metal’s lattice

structure in combination with tension stresses.
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In the case of hydrogen blistering, atomic hydrogen, which

forms at steel surfaces, may not recombine to form molecular hydrogen

outside the steel as seen in Fig. 2.19. Instead, small atomic

hydrogen penetrates the steel where it forms molecular hydrogen

within the reinforcement. The equilibrium pressure of molecular

hydrogen in contact with hydrogen amounts to several million psi,

which is sufficient to rupture any known engineering material [s9].

The exact mechanism for hydrogen embrittlement is not as

well known as hydrogen blistering, but the end result is similar with

a loss of strength and ductility. In most instances in practice, the

failure of prestressing tendons due to hydrogen-caused damage

occurred only between the time of posttensioning and grouting

operations [lO9l. Additionally, the failures only occurred at stress

levels well above acceptable initial jacking loads. Although the

potential of abrupt tendon failure is possible due to hydrogen stress

cracking, it should not be of serious concern in most design

applications.

2.2.5 Corrosion Fatigue. This form of corrosion is a

special case of stress corrosion. Its definition is the reduction of

fatigue resistance due to the presence of a corrosive medium [s9].

Normally, ferrous metals such as reinforcing steel and prestressing

tendons possess well-defined fatigue limits in which applied cyclic

stresses below these levels never result in fatigue failure. This is

shown graphically in Fig. 2.20. Nonferrous metals such as aluminum
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Fig. 2.19 Hydrogen blistering mechanism in reinforcing steel

embedded in concrete
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Fig. 2.20 S-N curve for mechanical and corrosion fatigue
of ferrous and nonferrous metals
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show no signs of an endurance limit. No matter how small the stress

range, there is a definite number of cycles which produce fatigue

failure. The difference between mechanical fatigue and corrosion

fatigue is also shown in Fig. 2.20. However, interestingly,

reinforcing steel and prestressing tendons exhibit no endurance limit

when subjected to corrosion fatigue. Herein lies the principal

difference between mechanical fatigue and corrosion fatigue for

steel.

The frequency of cycling does not, in general, affect the

mechanical fatigue behavior. This is the reason mechanical fatigue

tests on structural steel elements can be conducted at a high

frequency and extrapolated to any frequency. However, frequency is

important in corrosion fatigue since it governs the length of time a

metal interacts with a caustic environment.

The final stage of corrosion fatigue is similar to that

which occurs during normal mechanical fatigue [s9]. Final fracture

is purely mechanical by net section reduction, and does not require

the presence of the corrosive substance.

The corrosion fatigue phenomena has not been observed in

reinforced concrete structures to this time [73,104].

2.2.6 Fretting Corrosion. Fretting describes corrosion

occurring at contact areas between materials under load subject to

vibration and slip [591. In concrete structures, fretting corrosion

of reinforcement can occur at crack locations as shown in Fig. 2.21.
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Fig. 2.21 Fretting mechanism of steel reinforcement

in concrete
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As the crack opens and closes under load, friction is developed

because of the relative movement between the concrete and the

reinforcement. As this fretting continues, fatigue fracture results.

Fretting is also known to occur on posttensioned duct with curved

tendons.

The basic requirements for fretting corrosion are as follows

[s9]:

1. The interface between materials must be under load.

2. Vibration or repeated relative motion between two surfaces

must occur.

3. The load and relative movement of the interface must be

sufficient to produce slip or deformation on the material

surfaces.

The relative motion necessary to cause fretting damage has been

reported to be as small as in. [s9]. Thus, current reinforced

concrete bridge design in which cracks of about 0.011 in. are allowed

under service load conditions results in fretting damage, and failure

is manifested as a fatigue fracture of reinforcement. For reinforced

and prestressed concrete, fretting corrosion can be minimized by

reducing and eliminating cracks.

2.3 Corrosion Induced Distress

As previously mentioned, most concrete structures are

largely unaffected by corrosion. Generally, the high alkalinity of
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concrete protects steel reinforcement from corrosion. However, if

the external and internal conditions are such that a corrosive

environment exists, a destructive action takes place at an ever

increasing rate and creates serious problems. The use of deicing

salts on bridge decks or salt water spray in coastal environments

characterize perfect scenarios for internal and external factors

conducive to corrosion.

The effects of corrosion are progressive. That is, the

final stages of severe corrosion distress occur only after early

corrosion signs which forecast the final stages. As corrosion

progresses, the effects become more and more pernicious.

The following sections discuss the various stages of

corrosion distress, which include staining, concrete cracking, and

steel fracture.

2.3.1 Staining. Early symptoms of corrosion distress in

concrete are surface discolorations. In general, the discoloration

is a reddish-brown stain which is the familiar ’'rust” color

associated with rusting of the steel reinforcement. The rust

products travel through cracks or any passageway in the concrete to

the surface. The corrosion products which form, ferrous hydroxide and

hydrated ferric hydroxide, produce the reddish-brown color (see Fig.

2.3).

In some cases, a whitish substance exudes at the concrete

surface, suggesting a leaching or efflorescence. The corrosion
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process itself does not produce efflorescence. However, the presence

of efflorescence is a sign of microcracks and microfissures in the

concrete which allow corrosion producing substances to penetrate to

the steel reinforcement. Efflorescence occurs on the concrete

surface when water percolates through the concrete. Efflorescence

consists of deposited salts that leach out of the concrete, which

crystallize upon subsequent evaporation of water or interaction with

carbon dioxide in the atmosphere. Typical salts include sulfates and

carbonates of sodium, potassium, or calcium, the major constituent

being calcium carbonate E99 3- Also, for the case of bridge decks,

the salts deposited are compounds of any applied deicing salts which

are leached out to the surface. If there are signs of efflorescence

in a bridge deck, rusting and further corrosion distress are likely

in the future. Figure 2.22 shows efflorescence appearing at bottom

surface locations on the deck of a twin-steel girder bridge in

Dallas, Texas.

2.3.2 Concrete Cracking, Spalling, Delamination and

Decomposition. Cracking, spalling, delamination and decomposition of

concrete signal more advanced stages of corrosion distress. It is

possible for each of these effects to be present individually,

simultaneously or to develop in succession. They may appear at

different locations and in varying and different degrees of

development.
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Fig. 2.22 Photograph of efflorescence on the underside of
a bridge deck
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Severe corrosion of reinforcement usually results in

cracking of the concrete in a direction parallel to the

reinforcement. Initially, small cracks and fissures in the concrete

as well as low concrete permeability allow the penetration of

corrosive elements as shown in Fig. 2.23a. Mehta and Gerwick [9B]

propose a corrosion-cracking interaction model which suggests the

need for small cracks in concrete to initiate corrosion, As the

reinforcement corrodes in Fig. 2.23b, iron oxides form around the

periphery of the steel bar or strand. The corrosion products occupy

volumes anywhere from 2 to 15 times that of the base metals from

which they come, as seen in Fig. 2.23c. Wide cracking, as shown in

Fig. 2.23d, results from the internal pressures created by the oxide

rust products occupying a greater volume. When the internal stresses

exceed the concrete tensile capacity, concrete cracks. Cracks caused

by corrosion usually progress most rapidly where shearing stresses

are the greatest and where slipping occurs due to loss of bond [lo4].

However, the loss of bond [lsl] is generally not significant unless

the corrosion cell potential is sufficiently high [lo4].

Spalling is a physical disruption or splitting of the

concrete. Usually, the coarse aggregate fractures and the uncracked

concrete appears to be sound. Spalling is particularly detrimental

to bridge decks because it affects riding quality and the structural

integrity of the deck.
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Fig. 2.23 Concrete deterioration mechanism
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If the cracking and spalling are severe enough, layers of

concrete split and separate. This is known as delamination and

represents final stages of corrosion distress.

Decomposition exists when the cement loses its binding

capacity, and after a period of deterioration the sand and cement

begin to disappear, leaving exposed aggregate. As this process

continues, it can result in a complete loss of cross section [B].

However, there is little or no apparent fracturing of the coarse

aggregates. A whitish calcium residue often appears, especially in

aggregate pockets or depressions.

2.3.3 Steel Pitting and Fracture. The final stages of

corrosion distress result in steel pitting and fracture. Intense

corrosion activity produces localized deep pitting, and thus a severe

loss of steel reinforcement cross section. The loss of reinforcement

cross section reduces the tensile load carrying capacity of the

reinforcement. This effect is particularly critical, if not

catastrophic, for prestressing tendons in which small steel areas

carry large tension forces. The actual fracture of the reinforcement

can be accelerated by fatigue loading as would be the case for

bridges carrying moving vehicular loads.

The final stages of corrosion distress which produce steel

fracturing would be particularly pernicious in the case of unbonded

prestressing tendons. The loss of an unbonded tendon does not allow

for a smooth redistribution of load to other tension components
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compared to grouted tendons which ensure bond. Recent experimental

evidence indicates that in bonded strands, individual wires can

redevelop full strength in 2 to 3 feet [lll]. The energy-absorption

capability of a grouted tendon exceeds that of an unbonded tendon.

For this reason, structural systems which are particularly

susceptible to progressive collapse favor the use of bonded tendons.

2.4 Detection and Evaluation of Corrosion Distress

There are many methods which have been used for detecting

and evaluating the effects of steel corrosion in concrete. These

methods include visual inspection, chaining or sounding for

delamination, chloride content determination, pH level determination,

potential measurements, polarization techniques, petrographic

examination, and x-ray spectography. However, many of these methods

require concrete cores to be brought into the laboratory for testing.

In addition, the laboratory methods require significant technical

expertise to perform them. Also, the evaluation of the results from

many of the tests rely on subjective or statistical interpretations

from previously reported tests.

Erlin and Verbeck [9l, in a recent state-of-the-art review,

suggest one of the real research needs for structures in service is

the development of improved nondestructive methods for detecting

corrosion that is in progress. They further emphasize the need for

determining the degree of actual corrosion damage in structures.
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Spellman and Stratfull [l37] further suggest that for every

researcher studying corrosion of steel in concrete, there is a

different test and evaluation method or variation thereof. In most

instances, the different investigators using their own methods do not

obtain clearly reproducible results. The corrosion of steel in

concrete is a function of many variables, as previously discussed,

and is a highly complex phenomenon; therefore, reliable methods of

corrosion detection and evaluation have developed slowly.

However, there is one method which through refinement and

the test of time has proven to be simple, yet reliable, in the field

and laboratory for determining corrosion. This method is known as

the half cell potential method and has been used extensively in the

corrosion detection of bridge decks [33,42,137,145,147,148]. At

present, this is the state-of-the-art for corrosion detection, but it

provides no information on the rates of corrosion.

The following sections discuss the half cell potential

method for corrosion detection and evaluation, as well as several

other commonly used methods in practice. These include visual

inspection, sounding methods for delamination, chloride level

determination, and post-mortem examination.

2.4.1 Visual Inspec t i on. The easiest and most

straightforward method for detecting steel corrosion in reinforced

and prestressed concrete structures is the visual inspection for rust

staining and cracking. Rust stains that follow the line of
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reinforcement clearly indicate steel corrosion. When corrosion

progresses further, cracking of the concrete cover occurs. As

previously mentioned, cracking is the result of corrosion products

expanding and generating high internal tension stresses.

For a structure in which cracking exposes the reinforcement,

a visual examination of the amount of steel pitting reveals a

quantitative measurement of the reduction in tensile-carrying

capacity. In addition, visual inspection results in a qualitative

assessment of structural integrity. In the case of a bridge deck,

the signs of heavy rust and a marked reduction in cross-sectional

reinforcement area could imply an immediate need for reducing the

load-carrying capacity of the bridge or implementation of

strengthening procedures.

Corrosion progressing to an extent that surface stains and

cracking occur suggests substantial damage. Thus, visual inspection

is not an early corrosion detection method, but in reality a post-

mortem procedure. By visual inspection, no corrosion of embedded

steel can be observed before it is in an advanced stage. In

addition, there are numerous cases cited in the literature [66] in

which severe corrosion occurs without development of severe cracking

and spalling. Thus, for the case of prestressing tendons in which

only a small amount of localized corrosion could cause fracture,

visual inspection would not be a reliable detection method. Also,
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visual inspection by itself does not provide definitive indication of

the extent of corrosion distress.

2.4.2 Sounding Methods. Sounding is an effective and

reliable method for locating undersurface fractures and concrete

delaminations. For a bridge deck, sounding might consist of dragging

a series of chains across the slab or tapping the surface with a

hammer and listening for a hollow sound. Delamination areas produce

a hollow sound, and solid concrete produces a ringing sound. For

delaminations which are particularly deep, use of a 2 to 3 pound

hammer may be necessary [lo6].

For severely distressed structures, sounding provides a

fairly reliable measure of the extent of damage. To determine the

extent of damage, Stratfull et al. [l4B] suggest calculating a

delamination percentage. This ratio represents the total area of

’’hollow soundings” to total concrete area. They indicate that a

percentage ratio which exceeds 1% implies severe corrosion distress.

For one particular bridge [l4s], a percentage rate of 20% resulted in

the full replacement of the bridge deck.

Again, as for the method of visual inspection, sounding

procedures are not early corrosion detection methods. In addition,

the hollow sounds in a structure do not always signal corrosion-

caused concrete delaminations. For example, delamination might

result from freeze-thaw action.
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2.4.3 Chloride Determination. Determining chloride content

in concrete is not a detection method per se, but establishes the

likelihood as to whether or not corrosion is occurring. In addition,

it does not provide an indication of the extent of corrosion

distress. The significance of a chloride analysis lies within the

spectrum of simply determining that the concentration is sufficient

to cause steel to change from a passive to an active corrosion state.

Beyond the threshold value of chloride concentration necessary to

cause corrosion, the rate of corrosion is a function of many

variables, but in particular of moisture content. Therefore, even

though a bridge slab may have more chlorides than the threshold

value, it may not be in an active state when considering ambient and

environmental factors which are necessary for corrosion. Likewise,

if a bridge deck is in an active corrosion state, additional amounts

of chlorides may have little effect on the corrosion.

Most researchers agree that the minimum chloride threshold

concentration to induce corrosion ranges between 1.0 and 1.5

Ibs/cu.yd. Stratfull et al. [l4B] elaborate that there is a good

correlation between the maximum chloride content from a concrete

sample to that calculated by a statistical distribution, using the

maximum quantity at the 95$ confidence limits of the data. Thus,

determining the chloride content in a concrete sample and comparing

that value to a threshold value is a good indication of whether or

not the reinforcement is in an active or passive state of corrosion.
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If the chloride concentration exceeds the threshold value and other

ambient conditions are conducive to corrosion, then the conclusion is

that the reinforcement is in an active corrosion state. Chloride

contents at the level of the reinforcement should be used when

comparing to the threshold value.

Stratfull et al. [l4B] suggest that concrete samples used

for chloride determination can be obtained by coring or drilling. In

fact, they show that samples for chloride analysis can be obtained by

recovering drilling dust, or by cutting and pulverizing the concrete.

2.4.4 Half Cell Potential. As described previously, for an

electrochemical mechanism such as galvanic corrosion to occur, there

must be a potential difference. Potential methods such as the half

cell potential method rely on this known condition for corrosion

detection. In particular, the half cell potential method measures

voltage gradients or drops by use of a high-impedance voltmeter and a

constant voltage reference cell. The reference cell possesses a

constant internal voltage, which allows voltage changes existing on

the reinforcement to be measured. This method provides both an

effective means for determining if corrosion is occurring and the

extent of corrosion distress. However, if corrosion has occurred and

then was arrested by some means, the method proves ineffective in

detecting this.

The half cell potential method can be used to indicate

corrosion activity associated with steel embedded in field or
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laboratory concrete members. This method is applicable for members

regardless of their size or the depth of cover over the reinforcing

steel. It can be used in structures which show no visible signs of

distress to determine when corrosion initiates, or in a structure

which shows severe corrosion distress to determine the extent of

corrosion.

However, half cell potential measurements are not reliable

indicators of the rate or amount of steel corrosion [145,147]. But,

in general terms, it seems reasonable to infer greater amounts of

corrosion for more extensive areas of active potentials. Half cell

potential readings also do not provide estimates of the structural

properties of the steel or concrete.

Stratfull was the first person to describe the use of half

cell potential measurements for corrosion detection [145,147,148].

His continuing work with the method resulted in ASTM C-876 [l2],

Standard Test Method for Half Cell Potentials of Reinforcing Steel in

Concrete.

2.4.4.1 Apparatus and Procedure. The most widely used

reference cell for half cell potential measurements is the copper-

copper sulfate electrode (CSE). Another common, rugged, yet

inexpensive reference electrode is the saturated calomel electrode

(SCE). These electrodes basically differ only in reference

potential. The stable hydrogen electrode (SHE) represents the base

reference and has a potential of 0.000 volts. The CSE reference
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potential is -0.300 volts relative to the SHE. The SCE reference

potential is -0.241 volts relative to the SHE. Thus, to convert CSE

readings to SCE readings, add +0.06 volts [10,72].

Figure 2.24 illustrates the basic configuration and

components of the electrical circuit for half cell measurements. The

voltmeter measures potential differences relative to the reference

half cell potential. Half cell readings are made at discrete points

along the concrete surface. Further details of the procedures are

found in Ref. 12.

2.4.4.2 Interpretation and Presentation of Data.

Stratfull and others [32,42,145,147,148] conducted numerous bridge

deck surveys and experimental tests during the developmental stages

of the half cell potential method. Statistical interpretations of

this data led to the guidelines in ASTM C-876 for interpretation of

hall cell measurements. Table 2.3 summarizes the data interpretation

as presented in ASTM C-876. In addition to the interpretation in

Table 2.3, laboratory tests show severe cracking in specimens in

which half cell measurements numerically exceed -0.50 volts relative

to the CSE or -0.44 volts relative to the SCE. It must be pointed

out that these interpretations are appropriate only for

nonprestressed reinforcing steel since the data was correlated only

to half cell measurements of this material. The half cell method

should be equally applicable to other steel such as that used for

prestressing tendons, but presently no interpretive data correlation
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Basic
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for

half
cell

measurements
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Half Cell Readings (volts)

Interpretation

Relative to CSE Relative to SCE

Numerically < 0.20 Numerically < 0.14 > 90% probability
no reinforcing
steel corrosion is

occurring in the

area

Range between

-0.20 to -0.35

Range between

-0.14 to -0.29

Corrosion activity
is uncertain in

the area

Numerically > -0.35 Numerically > -0.29 > 90% probability
reinforcing steel

corrosion is

occurring in the

area

TABLE 2.3 Interpretation of Half Cell Readings
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exists.

An equipotential contour map provides a graphical

delineation of areas in the concrete structure where corrosion is in

an active state. Figure 2.25 a shows an example equipotential contour

map for a bridge deck.

A cumulative frequency diagram, such as that shown in Fig.

2.25b, provides an indication of the percentage of affected areas in

a concrete structure suffering corrosion distress. The cumulative

frequency corresponding to -0.35 volts relative to the CSE represents

the percentage of the structure suffering corrosion distress.

Likewise, the cumulative frequency corresponding to -0.20 volts

represents the percentage of the structure in which no corrosion is

occurring.

2.4.5 Post-Mortem Examination. By definition, this

procedure is not a corrosion detection method but a method of

evaluating structures after suffering severe corrosion distress

(i.e., post-mortem). The various tests in a structural post-mortem

examination might include visual inspection for rust, measurement of

reinforcement area reduction, chloride analysis, and petrographic

examination. By performing a post-mortem examination of a structure

suffering severe corrosion distress, the overriding reasons for the

cause of corrosion might be identified. This information is helpful

in preventing similar distress in future structures.
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Fig. 2.25 a Equipotential contour map

Fig. 2.25 b Cumulative frequency diagram



CHAPTER III

CONTROL OF CORROSION OF STEEL IN CONCRETE

3.1 Introduction

During the past decade there has been an intensive effort by

private industry, state highway agencies, and the Federal Highway

Administration to solve the "bridge deck problem" [9,28,31,47,60,62,

63,70,71,84,86,87,88,89,96,104,106,115,116,117,118,138,157,161,1632.

With the increasing high cost of bridge deck repair and replacement,

efforts center on different types of alternatives, some of which have

not necessarily been viable nor economical. The potential solutions

suggested range from simply improving concrete quality to the use of

exotic materials on and in the concrete.

The potential solutions of the bridge deck problem fall into

three main groups [7o], The first group includes techniques which

keep chloride ions and other corrosion producing elements completely

out of the concrete. Proposed techniques in this group include

waterproof membranes and impermeable concrete. Alternatives in the

second group seek to keep chloride ions and other corrosive sub-

stances from reaching the steel reinforcement. No special effort is

made to prevent the chloride ions from getting into the concrete, but

the chloride ions are kept out of contact with the reinforcing steel

by the use of barrier coatings on the steel itself or sufficient

concrete cover so that the chloride ions never reach the level of the
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steel. The third category of potential solutions simply provides for

corrosion control. This approach does not prevent chloride ion

penetration into the concrete or to the steel, but attempts to limit

damage by such methods as cathodic protection of the steel or

periodic removal of the chloride ions before they reach critical

levels. Some alternatives are applicable to more than one of the

three primary groups of potential bridge deck solutions.

This chapter reviews the methods that appear in the

literature which have been proposed and used for control of steel

corrosion in bridge decks. Table 3.1 summarizes some of the proposed

solutions to the bridge deck problems which have appeared in the

literature.

Following the discussion of the potential solutions which

have appeared in the literature, the concept of transverse

prestressing of bridge decks is introduced as a viable corrosion

protection alternative.

3.2 Prevention of Chloride lon Penetration

This approach relies on an impermeable layer on top of the

concrete. This layer prevents corrosion by providing an impervious

boundary to chloride ions, moisture and oxygen; thus, the steel

reinforcement never corrodes.

3.2.1 Waterproof Membranes. Waterproof membranes presently

represent the most widely used method of protecting -new decks from
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Group
I

Group
II

Group
III

Prevention
of

Chloride

Steel

Reinforcement

Corrosion

Ion

Penetration

Protection

Control

Waterproof
membranes

Latex
modified
concrete

Galvanized
rebar

Surface
polymer

impregnation

Epoxy-coated
rebar

Cathodic
protection

Polymer
impregnated

precast

Increased
concrete

cover

Chloride
ion

removal

deck
panels

Internally
sealed

concrete

Uncracked
concrete
design

Epoxy

rebonding

Improved
concrete
quality

Improved
concrete
quality

Polymer
rebonding

Use
of

alternative

Thin-bonded
resurfacing

deicing
methods

Sacrificial
anodes

Corrosion
inhibitors

TABLE
3-1

Summary
of

Proposed
Alternatives
for

Solving
the

Bridge
Deck

Problem
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chloride ion contamination, and have been used extensively to protect

existing decks from further contamination [70,155]. Ideally,

impervious waterproofing membranes prevent the absorption of deicing

salts and other aggressive substances into the concrete. One

distinct advantage of waterproof membranes besides improved corrosion

durability is the companion improvement in freeze-thaw resistance.

Numerous organic and inorganic coating materials have been

developed and marketed for providing an improved external

waterproofing for concrete structures. The materials which have been

used commercially include boiled linseed oil, silicones, epoxies,

polyurethanes, methly methacrylates, and sodium silicates.

Vermont is one of the many states which has concentrated on

the installation and evaluation of membrane systems under a pilot

program sponsored by FHWA. Vermont’s experience includes the use of

29 different systems on 70 new bridge decks since 1971 [lss]. Table

3.2 summarizes some of the various waterproofing materials and

systems used on Vermont’s bridges and other commercial applications.

France uses waterproof membranes from bridge edge to bridge edge and

claims to have no deck problem despite the use of deicers.

However, there are many problems which arise with the use of

waterproofing membranes. Many membrane materials have proven to be

ineffective as a nonpenetrable layer [lo6], Although some other

impervious membranes display a certain degree of effectiveness, they

have a tendency to maintain high moisture contents within the
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Boiled linseed oil Siliconate

Epoxies with solids Siloxane

Epoxy-containing polysulfide Isobutylene containing
materials

Methacrylate containing
materials

Aluminum stearate containing
materials

Silane Coal tar paint with filler

Butadiene containing materials Asphalt emulsion with filler

Chlorinated rubber Tar-modified polyurethane

Preformed membrane sheet

TABLE 3.2 Waterproofing Membrane Materials Used on Bridge Decks

in Vermont [lss]
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concrete and thereby reduce the electrical resistivity and actually

accelerate corrosion [lo4]. The membranes appear to increase the

ratio of cathodic areas to anodic areas producing the unfavorable

’’area effect” described previously. The result is a localized and

intensified corrosion. Thus, applying a waterproof membrane in many

cases does more harm than good and this result has been experienced

in practice [104,106].

The greatest long term problem with the use of membranes on

bridge decks is that asphaltic concrete wearing surfaces have a

limited life. Since there is a limit to the dead load that can be

placed on a bridge, additional layers of wearing surfaces cannot be

added indefinitely. This necessitates the eventual removal of the

wearing surface with an accompanying removal of the waterproof

membrane. Such removal and reconstruction is very difficult and

expensive, particularly in high density traffic areas.

Another problem area includes the use of waterproofing

membranes on existing bridge decks. There is considerable

controversy about the appropri ateness of placing them on decks in

which the steel has been or is in an active state of corrosion. This

application does nothing for the existing problem, and again may

actually accelerate the existing corrosion process.

Some of the suggested membrane materials have very poor

frictional characteristics which results in a dangerous riding

surface. In addition, many of the materials and the associated
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installation are extremely expensive. The installed cost can be as

high as $65/sq.yd, even though the average cost is probably closer to

$lO/sq.yd. [lss]. This is in addition to the cost of the concrete

bridge deck.

3.2.2 Surface Polymer Impregnation. Surface polymer

impregnation is an emerging solution which basically offers the same

protection as a waterproof membrane. The method involves the use of

polymer-impregnated concrete (PIC). PIC is relatively impermeable to

chlorides. To achieve greater economy, only the top surface of a

bridge deck is impregnated. This partially impregnated concrete is a

variation of PIC which is specifically designed to increase

durability rather than to achieve high strength. This permits

savings in monomer, which is the expensive binding material in PIC,

and permits ease of impregnation as compared with full impregnation

of the concrete. Laboratory tests [lss] and field experience

indicate that a penetration depth of 1 in. is sufficient to prevent

chloride penetration into the concrete. Surface polymer impregnation

has been used on bridge decks in Texas, Colorado, Idaho, California,

and New York. Additional advantages of surface polymer impregnation

besides the improved corrosion durability include increased

resistance to abrasion, scaling, and freeze-thaw attack.

At its current state of development, surface impregnation is

slightly more expensive than waterproof membrane systems, with

average costs estimated at around sls/sq.yd. [lss]. The most
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expensive application to date was SSO/sq. yd. for a bridge deck in

Texas [lss].

There can also be additional maintenance problems associated

with surface polymer impregnated bridge decks. Cracks which develop

on the surface must be sealed to guarantee a salt-free structure.

3.2.3 Polymer Impregnated Precast Deck Panels. Totally

impregnated precast bridge deck panels is a solution which has been

suggested for new bridge construction, and for use on bridges where

total replacement of the deck is selected as the repair method. The

Fedearl Highway Administration, Bureau of Reclamation, and the

Prestressed Concrete Institute conducted a program studying the use

of precast, prestressed, polymer impregnated concrete panels for

bridge decks [lss]. The study concluded that impregnated panels met

structural design requirements for a bridge deck, and in fact could

be designed to take advantage of the strength and other physical

properties of PIC. However, to date no bridge deck has been built

using this method.

The structural system involves the use of PIC deck panels

which are placed between bridge girders and then topped with a thin

layer of portland cement concrete.

Present cost estimates reveal that impregnated precast

panels is the most expensive alternative of those that could be

installed during construction. The cost estimate is as high as twice

that of a conventional bridge deck with a waterproof membrane.
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However, where repairs must be done as expediently as possible, such

as in urban areas, precast PIC panels may be less expensive than

conventional techniques when considering the cost of closing the

bridge for a long period of time.

3.2.4 Internally Sealed Concrete. Internally sealed

concrete is one of the newest approaches to providing an impermeable

concrete. It refers to concrete in which wax placed at numerous

points blocks the capillary and void system within the concrete.

Thus, internally sealed concrete provides a waterproof barrier which

prevents the penetration of chloride ions, water and oxygen. The wax

material is relatively inexpensive, and installation is fairly easy.

Its overall cost is competitive with the less expensive membrane

systems. At present, internally sealed concrete has only been used

experimentally in the field.

Like other surface membrane systems, internally sealed

concrete also suffers from the problem of cracks which develop due to

applied loads.

3.2.5 High Quality Concrete. A high quality concrete is

imperative to ensure the corrosion protection of reinforcing steel.

High quality concrete coupled with another protection method produces

an overall protection greater than the sum of their independent

protective values. High quality concrete is more impermeable and

possesses a greater electrical resistivity, thus reducing the

likelihood of corrosion.
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The water-cement (W/C) ratio is the single most important

factor affecting the protection offered by concrete against

corrosion. As discussed in Chapter 11, a W/C ratio in the range of

0.40 to 0.45 ensures a high quality concrete, and is achieved at a

relatively low cost. The ACI Building Code [6] recognizes the

importance of high quality concrete for structures exposed to deicing

salts by requiring a W/C ratio of 0.40 or less.

3.2.6 Nonchloride Deicers. The use of nonchloride

containing deicers eliminates aggressive chloride ions from the

bridge deck instead of providing a physical barrier to their

penetration. However, this solution ignores the problem of a bridge

in a marine environment.

Many states and municipalities use sand and other abrasive

materials to provide traction on icy bridge decks. However, sand has

only limited application since its success is greatest in

environments in which the ambient temperature is not much less than

32°F.

Recently, a federally coordinated project investigated

alternatives to using rock salt for bridge and highway deicing. The

most promising alternative identified in that research program was

calcium magnesium acetate, which does not contain the corrosion-

accelerating chloride ion nor the water-polluting sodium ion.

However, at present there is no commercially available source or

production method for this deicer.
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The most exotic solution to the use of chloride-containing

deicing salts is the use of heated bridge decks. Electrical cables

placed at approximately 6 in. centers generate enough heat to melt

ice and snow. This solution was used on an elevated bridge in

Louisville, Kentucky, but it increased the cost of the structure

significantly [6o].

3.3 Steel Reinforcement Protection

This method of corrosion protection does not specifically

try to control the penetration of aggressive corrosion elements into

the concrete, but limits their direct contact with the steel

reinforcement.

3.3.1 Latex-Modified or Polymer Concrete. Within the

second group of corrosion protection solutions, latex-modified or

polymer concrete represents the most widely used approach [7o]. The

concrete consists of the same materials as portland cement concrete

with the addition of a latex modifier. The latex modifier is

generally a polymer such as styrene butadiene, and the resulting

mixture is sometimes known as polymer concrete (PC).

Latex-modified or PC achieves its corrosion protection by

reducing the air void system and concrete permeability. Many

researchers classify the concrete as a waterproof membrane; however,

it is not just a surface barrier. The waterproofing in essence

extends the full depth of a concrete bridge deck. The material has a
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relatively long and successful history as a repair material, but has

only recently been used in new bridge construction [70,155].

Presently, latex-modified concretes are initially more

expensive than portland cement concretes with a surface waterproof

membrane. The cost estimates are as high as $3OO/cu.yd. for PC

compared to $5O/cu.yd. for normal concrete. However, it requires

less maintenance than many of the other systems described thus far,

such as a waterproof membrane system. Probably its best use in the

future will be as a repair material for partially deteriorated bridge

slabs.

3.3.2 Epoxy-Coated Reinforcement. The use of nonconductive

coatings such as an epoxy-coating on steel reinforcement represents

one of the most promising methods of combatting corrosion in bridge

decks and other concrete structures. This type of coating is funda-

mentally different than galvanizing since epoxies are electrically

nonconductive. The objective of epoxy-coated reinforcement is simply

to isolate the steel from contact with oxygen, moisture and chlor-

ides. Most of the present discussion relates only to epoxy-coated

nonprestressed reinforcement, even though epoxy-coated prestressing

strand is now commercially available [74],

The first field application of epoxy-coated reinforcement

was a bridge constructed in 1973 in Philadelphia, Pennsylvania.

Since that time Delaware, Florida, Idaho, lowa, Texas and many other

states have built bridges using epoxy-coated reinforcement. To date,
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there is no visible evidence of corrosion distress in any bridge

built using epoxy-coated reinforcement.

The National Bureau of Standards (NBS) conducted extensive

testing of 47 different epoxy coatings for use on reinforcing steel

[134,1551. The evaluation of these tests resulted in the

identification of seven epoxies suitable for use in reinforced

concrete construction. These epoxies were judged to have acceptable

creep characteristics and are economical and commercially available.

At present there are more than 20 manufacturers of epoxy-coated

reinforcing steel. Static pullout tests have suggested that epoxy-

coatings have good bond properties, but questions still exist about

their performance in high bond or cyclic bond situations [7].

Current ACI recommendations [7] suggest caution when using epoxy-

coated bars in these applications.

One of the largest problems with the use of epoxy-coated

reinforcement is the special handling procedures which must be used.

Bending bar machines must be modified in order not to damage the

coating during shaping. Bars must be picked up with special sleeves

in order to avoid damage. On the job, workers must be careful not to

damage the bars when walking on the reinforcement cage. Special

plastic-coated ties must be used to tie reinforcing bars together.

To place the reinforcing bars at proper height requires the use of

special plastic or plastic-coated chairs. And, before casting

concrete, defects in coating must be repaired manually.
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One major concern with epoxy-coated reinforcement involves

defects in the coating. If a defect in the epoxy coating goes

undetected, as shown in Fig. 3.1, the exposed steel represents a

location of possible corrosion. Any aggressive elements such as

chloride ions surrounding the defect could attack the steel and lead

to localized corrosion. North American philosophy tolerates slight

damage to the coating. The acceptable level of damage to the coating

is specified in ASTM A775, which is the Specification for Epoxy-

Coated Reinforcing Steel Bars. However, European thought suggests

that all defects in coating should be repaired before concrete is

cast [l63].

Another disadvantage of epoxy-coated reinforcement is that

it does not improve other durability aspects of the concrete such as

freeze-thaw resistance. Consequently, the protective value of the

coated steel is lost if high quality concrete is not used. However,

it does have the advantage that it works well in other applications

such as concrete in marine structures.

The in-place costs of epoxy-coated reinforcement seems

competitive. The cost of the epoxy-coated reinforcement itself

ranges from 40 to 100% more than conventional reinforcement

[28,63,155,163]. However, considering the total cost of a bridge

structure, one researcher suggests that the increased cost of using

epoxy-coated reinforcement is only about 3 to 5% [2B]. This increase



Fig. 3.1 Possible localized corrosion of epoxy-

coated reinforcement at a coating defect
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is of little consequence when considering a bridge which will

possibly be maintenance free for 20 years.

One idea suggested for bridge structures in which deicing

salts will be used is the use of epoxy-coated reinforcement for only

the top mat of the bridge deck. At present, the use of epoxy-coated

reinforcement for the top mat is not mandatory, but the Federal

Highway Administration strongly endorses the idea [1631. However,

for bridges in marine environments, all reinforcement would need to

be epoxy-coated. The Florida Department of Highway and Public

Transportation mandates the use of epoxy-coating for all

reinforcement in Florida bridge decks where a saltwater environment

presents the potential for corrosion [l4o],

3.3.3 Increased Concrete Cover. Increasing the concrete

cover from 2 in. to 3 in. increases the distance aggressive elements

must penetrate to cause corrosion of steel reinforcement. Thus, the

thicker the cover, the more protection it provides. However, most

researchers [9,89,157] agree that increased cover affords little

additional protection to the reinforcement without a simultaneous

specification of a high quality concrete.

Research studying the effect of increasing concrete cover in

bridge decks from 2 in. to 3 in. has resulted in conflicting opin-

ions. One study indicates that an increased cover to 3 in. improves

durability tremendously; however, the incidence of cracking is also
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increased [B9]. Other research indicates that the present

specification of a high quality 2 in. concrete cover is adequate [9].

Considering the cost aspect and the questionable additional

corrosion protection offered to the reinforcement with increased

cover, the FHWA presently precludes the use of 3 in. cover in bridge

decks as a sole form of corrosion protection [B4]. Without some

additional conclusive research in the use of increased cover, at

present the option of a 3 in. cover without some other form of

protection does not appear to be a viable alternative.

3.3.4 "Crack-Free" Concrete Design. This concept of

corrosion protection for bridge decks has received little attention

in the past. The idea is that eliminating structural cracks in

concrete reduces the network by which aggressive elements penetrate

the concrete, and thereby minimizes the likelihood of corrosion.

According to a transformed uncracked section concept in

reinforced concrete design, gross amounts of reinforcing steel would

be required to ensure a ”crack-free” section. However, the concept

of "crack-free'’ design is feasible in conjunction with prestressing,

and will be discussed in the section on transverse pretressing of

bridge decks as a form of corrosion protection.

3.4 Corrosion Control

This approach to corrosion protection attempts to neither

directly prevent aggressive substances from entering the concrete nor

to prevent them from coming into contact with the steel. Instead,
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the concept controls corrosion or calls for the removal of chloride

ions before they reach critical levels.

3.4.1 Galvanized Reinforcing Steel. Among the third

classification of potential solutions of the bridge deck problem, the

most widely used method is galvanized reinforcing steel. In

galvanized reinforcing steel, instead of the coating preventing

contact with the steel, it simply controls the corrosion process.

Figure 3*2 depicts a section of galvanized reinforcement,

Referring to Table 2.1, it shows zinc (Zn) is anodic to iron (Fe),

and therefore has more of a tendency to go into solution. If the

reinforcement is subject to an aggressive environment, the zinc

coating becomes the anode and corrodes, thereby protecting the

underlying steel. In other words, the zinc galvanizing acts as a

’’sacrificial” anode.

Metal coatings other than zinc, such as copper and nickel,

have been tried. However, these metals are cathodic to steel, thus

galvanic coupling between steel and these metals might actually

accelerate corrosion since the steel is the anode. Furthermore, this

results in an unfavorable area effect which also accelerates

corrosion. The acceleration of corrosion with the use of metallic

coatings such as copper and nickel has been substantiated by research

[9l.

Therefore, the most widely used metallic coating is zinc,

and in general, the term galvanized reinforcement implies zinc



Fig. 3.2 Galvanized reinforcing steel



107

coating. The most reliable production method of galvanizing is a hot

dip procedure where bars are simply immersed in a liquid zinc bath

[lo6].

Galvanized reinforcement was used in a bride in Bermuda

built in the 1950’5, and 21 years later showed no evidence of

distress [Bs]. However, there are some recent studies with

conflicting results on the use of galvanized reinforcement

[9,105,110,156]. These studies report that galvanized reinforcement

under conditions in which chloride concentrations are high results in

substantial corrosion of the zinc followed by corrosion of the steel.

In many instances, galvanizing does appear to have a

beneficial effect in reducing corrosion, but the success is by no

means universal. Some suggest [9] that galvanized reinforcement be

used in applications where chlorides would not be expected. This, of

course, would eliminate its use in bridge deck applications where

deicing salts might be applied and in marine environments. With

highway agencies’ interest presently focused on the use of epoxy-

coated reinforcement, the use of galvanized reinforcement has waned

in recent times even though the cost of galvanized reinforcement is

substantially less than epoxy-coated reinforcement [lo6].

3.4.2 Cathodic Protection. Arresting corrosion of

reinforcing steel by impressing a current on the steel through a

conductive overlay is perhaps the newest approach that has received

widespread interest by state and federal highway agencies. Cathodic
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protection relies on electrochemical principles to arrest corrosion

by making the steel reinforcement a cathode. Reinforcement placed in

a current receiving mode becomes cathodic, and thus corrosion stops.

It eliminates corrosion attack of the steel and repels dissolved

chloride ions. Cathodic protection may be used as a preventative

maintenance procedure or as prevention of further damage to concrete.

Figure 3-3, which plots voltage versus corrosion rate,

illustrates the basic electrochemical mechanism by which impressed

current cathodic protection works for corrosion of steel in concrete.

The intersection of the oxidation and reduction reactions defines the

point at which corrosion occurs. At this point, the corrosion rate

is given by i
corr

and the potential by Ecorr .
For steel in concrete,

the value E
corr

i s around -0.35 volts with respect to the copper-

copper sulfate reference electrode. However, if the potential is

changed to E
c ,

the corrosion rate decreases to i
c

«
To change the

potential to E
c requires an impressed current equal to i

ap p«
For

steel in concrete, the potential (E c
) which must be maintained to

achieve adequate cathodic protection is between -0.50 to -0.85 volts

[9].

Cathodic protection has been used extensively in the United

States for the protection of concrete pipes buried in soil [9]. In

the mid-1970’5, the Federal Highway Administration sponsored a

demonstration program for cathodic protection of bridge decks.
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Fig. 3-3 Impressed-current cathodic protection
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Additionally, several research programs have been conducted on

cathodic protection [62,71,155,161].

However, the lack of success with the bridge programs and

research studies forecast a bleak outlook for the future of cathodic

protection [62,71,106]. One problem with the method is achieving a

uniform level of potential across an entire bridge slab. Some areas

of the structure do not have enough potential, leaving that portion

unprotected. In addition, the method requires a conductive overlay

which increases the dead load of the structure. The cost of a

cathodic protection system ranges from $l5/sq.yd. to $5O/sq.yd. with

the average probably around $2O/sq.yd. to $25/sq.yd. [lo6].

3.4.3 Chloride lon Removal. This particular method has not

received much attention as a practical method of corrosion

protection. It really is a maintenance procedure which requires

periodic removal of chloride ions from a bridge deck. It does

nothing to rehabilitate a bridge deck which might have been or is in

an active state of corrosion.

An electrochemical method of chloride ion removal from

concrete was developed under a research study sponsored by FHWA [7o].

However, at present it has not been used for a field application, and

therefore no cost estimates are available. Its application appears

best-suited for the removal of chlorides from bridge decks in which

no corrosion has occurred. Some other form of protection such as a
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waterproof membrane would then be required in order to eliminate

further contamination of the deck.

3.4.4 Corrosion Inhibitors. A corrosion inhibitor is an

admixture that is used in the concrete to keep embedded steel from

corroding. Since it does not actively limit the penetration of

aggressive substances and does not prevent contact with the steel,

corrosion inhibitors are generally classified as a method of

corrosion control. The most widely used corrosion inhibitor in

concrete is calcium nitrite. Inhibitors react with existing

corrosion products to form an extremely insoluble film which protects

the steel surface.

Calcium nitrite was first used in Japan to facilitate the

use of salt bearing beach sands in reinforced concrete. Since the

mid-1970’5, considerable research in the U.S. has been conducted in

the use of calcium nitrite. In general, the data indicates that

calcium nitrite is a viable corrosion inhibitor for concrete [1063.

However, there seems to be a critical chloride to calcium nitrite

ratio above which corrosion will occur. Clear [lo6] indicates that

the chloride to calcium nitrite ratio should not exceed 1.5 during

the life of a concrete structure to ensure protection.

Thus far, there are no known applications of bridge decks in

which calcium nitrite was used. In other applications, the costs

indicate calcium nitrite to be relatively inexpensive compared to

other corrosion protection systems. Calcium nitrite has the added
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advantages that it increases compressive and flexural strengths,

decreases shrinkage and has no effect on freeze-thaw durability.

3.4.5 Thin-Bonded Concrete Resurfacing. This method

provides corrosion protection and control for existing bridge decks

only and does not apply to new construction. It is essentially a

maintenance procedure used to prolong the useful service life of a

bridge. The Portland Cement Association (PCA) has prepared a

comprehensive information sheet on concrete resurfacing as a repair

procedure for corrosion deteriorated concrete [lls].

The concrete used for resurfacing can be portland cement

concrete with a low W/C ratio, or a latex-modified concrete using a

polymer or epoxy as a binding agent. The cost of resurfacing can be

quite expensive, but in certain applications may be less expensive

and much faster than replacement of a bridge deck.

3.5 Transverse Prestressing for Corrosion Protection and Control

Each of the solutions discussed under the three

classifications of corrosion protection of bridge decks basically add

to the cost of the overall structural system. In some cases the

corrosion protection alone is as expensive as a conventional

structural slab. Besides the excessive costs of some of the proposed

corrosion protection methods, many have proven to be ineffective in

research studies and actual field applications.

One new solution which has been suggested, most notably by

Tedesko [lso], as a form of corrosion protection of bridge decks is
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transverse prestressing of bridge decks. The use of transverse

prestressing, as illustrated in Fig. 1.4, eliminates or at least

diminishes tensile stresses within the concrete, and thereby

eliminates cracks or keeps them to a minimum. Transverse

prestressing prevents the entrance of aggressive substances into the

concrete as well as limits their direct contact with steel

reinforcement. The compression induced by prestressing results in a

less permeable concrete. Since prestressing generally requires a

higher minimum concrete strength than that used in conventional

reinforced concrete decks, less cracking results because of higher

tensile strength.

However, unlike many other corrosion protection schemes of

bridge decks, transverse prestressing offers possible economic

advantages. Tedesko presents a convincing argument in a recent paper

[l6o] when he states:

Some engineers erroneously conclude that the cost of a bridge
must increase due to the cost of the transverse post-tensioning
and the use of a concrete of higher quality. While the unit

cost of the concrete goes up, it is possible to increase

considerably the span of the deck between webs; this decreases

the number of webs, saves formwork, saves concrete, saves

weight, and therefore effect savings in the cost of the steel

for longitudinal action and reduces the cost of the

substructure.

In this case, Tedesko is referring to the use of transverse

prestressing in box-girder bridges but the same reasoning applies for

conventional, composite slab-girder bridges.
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In addition, it may be possible to decrease the actual slab

thickness, which also reduces cost as well as the load that must be

carried by the supporting bridge substructure.

However, there are some critical concerns with its use.

Even though the deck slab may be better protected with transverse

prestressing, the primary tension-carrying element is prestressing

steel which is susceptible to vigorous corrosion attack. In fact,

the corrosion of prestressing tendon is more critical than

conventional reinforcing steel since prestressing carries higher

tension forces per unit area of material. The use of transverse

prestressing in bridge decks must ensure protection of the

prestressing tendon. Also, posttensioning applications require the

use of anchorage hardware, usually made of low-carbon steel, which

too must be protected from corrosion. At present, many state highway

agencies do not permit the use of prestressing in bridge decks since

there is no known way to eliminate the potential for corrosion [l4o].

Research findings in this study and the recent developments of epoxy-

coated prestressing strands may remove this restriction.



CHAPTER IV

TRANSVERSE PRESTRESSING

4.1 Introduction

Even though the idea of transverse prestressing in bridge

decks for corrosion protection is relatively new, there have been

previous applications of transverse prestressing, particularly in

box-girder bridges. This chapter reviews previous applications and

studies of transverse prestressing and current prestressing

technology, code provisions and practices which are applicable to its

use.

4.2 Previous Applications of Transverse Prestressing

An extensive literature review revealed that the earliest

applications of transverse prestressing in bridge decks were in

Europe around 1960 [lso], The primary motivation for its use was to

increase the length of cantilever overhangs in box-girder bridges and

to reduce the number of interior webs as illustrated in Fig. 4.1.

The reduction in number of webs reduced construction costs.

Transverse prestressing was also used in pier regions to reduce

congestion in reinforcing steel layout, to achieve positive

connection between longitudinal beams, and in decks of voided-slab

bridges. In the earliest applications, the idea of enhanced

durability in bridge decks was not recognized.
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Fig. 4.1 Tranvsverse prestressing in box-girder bridges
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In contrast to the early European applications, the first

American application was a twin-steel girder expressway bridge built

in Dallas, Texas, in the early 1970’s [l2s]. The concrete deck was

posttensioned longitudinally as well as transversely. In this case,

prestressing was specifically used for crack control and to minimize

maintenance. Thus far, the bridge deck has shown no signs of

deterioration. Design studies in connection with the Dallas bridge

concluded that transverse posttensioning should not be used while

maintaining composite slab-girder action. This conclusion was based

on lack of experimental or analytical evidence. The designers were

concerned with possible detrimental interaction between the concrete

deck and supporting girders during transverse posttensioning. The

bridge was designed so that the slab would slide over the beams

during posttensioning. In fact, the beam-slab interface was greased

to reduce friction. Because of the conservative design philosophy,

much of the possible cost reduction was lost due to avoidance of

composite action.

Based on their previous experience with the Dallas bridge,

the primary interest of the Texas State Department of Highways and

Public Transportation (TSDHPT) in the present investigation is the

feasibility of transverse prestressing in composite cast-in-place

decks of standard-type slab-girder bridges. It is possible that

noncomposite slabs may have to be east and stressed with subsequent

shear transfer devices installed to produce composite action.
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However, it is hoped that procedures can be developed and verified

experimentally and analytically to permit transverse posttensioning

without requiring subsequent major steps to develop composite action.

Since the Dallas bridge, there have been several other

transversely prestressed bridges built in the United States [37,571.

All have been box-girder type bridges, with posttensioning used in

the cast-in-place bridges, and pretensioning used in the precast

segmental bridges. Again, as for their earlier European

counterparts, the primary motivation for transverse prestressing in

these bridges was to maximize the length of cantilever overhangs and

decrease the number of interior webs. Table 4.1 summarizes some of

the bridges built around the world which have utilized transverse

prestressing [17,25,37,44,57,75,76,77,78,79,80,81,82,150].

A recent nonbridge application of prestressing in highways

for the specific purpose of improving durability was a prestressed

concrete road pavement built in Lubbock, Texas [so], The town

officials allowed the prestressed pavement to be substituted for

reinforced concrete because ”... they thought prestressing would hold

up better to the site’s severe conditions." The prestressed concrete

pavement was installed at a cost of $lB/sq.yd. instead of $24/sq.yd.

estimated for a reinforced concrete pavement.

There have been a few studies of transverse prestressing in

bridge decks. However, they were primarily conceptual studies with

little, if any, information on tests or measurements. They dealt
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Bridge
and

Location

Year

Remarks

England Hammersmith
Flyover,
London

1961

Box

girder;
transverse

prestressed
bars

over

the

piers

Western
Ave.

Project,
London

1968

Three
single
box

girders;
posttensioned

France Choisy-le-Roi,
Paris

1965

Two

single
boxes;

posttensioned

Rhone
@

Pierre
Benite

1965

Two

single
boxes;

posttensioned

Oleron
Viaduct

1965

Box

girder;

posttensioned

Pont
Aval

1967

Two

single
boxes;

posttensioned

Le

Pont
de

Brontonne

1970

Box

girder;

posttensioned

Viaduct
of

Lake

1979

Box

girder
with

cantilevers;
prestressed
in

transverse
connection
at

beams

TABLE
4.1

Summary
of

Transversely
Prestressed
Bridges
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TABLE
4.1

Summary
of

Transversely
Prestressed
Bridges

(continued)

Bridge
and

Location

Year

Remarks

Denmark Standard
motorway

bridges

1970

Monobeam
plus

cantilever
wings;

posttensioned

for

widths
greater
than
11

meters

Italy Sarno
Viaduct

1976

Single
cell
box

girder;
precast
pretensioned

Switzerland Gruyere

1978

Box

girder

Le

Pont
du

Cucloz

St.

Legeir

Pretensioned
prestressed

Lehnenviaduct

Prestressed
at

the

pier

Beckenried
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TABLE
4.1

Summary
of

Transversely
Prestressed
Bridges

(continued)

Bridge
and

Location

Year

Remarks

Finland Ahtarinsalmi

Posttensioned
framed
bridge

Austria Bridges
of

the

Tauern
Highway

1980

Box

girder
with

inclined
slab;

pretensioned

prestressed

Vienna’s
Reichsbrucke

1981

Box

girder;
minimal

pretensioning

Germany Brudermuhl
bridge

1971

Demountable
box

beams;
used

transverse
prestres-

sing
to

achieve
positive
connection

between

beams
without
in-situ

concrete

Australia Pumicestone
Road

Overpass

1970

Five

girder
bridge;

posttensioned
in

cross-

girder
over

the

pier
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TABLE
4.1

Summary
of

Transversely
Prestressed
Bridges

(continued)

Bridge
and

Location

Year

Remarks

South
Africa

Port

Elizabeth
Freeway

1971

Box

girder;
transverse

prestressing
over

columns
and

portal
frame
supports

Canada Highway
403

underpass,
Ontario

1979

Continuous
voided

concrete
bridge

United
States

Dallas
Highway
Bridge

1970

Twin
steel
girder;

noncomposite
slab

Pine

Valley
Creek

Bridge,

San

Diego

1974

Posttensioned
box

girder

Eel

River
Bridge,

California

1976

Posttensioned
box

girder
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TABLE
4.1

Summary
of

Transversely
Prestressed

Bridges
(continued)

Bridge
and

Location

Year

Remarks

United
States

(continued)

Long
Key

Bridge,
Florida

1980

Pretensioned,
precast

segmental
box

girder

Houston
Ship

Channel
Bridge

1982

Cast-in-place
segmental,
transversely

posttensioned
with

threaded
bars

Kishwaukee
River
Bridge

1982

West

Seattle
Bridge

Bid

1980
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with precast pretensioned units for deck replacements, and completely

ignored composite cast-in-place decks [24,68,141]. There was one

study [4s] in the 1960’s on the influence of transverse prestressing

on the strength of prestressed concrete bridge slabs. However, this

study focused only on flat-plate type slabs with no supporting

girders. Further literature review revealed there have been no

analytical or experimental investigations concerning the use of

transverse prestressing in composite cast-in-place decks.

Several companion investigations have been completed as part

of the present overall research program on the application of

transverse prestressing in bridge decks being conducted at The

University of Texas at Austin. Almustafa [4] developed techniques

for the analysis of transverse prestressing effects in bridge decks.

His study included a parametric investigation of various structural

effects using three-dimensional finite element analysis. Results

from the design, construction and testing of a model bridge were

presented by Mora [lo3] and Ralls [l24]. Their work primarily

involved the experimental investigation of structural effects in the

application of transverse prestressing to a composite slab-girder

bridge model. The experimental behavior of the model bridge to

vertical loads was reported by Phipps [ll3].

4.3 Prestressing Systems for Bridge Decks

There are three possible systems which can be used for the

application of transverse prestressing in bridge decks. The first is
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the utilization of pretensioned prestressing. This system is

probably best suited for precast deck systems. Pretensioning used in

conjunction with a cast-in-place deck would require large structural

bulkheads to maintain the prestressing until the deck is cast and the

subsequent transfer of force into the hardened concrete can take

place. The most common method for stressing tendons is mechanical

jacking. However,’ in Russia, the electrothermal method of

prestressing has found wide usage in pretensioning. Electric current

is used to heat and expand prestressing steel, which is then held at

the ends. As the steel cools and tends to shrink, it is stressed

[90,91]. In pretensioned systems the details of the protection of

the ends of the tendons become critical. They provide a channel for

moisture to enter the concrete if not fully encapsulated. Also, as

previously discussed, the use of unprotected prestressing tendons,

which is common in pretensioning applications, has been severely

limited by federal and state highway agencies until further research

indicates no potential for corrosion [l4o].

The second and third systems applicable to transverse

prestressing involve the use of unbonded and of grouted

posttensioning, respectively. The use of posttensioning is most

prevalent in cast-in-place construction. Stressing of tendons in

posttensioning is generally achieved by mechanical stressing with

hydraulic rams. The electrical method of prestressing has been used

for posttensioning although it has been found to be uneconomical
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[9l]. In the bonded system the tendons are posttensioned and then

grouted. The degree of protection provided by the grout varies

considerably depending on the grout and grouting procedure [lo2]. In

the unbonded system the tendons are left unbonded but are afforded

corrosion protection through external coverings such as extruded

plastic-coating and grease or wrapping with sisal kraft paper. The

greases which are used sometimes contain anti-corrosives or corrosion

inhibitors [s4], However, unbonded systems have not been widely

accepted in bridge applications because of the concerns for corrosion

protection and for control and distribution of cracking due to

overloads. Both posttensioning systems require protection of the

anchors. However, a distinct advantage of the grouted system is that

failure of the end anchors should not significantly impair the

structural integrity of the bridge if effective bonding has been

achieved.

There is a wide variety of systems available for both types

of posttensioning applications. These include conventional wire and

strand systems as well as the newer threaded bar system. However,

few currently available anchor systems are well-suited for thin deck

slab construction. Most of the available posttensioning anchors are

either cone, bell or plate type as shown in Fig. 4.2. Their design

generally calls for a capability of handling at least five tendons.

In these anchor types the tendons are generally arranged in circular

pattern, as shown in Fig. 4.3a. This pattern is not conducive to use
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Fig. 4.2 Anchorage types
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Fig. 4.3 b Thin-Section Anchorage



129

in thin sections such as deck slabs. Anchors which place the tendons

in only one or two horizontal planes, as shown in Fig. 4.3b, are

probably better suited for thin-section applications. Discussions

with industry representatives indicate some preliminary designs and

prototype testing have been completed for thin-slab section anchors.

Industry’s primary focus of these anchor types is for posttensioned

flat-plate building structures. However, their comments suggest that

this type of anchor should be easily adaptable for applications of

transverse prestressing in bridge decks.

At present, the most common posttensioning duct is circular.

However, industry is designing flat, rectangular ducts, both rigid

and flexible, which are compatible with the newly developed thin-

section anchors.

4.4 Current Applicable Code Provisions and Practice

4.4.1 Design Bending Moments. The transverse strength of a

bridge deck must be adequate to resist the imposed external vertical

loads. This strength can be provided by conventional reinforced,

prestressed or partially prestressed concrete. In the U.S., the most

common approach for the design of bridge decks is according to the

AASHTO Specifications [s].

The equations set forth in AASHTO for determining transverse

slab design moments are based substantially on the work of

Westergaard [lsß]. Westergaard applied linear elastic plate theory

to evaluate the bending moments of bridge slabs assuming the slab
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material to be homogeneous and isotropic. Additional assumptions

were that the slab has a finite width, S, infinite length, and simple

supports along the longitudinal edges. In essence, these assumptions

divide the bridge slab resting on longitudinal girders into panels

between girders which are considered nonyielding simple supports.

The linear relationships specified by AASHTO for maximum transverse

positive and negative slab moments in ft-lbs due to live loads

excluding impact effect is

M = ((S +2) / 32) P (4.1)

where S is the panel width or effective span length in ft and P is

1 6,000 lbs or 12,000 lbs for HS2O or HSIS truck loading,

respectively. The value of moment determined using Eq. 4.1 is a

moment per foot width of slab. In slabs continuous over three or

more supports, AASHTO allows a continuity factor of 0.8 applied to

Eq. 4.1 for both positive and negative moments. An impact factor is

then applied to the moments for dynamic effects. If using the

ultimate strength design method, applicable load factors are then

applied to obtain ultimate loads.

The intent of AASHTO is to provide for the same moment

capacity at positive and negative moment regions. However, there is

no definitive guidance in AASHTO regarding the design for possible

reversal of moments at a section. It is general practice in the U.S.

to place the same amount of reinforcement over the girder regions for
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negative moment as at the middle section of the slab panel for

positive moment. Half of the above amount of reinforcement is used

at these sections for the case of moment reversals, as shown in Fig.

4.4.

However, tests performed by Newmark and Siess [loB] and

others [44,49] indicate that the maximum negative moment in the slab

over the girders is smaller than that given by current AASHTO

Specifications. Table 4.2 compares the relative amounts of

reinforcement suggested by Newmark and Siess to that of current

AASHTO practice. This table reveals that AASHTO is conservative for

the maximum negative moment in the slab over the girders, and is

extremely conservative for the maximum negative moment at the middle

of the slab. Adoption of smaller maximum negative design moments in

the slab would allow a corresponding increase in concrete cover and

protection. It would also permit greater tendon spacings for

transversely prestressed bridge decks, and thereby reduce costs.

4.4.2 Stress Distributions. Prestressing tendons spaced

along the edge of a bridge deck represents a fairly complex analysis

problem. There is very little information available in the

literature which aids in the analysis of this problem. The physical

situation of forces applied at anchor locations on the edge of a

bridge deck translates into a mathematical problem of finding

stresses in an elastic media where point loads are applied along a

straight boundary.
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Fig. 4.4 Transverse reinforcement in bridge decks
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Slab Location

AASHTO Newmark and Siess

Middle of

Panel

Over the

Girders

Middle of

Panel

Over the

Girders

Bottom 1.0 0.5 1.0 0.4

(+ Mom.) ♦

Top 0.5 1.0 0.2 0.7

(- Mom.)

TABLE 4.2 Relative Amounts of Transverse Reinforcement

in a Bridge Slab
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There is a two-dimensional, closed-form theory of elasticity

solution for the problem shown in Fig. 4.5 of a concentrated force

acting on a horizontal straight boundary of an infinitely large plate

[ls4], However, this solution is severely limited for the

application of transverse prestressing in bridge decks. It is for a

single force only, and does not include interaction effects of

several point loads, such as the case of many anchor locations along

the bridge slab. In addition, it cannot account for lateral

stiffness effects of girders and diaphragms in a bridge.

There are several discrete-element computer programs

available for the global analysis of conventional slab-girder

bridges. However, these programs only permit vertical loads on the

bridge deck. They do not consider the possibility of in-plane loads

such as is the case for transverse prestressing.

Because of the lack of available analysis techniques for

transversely-prestressed bridge decks, two- and three-dimensional

finite element analysis computer programs were developed as part of

the overall research program. These computer programs offer great

flexibility for determining stress distributions in transversely-

prestressed bridge decks. Almustafa, in his work, describes the

three-dimensional finite element analysis program which he used for

parametric investigations of structural effects in transversely-

prestressed slab-girder bridges [4],
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fig. 4.5 Concentrated force at a point of a straight boundary
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4.4.3 Use of Diaphragms. Since diaphragms are built

perpendicular to the longitudinal girders, and hence parallel to the

main reinforcement in a deck slab, they may have a significant

restraining effect on the prestressing distribution in a

transversely-prestressed slab. End diaphragms are usually provided

at supports of slab-girder bridges. The end diaphragms ’’tie” the

longitudinal girders together and provide an efficient means of

transferring the lateral loads acting on the superstructure to the

substructure. Additionally, end diaphragms provide support for the

deck slab between the girders at the end regions of a bridge for

those cases in which the slab is not continuous in the longitudinal

direction for several spans for live load only. Besides end

diaphragms, interior diaphragms are generally used between girders at

one or more locations between end supports. Figure 4.6 shows typical

locations and types of diaphragms used in current practice for a

short span bridge.

The effectiveness of end and interior diaphragms in slab-

girder bridges under static and dynamic loading has been investigated

by several researchers [108,132]. They conclude that interior

diaphragms are not necessary based on the structural behavior of the

completed bridge and thus could be omitted. However, contractors

still maintain the practice of using interior diaphragms to aid in

bridge erection and to provide lateral stability of the structural

girder skeleton until the deck is cast.
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Fig. 4.6 Typical locations and types of diaphragms for

short-span slab-girder bridges (from Ref. 4)
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4.4.4 Anchorage Zone Design. A number of problems have

occurred in posttensioned applications in both bridges and buildings

which indicated that design procedures and criteria of anchorage

zones for posttensioning tendons needed further examination and

refinement. Significant cracking occurred in many cases but was

controlled by the presence of additional reinforcement in the

anchorage zone. Even though capacity of the member was not reduced

in these cases, the cracks which appeared provided a path for

penetration of aggressive substances resulting in corrosion. The

formation of cracks negates one of the principal advantages of

prestressed concrete, namely the minimization of service load

cracking.

Because of the recent problems with posttensioning anchorage

zones, a comprehensive analytical and experimental research program

was conducted at The University of Texas at Austin [142,143,144].

That study resulted in recommendations and guidelines for anchorage

zone design of thin-web posttensioned members as shown in Fig. 4.7.

However, the recommendations from that study should be equally

applicable to any thin-slab application such as in the case of

transversely-prestressed bridge decks.

There is one effect that the Texas research study did not

include which could be critical for transversely-prestressed bridge

decks. The recommendations from the study are specifically for

single anchorage zones in a thin section and do not directly consider
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Fig. 4.7 Anchorage zones in a thin-webbed box-girder section
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interaction effects of multiple anchorages. The application of

transverse prestressing in bridge decks requires the use of multiple

anchors along the edge as shown in Fig. 4.8. Further research is

needed in this area.

4.4.5 Tendon and Anchor Protection. Even though transverse

prestressing in bridge decks has been suggested as a form of

corrosion protection, its effectiveness depends on adequate corrosion

protection of anchors. There are important differences between

unbonded prestressing and bonded (grouted) prestressing systems, not

only from a structural point of view, but also in regard to

protection against corrosion. With bonded tendons the prestressing

steel is embedded in a portland cement grout, which results in an

alkaline environment with a high pH, and, consequently, as previously

discussed, provides good protection. For unbonded tendons, the

prestressing steel is surrounded by a heavy grease which results in a

chemically neutral environment, which by itself does not provide

protection against corrosion. In some cases, the greases used may

contain anti-corrosives. Furthermore, the lack of bond is

particularly critical for an unbonded tendon since the loss of an

anchor or the tendon to corrosion implies the loss of load-carrying

capacity and thus overall structural integrity. Researchers [54,58,

131] agree on the basic pitfall in the protection of prestressing

systems. In general, prestressing tendons are well protected in good

dense concrete. However, the protection breaks down because of
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faulty and careless construction practices which leave prestressing

tendons and anchors vulnerable to attack.

There are several common sense practices which ensure a

well-protected bonded tendon [l3l]. The first is to ensure an

adequate anchorage plug at the stressing end where the anchor is

recessed as shown in Fig. 4.9. FIP [sB] recommends a normal portland

cement mortar with low-shrinkage properties. Adhesion of the mortar

to the concrete hardened in the pocket is improved by using a resin

bonding agent on the sides of the pocket. Secondly, proper grouting

provides adequate protection for the prestressing tendon. There are

no known cases of catastrophic failure of bonded tendons due to

corrosion in which proper grouting techniques had been used. A good

grout calls for no bleed voids, which is a separation of the cement

and water before initial set. The use of an expansive agent and an

admixture that controls bleeding also produces superior grout.

However, in unbonded construction, corrosion failures

produce dramatic failures. Schupack’s [l3l] description of the failure

is as follows:

...
Failed unbonded tendons, because of the sudden release of

energy, tend to shoot out of their enclosure. The projectile
nature of this type of failure is obviously a hazard to life,
besides the overall structural concern....

The problem is especially critical because if an unbonded tendon

fails, the total tendon is lost. FTP [sß], HERON [s4], and PTI [l67]

recommendations call for the unbonded tendon to be covered with a
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Fig. 4.9 Anchorage plug for corrosion protection
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water impermeable grease and then wrapped in a tough protective

sheathing such as polyethylene. Furthermore, the common practice of

leaving a portion of the strand close to the anchor exposed to

concrete as shown in Fig. 4.10 should be discontinued. The gap

between the end of the sheath and the stressing anchorage disregards

the basic intent of the grease and sheathing. As for the case of

bonded tendons, the anchor plug for unbonded tendons should be

painted with a resin bonding agent, then packed using a suitable non-

shrink mortar. Finally, current practice calls for special care in

tendon placement to ensure no punctures or indentations in the

sheathing leaving the strand unprotected.

Schupack [l3l] recently presented an excellent idea for

protecting prestressing tendons, as shown in Fig. 4.11. His concept

calls for the encapsulation of the tendon completely from end to end

which electrically isolates the tendon. This isolation requires a

tough plastic to take the bearing stresses under the anchor plate.

He estimates that the costs of this protection would be as low as 1%

of the total cost for a parking structure. The same functional

concept is recommended by the recent HERON and PTI reports [54,16?].

With the tendon isolated by a plastic sheathing, the HERON and PTI

reports recommend use of an epoxy capping around all steel com-

ponents at the ends of the strand and at the anchorages. This func-

tionally results in an electrically isolated tendon. However, the

concept of the electrically isolated tendon, which was developed by
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ig. 4.10 Poor practice in unbonded tendon construction
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Fig. 4.11 Electrically isolated tendon suggested by Schupack
(from Ref. 131 )
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Schupack and Suarez [ 131 ], is patented in the U.S. and is under

patent review in various other countries.

The Post-Tensioning Institute recently completed a

specification for unbonded tendons [l67]. This specification also

recommends the idea of a fully encapsulated tendon at all locations,

and the need for complete water tightness. Additional

recommendations are provided for minimum material properties and

construction procedures which should provide unbonded tendons with

corrosion protection. Specific performance requirements for

corrosion preventative coatings and greases which surround unbonded

tendons are also included.

4.4.6 Transverse Prestressing Specifications. The current

AASHTO Specifications [s] relating to prestressing were developed

principally for longitudinal prestressing. The early authors of the

AASHTO Specifications for prestressed concrete envisioned the use of

prestressing principally only in precast girders and box-sections in

the longitudinal direction. The present AASHTO Specifications are

severely limited in the coverage of transverse prestressing. This,

of course, is one principal reason why the present research program

was initiated. The present research study should provide definitive

guidance for the utilization of transverse prestressing in bridge

decks.



CHAPTER V

DURABILITY TEST PROGRAM

5.1 Introduction

The principal objective of the durability test program was

to gather information and data on the behavior and performance of

transversely prestressed slabs subjected to an aggressive corrosion-

producing environment. The information from this study would then be

used in the development and identification of the proper materials,

design criteria, and construction practices which would effectively

provide transverse prestressing to bridge decks.

To study the effects of transverse prestressing on

durability performance, 24 full-thickness deck slab models were

subjected to the accelerated corrosion testing of an aggressive

deicing salt exposure. Some of the specimens utilized transverse

prestressing while others did not. In this way, the relative

contribution of transverse prestressing to the improvement of

corrosion protection could be identified. All specimens contained

conventional reinforcement as well. Other test variables included

the level of cracking, concrete cover, type of reinforcement, and

type of prestressing system. A brief description of the variables is

provided in the next section.
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5.2 Test Variables

An extensive review of current literature and discussions

with industry contacts, highway officials, and other researchers

helped to identify the most relevant variables for study in the

corrosion durability tests. Table 5.1 summarizes the test variables

for the durability study.

5.2.1 Effect o"f Prestressing. The principal variable in

the durability test was the effect of prestressing on corrosion

protection. To qualitatively and quantitatively assess the

effectiveness of transverse prestressing as a means of improving

corrosion protection, some specimens were prestressed, while others

were nonprestressed. This allowed a direct comparison between the

performance of a transversely prestressed bridge deck and that of a

conventionally reinforced bridge deck.

The mechanism by which it is believed that prestressing

improves corrosion protection is that it eliminates or limits

concrete cracking, and thus reduces the network by which aggressive

substances can penetrate. Besides limiting the cracking in concrete,

there may be a secondary level of protection offered by prestressing

which involves the magnitude of compression. It is reasonable to

assume that for higher levels of compression, the internal

microstructure of the concrete is more ’’closely-packed.” The

concrete would contain fewer microcracks and voids, and thus would be

less susceptible to the penetration of aggressive substances.
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Test Variable Comparison

Effect of prestressing
Nonprestressed (0 psi)

Prestressed (160 psi)

Level of cracking

0.002 in. surface crack width

0.015 in. surface crack width

Concrete cover

2 in.

3 in.

Type of nonprestressed
reinforcement

Uncoated (as manufactured)

Uncoated (clean)

Epoxy-coated

Type of prestressing
system

Unbonded monostrand (plastic duct)

Grouted multistrand (rigid
galvanized duct)

TABLE 5.1 Summary of Durability Study Test Variables
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However, this secondary level of protection of prestressing at the

microstructure level was not a variable for direct study in the

present research. Only the effect of prestressing on cracking was

studied.

5.2.2 Cracking. Since the postulated mechanism by which

the durability of a transversely prestressed bridge deck is improved

involves the elimination or at least the minimization of cracks in

the concrete, it was necessary to somehow include cracking as a study

parameter. A conventional reinforced concrete deck more than likely

cracks under service load conditions. However, with a transversely

prestressed bridge deck, the induced compression would keep cracks

from forming. Even if small cracks do form in a transversely

prestressed deck, the prestressing probably closes the crack upon

load removal, and thus prevents the penetration of aggressive

substances.

To introduce cracking as a variable, it was decided to first

’’precrack” all specimens before exposure testing. Then, during

exposure testing, the nonprestressed specimens were loaded to produce

surface crack widths of about 0.015 in., which is a value slightly

greater than the acceptable level for environmental exposure [s].

Likewise, some of the prestressed specimens were loaded to produce

crack widths of this magnitude. The cracks in the other prestressed

specimens were opened to about 0.002 in. This was the crack width

which resulted when the same load which was used to open cracks of
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0.015 in. in the nonprestressed specimens was applied to these

prestressed specimens.

5.2.3 Concrete Cover. Concrete cover was a variable in the

test in order to study the possible improvement in corrosion

protection with increasing concrete cover. Both 2 in. and 3 in.

covers over the reinforcement were selected for study.

5.2.4 Type of Nonprestressed Reinforcement. One option for

improving the corrosion protection of bridge decks which has received

a great deal of attention is the use of epoxy-coated reinforcement.

Hence, a comparison between the performance of epoxy-coated and

uncoated reinforcement was another principal variable in the

durability study. In addition, some of the uncoated reinforcement

was cleaned of all mill scale to determine if it might exhibit better

resistance to corrosion.

5.2.5 Type of Prestressing System. Another variable which

was felt to be of interest in the durability study was the type of

prestressing system. There is a growing use of posttensioned

unbonded monostrand systems for prestressed concrete applications.

The most popular system is a high-strength, seven-wire prestressing

tendon wrapped in a viscous rust-inhibiting, low-friction grease, and

covered by an extruded plastic duct. Because of its popularity, this

type of system was selected for use in half of the specimens.

The other prestressing system identified for comparative

testing was a posttensioned, grouted multistrand system. Much of the
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current literature regards a grouted system as the best form of

protection for prestressing steel. In addition, a multistrand

application has the potential for greatly reducing construction costs

because of the fewer jacking operations and the fewer number of

required anchorages. For the purpose of the laboratory durability

tests, a two-strand system with a rigid galvanized duct was selected.

5.3 General Description

To study the relevant variables identified in the previous

section required the construction and testing of 24 full-thickness

durability specimens. Half of the specimens utilized the unbonded

single-strand system as shown in Fig. 5.1a, whereas the other half of

the specimens utilized the grouted multistrand system as shown in

Fig. 5.1b. Table 5.2 summarizes the relevant characteristics of each

of the durability specimens. The durability specimens will

henceforth be identified by the specimen numbers given in Table 5.2.

The durability specimens were designed to simulate a small

component of a bridge deck as shown in Fig. 5.2. The critical

surface of a bridge deck exposed to deicing salts is the top surface.

Any cracks which form in the top of the deck slab permit the ingress

of deicing salts, water, and oxygen. Since it is anticipated that

the primary top surface crack formation in a bridge deck will occur

at the negative moment region over the girders, the durability

specimens were specifically designed to simulate this region of the

deck slab, as illustrated in Fig. 5.2.
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Fig.
5.1

Durability
specimens
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Spec-
imen

No.

Pre-

stressing
System
Type

Pre-

stressed

Rein-

force-

ment

Type

Con-

crete

Cover

(in.

Approximate
Surface

Crack

Width

) under

Load

(0.001 in.)

1 Unbonded No Uncoated 2 15

2 Unbonded No Epoxy-coated 2 15

3 Unbonded No Uncoated 3 15

4 Unbonded No Epoxy-coated 3 15

5 Unbonded Yes Uncoated 2 15

6 Unbonded Yes Epoxy-coated 2 15

7 Unbonded Yes Uncoated 3 15

8 Unbonded Yes Epoxy-coated 3 15

9 Unbonded Yes Uncoated 2 2

10 Unbonded Yes Epoxy-coated 2 2

11 Unbonded Yes Uncoated 3 2

12 Unbonded Yes Epoxy-coated 3 2

13 Grouted No Uncoated 2 15
14 Grouted No Epoxy-coated 2 15

15 Grouted No Uncoated 3 15

16 Grouted No Epoxy-coated 3 15

17 Grouted Yes Uncoated 2 15

18 Grouted Yes Epoxy-coated 2 15

19 Grouted Yes Uncoated 3 15

20 Grouted Yes Epoxy-coated 3 15

21 Grouted Yes Uncoated 2 2

22 Grouted Yes Epoxy-coated 2 2

23 Grouted Yes Uncoated 3 2

24 Grouted Yes Epoxy-coated 3 2

TABLE 5.2 Durability Specimen Summary
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Fig. 5.2 Durability specimens representing a component of a

transversely prestressed bridge deck
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The testing involved the exposure of the top surface of the

durability specimens to a deicing salt water solution. The exposure

consisted of alternating wet-dry periods. The alternating cycles

represented an aggressive and accelerated exposure condition. During

the exposure to the salt water, the specimens were loaded to open the

cracks and allow the penetration of any aggressive elements.

5.4 Specimen Design and Details

The basic requirement for the durability specimens was to

approximately represent the behavior of a bridge deck exposed to

deicing salts. As was shown in Fig. 5.2, each of the durability

specimens represented only a small exposed portion of a transversely

prestressed bridge deck. To simulate the effect of loads on a bridge

deck, the loading condition for the durability specimens as shown in

Fig. 5.3 was proposed. For this loading, there was a negative moment

at the interior support B which approximated the behavior of the slab

at the girders in a slab-girder bridge.

It was decided to build the durability specimens with full-

thickness in order to represent as closely as possible existing

available construction materials and to eliminate scaling effects.

The slab thickness of a bridge deck varies depending primarily on the

span length between girders. It was decided to design the durability

specimens with an 8 in. thickness to approximate the slab thickness

in a full-scale representation of the laboratory structural bridge

model.
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Fig. 5.3 Loading scheme for durability specimens
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Each specimen was designed for a single representation of

the prestressing system type in order to minimize the size of the

specimens. Thus, the unbonded specimens contained a single unbonded

plastic-coated tendon, whereas the grouted specimens contained one

complete prestressing assembly consisting of two tendons in a rigid

galvanized duct.

The transverse prestressing level in the laboratory bridge

model was designed to limit the tension stresses in the extreme slab

fibers under service plus impact loads. This required different

amounts of prestressing for the different strand profiles used in

each half of the bridge deck. The prestressing design resulted in

middepth compression stresses in the slab of approximately 500 psi

and 400 psi for the straight and the straight-draped profiles,

respectively. Since the bridge model slab contained top and bottom

tendons, the middepth slab stress for a single top tendon would be

around 200 psi. Thus, a reasonable target value of prestressing was

around 200 psi for the unbonded durability specimens with a single

top tendon. Since the grouted specimens contained two tendons, this

required that these specimens be twice as wide as the unbonded

specimens in order to achieve similar levels of prestressing.

For a target value of 200 psi, the loading system for the

specimens would be required to produce at least this extreme concrete

fiber stress level at the negative moment region in order to crack

the specimens. This was reasonable for the loading system in mind,
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and therefore the target level of prestress was around 200 psi in the

concrete based on a gross uncracked section.

An 18 in. width for the unbonded specimens and a 36 in.

width for the grouted specimens were convenient dimensions for

construction. An average gross section concrete stress of 160 psi

would result for an effective working stress of 150 ksi in a 1/2 in.

diameter 270 K strand. This was close enough to the target range of

200 psi.

Due to the availability of test space at the exposure

facility of the Ferguson Structural Engineering Laboratory, the

specimen length was set at 12 ft.

Nonprestressed reinforcement was included in the durability

specimens as would be called for in the design of a bridge deck.

Some conventional nonprestressed reinforcement would be required in a

bridge deck in addition to the prestressing in order to carry dead

loads before posttensioning, to control cracking from temperature and

shrinkage stresses, to distribute cracks from structural loads, and

to provide structural integrity. The concrete cover was the same for

both prestressed and nonprestressed reinforcement as specified for a

particular specimen in Table 5.2. Two #4 bars were placed in the top

of each of the unbonded specimens and four #4 bars in the top of each

of the grouted specimens. Bottom reinforcement consisting of #4 bars

was included primarily to prevent cracking during handling of the

specimens prior to testing. No reinforcing representing the
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longitudinal steel in a deck slab was used in the durability

specimens. This was to ensure that each nonprestressed bar and

prestressing tendon was "electrically isolated" from each other, and

thus would basically represent independent corrosion cells.

The final details of the durability specimens are shown in

Fig. 5.4.

5.5 Materials

5.5.1 Concrete. The concrete mix for the durability

specimens was designed in conjunction with the TSDHPT and the

commercial concrete ready-mix company which provided the concrete.

Current TSDHPT Specifications [ls2] do not include a concrete

specification for a prestressed concrete bridge deck application.

The mix design called for a water-cement ratio (W/C) of 0.44

and a cement factor (CF) of 6.5 sacks/cu.yd. The desired 28-day

compressive strength was 5000 psi with 4000 psi recommended at

the time of prestressing. This represented a higher strength than

normally specified for a conventionally reinforced bridge deck.

However, the higher strength was required in this case for the

prestressed concrete application. The design also called for 5% air

in the concrete. Other mix design parameters are shown in Table 5.3.

Six different concrete casts were required to construct all

24 durability specimens. The compressive strengths varied

considerably between the six batches at all ages as shown in Fig. 5.5

even though all concrete batches had the same mix proportions.
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Fig. 5.4 Durability specimen details
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TABLE 5.3 Concrete Mix Design for Durability Specimens
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However, test cylinders from each cast were cured in the same manner

and location as the specimens. The 28-day strengths, estimated based

on a linear strength gain with time relationships between available

data points shown in Fig. 5.5, are provided in Table 5.4. As can be

seen, the estimated 28-day strength for batches 2,5, and 6 fell

below the 28-day design strength. However, at the time exposure

testing began, only batches 2 and 5 fell below the specified design

strength. As will be discussed in Chapter VII, corrosion occurred

only at crack locations, and thus it is believed that these concrete

strength variances did not significantly affect the test.

The specimens cast from each concrete batch are identified

in Table 5.5.

5.5.2 Nonprestressed Reinforcement. Standard deformed GR6O

#4 bars were used as the nonprestressed reinforcement in the

durability specimens. The bars arrived at the laboratory with three

different surface conditions. They were: 1) as manufactured; 2)

cleaned of all rust and mill scale; and 3) epoxy-coated. All

nonprestressed reinforcement was obtained from the same supplier.

The epoxy-coated reinforcement clearly met the requirements for the

acceptability of damage to coating as outlined in ASTM A 775,

Specification for Epoxy-Coated Reinforcing Steel Bars.

5.5.3 Prestressing Strand. The plastic-sheathed

prestressing strand used in the unbonded single-strand specimens was

purchased from a supplier in Texas. The prestressing tendon was a
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Batch

Number

Estimated 28-Day

Compressive
Strength (psi)

1 6850

2 3750

3 • 5000

4 6200

5 4000

6 4900

Mean 5117

TABLE 5.4 Estimated 28-Day Strengths
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Batch Specimens
No. Cast*

1 1, 3, 5, 6, 7, 8

2 2, 4, 9, 10, 11, 12

3 13, 17, 18

4 14, 21, 22

5 15, 16, 23

6 19, 20, 24

* Refer to Table 5.2

TABLE 5.5 Durability Specimens Cast from Each Batch
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nominal 1/2 in. diameter, seven-wire strand with a minimum ultimate

stress of 270 ksi. The thickness of the plastic sheathing as

measured at several locations on the strand was between 0.026 and

0.042 in. The plastic duct surrounding the strand was heavily

damaged in many locations upon arrival at the laboratory. However,

only undamaged duct was used in the specimens. But since it was

apparent that this product probably arrives at any construction site

with some damage to the plastic duct, it was decided to slit the

plastic duct in known locations. Therefore, if corrosion was likely

to occur, it would occur at these slit locations.

The prestressing tendon used in the grouted multistrand

specimens was uncoated seven-wire stress-relieved strand with a

nominal diameter of 1/2 in. and a specified minimum ultimate stress

of 270 ksi. This strand was purchased from a commercial vendor in

Texas.

5.5.4 Anchorages. The anchorage components used for the

unbonded monostrand specimens were obtained from VSL Corporation.

The anchorages consisted of a casting and a pair of wedges. A VSL

pocket former grommet was used to leave the anchorage accessible for

stressing on the stressing end of the specimens. Details of the VSL

anchorages are provided in Fig. 5.6.

An anchorage for a two-strand application was not

commercially available in the United States for the grouted

multistrand specimens. The use of other larger anchors for four to
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Fig. 5.6 VSL anchorage SSN used in unbonded specimens
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seven strands was investigated, but these were found to be too

expensive, large or inappropriate for thin bridge deck applications.

Therefore, the anchorages for these specimens were fabricated in the

laboratory.

The grouted specimen anchors were designed as rectangular

bearing type plate anchors. The most current recommendations for

anchorages as proposed by Stone and Breen [l43] were used for the

design. The details of the anchorages are shown in Fig. 5.7.

The galvanized rectangular duct was attached to the anchor

plates by a flexible silicone adhesive caulking. A piece of high-

density styrofoam 2-1/2” x 6" x 4” was used as a pocket former at the

stressing end of the grouted specimens.

5.5.5 Galvanized Duct. The rigid, thin-walled, galvanized

rectangular duct used for the grouted specimens was typical of that

used for flat-plate building construction. The duct dimensions are

shown in Fig. 5.7.

5.5.6 Grout. The mix used to grout the prestressing

strands in the grouted specimens complied with TSDHPT Specifications

[ls2], The mix design used consisted of one sack of Type 111 port-

land cement, one pound of Sika Intraplast-N, an expanding admixture,

and five gallons of water. The grout was mixed in a 3-1/2 cu.ft.

mixer.

5.5.7 Mortar Plug. Mortar was used to plug the anchor

recesses left by the pocket formers on the stressing end of all
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Fig. 5.7 Details of grouted specimen anchorages
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specimens and to fill the holes left after removing the grout pipes

in the grouted specimens. The mix ratio for the mortar by weight of

sand to cement to water was approximately 3:1:0.5, as recommended for

an anchorage plug in Ref. 54.

5.5.8 Salt. The salt used for exposure in the durability

tests is the same salt used for deicing roads and bridges in Texas by

TSDHPT. The sodium chloride (NaCl) content of the salt was

approximately 96%. A 3.5% salt water solution was prepared using

this salt and then applied to the surface of the specimens during the

exposure cycle of testing.

5.5.9 Other Materials. Two different epoxies were used in

the construction of the durability specimens. An epoxy from

Industrial Coatings of Houston was used to paint certain areas of the

specimens, mostly the sides and ends, to prevent salt water

penetration. This epoxy was also used to coat the anchorages of the

grouted specimens to prevent them from corroding. An epoxy bonding

agent, No. A-103, made by the TSDHPT was applied to the inside walls

of the anchor pockets on the stressing ends of the specimens before

the mortar plug was placed.

Since corrosion is an electrochemical phenomenon, it was

necessary to isolate the reinforcing steel, prestressing tendon, and

metal duct from any possible electrical contact. This provided

assurance from each component acting as an independent corrosion

cell. Therefore, the conventional metal chairs used in construction
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to provide proper concrete covers were dipped in epoxy prior to

placement of the steel. This prevented an electrical contact between

the reinforcement and the chairs. In addition, plastic cable ties

were used to tie the reinforcement to the chairs.

Though not in direct contact with the reinforcement in the

specimens, the coil ties used for lifting purposes were coated with

epoxy as well.

5.6 Fabrication

5.6.1 Specimen Fabrication. Figures 5.8 through 5.16 show

various details of the formwork and reinforcement. Concrete was

supplied by a local commercial ready mixed company. The concrete was

consolidated using electrical internal vibrators.

After finishing was completed, wet burlap was placed over

the specimens, and then covered with plastic for curing. The

specimens were cured for three to four days prior to formwork removal.

5.6.2 Posttensioning Operation. Specimens were

posttensioned from one end using a hydraulic ram, electric pump and

stressing chair as shown in Figs. 5.17 and 5.18. For the case of the

grouted specimens, both strands were posttensioned simultaneously.

Special care was taken to ensure that the seating losses

were minimized for the short tendon lengths. The strands were

tensioned initially to 0.8 f
pu

corresponding to 216 ksi for the 270K
strand. The strand extensions were cut off within the pocket by

using a torch.
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Fig. 5.9 Reinforcement tied to chairs in unbonded specimen;
wood positioning template and coil ties in place

Fig. 5.8 Assembled formwork for unbonded specimen
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Fig. 5.10 Anchorage casting and pocket former on stressing end of

unbonded specimen

Fig. 5.11 Anchorage casting and jaws for cast-in dead end anchor

side of unbonded specimen
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Fig. 5.12 Assembled formwork for grouted specimen

Fig. 5.13 Reinforcement tied to chairs in grouted specimen;
wood positioning template in place
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Fig. 5.15 Cast-in dead end anchorage and chucks for grouted
specimen; wires for half cell potential
instrumentation in place

Fig. 5.14 Stressing end anchorage and greased styrofoam pocket
former for grouted specimen
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Fig. 5.16 Prestressing tendons and grout tube extending through

end form on stressing end of grouted specimen
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Fig. 5.17 Specimen posttensioning

Fig* 5.18 Stressing chair and pipe for setting jaws
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5.6.3 Grouting. The grouted multistrand specimens were

grouted using the pressurized grouting tank shown in Fig. 5.19. The

grout was placed in the tank and completely sealed. The tank was

then pressurized to between 80 and 100 psi using compressed air. A

flexible hose from the grout tank was attached to the grout tube on

one end of the specimen. On the vent tube at the opposite end of the

specimen, a cock valve was screwed on and opened. The grout tank

valve was then opened and grout flowed through the duct. At the

first sign of grout coming out the vent tube, the cock valve and tank

valve were both closed. The flexible hose attached to the grout tube

was removed, and a wooden plug was placed in the end of the grout

pipe to prevent backflow while the grout hardened.

5.6.4 Pocket Patch. The mortar used for filling the spaces

left by the pocket formers on the stressing end of the specimen and

the holes left by the grout tubes was mixed in a wheelbarrow. Before

placing the mortar, the inside walls of the pockets and the

anchorages were painted with TSDHPT epoxy bonding agent. Mortar was

then placed in the pocket space with a trowel. After an initial

hardening of approximately 30 minutes, the mortar was troweled to

produce a relatively flat edge along the end of the specimen.

5.7 Half Cell Potential Instrumentation

The half cell potentials of the top nonprestressed

reinforcement, the prestressing strands, and the galvanized duct were

monitored over the period of the exposure testing. The electrical
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Fig. 5.19 Grouting tank
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connection to the reinforcement, strand and duct required to monitor

the half cell potentials consisted of a single plastic-coated wire

lead attached to the ends of the reinforcing bar and strand at the

support end of the specimens using a small-diameter hose clamp. The

reinforcing bar, especially the epoxy-coated reinforcing bar, was

first filed to ensure a good electrical connection. The connection

to the galvanized duct in the grouted specimens was made by first

drilling a small hole in the duct, and then attaching a wire lead

using a small tap screw. All electrical connections were epoxy-

painted after completion. Typical electrical connections are shown

in Figs. 5.20 a and 5.20b.

The half cell potentials of both top reinforcing bars and

the unbonded plastic-coated prestressing tendon in the unbonded

specimens were monitored throughout the exposure period. Only the

two top middle reinforcing bars, the two prestressing strands, and

the galvanized duct in the grouted specimens were monitored.

The half cell readings were made in accordance with ASTM C-

-876-80, Standard Test Method for Half Cell Potentials of Reinforcing

Steel in Concrete [l2], using a circuitry of the type shown in Fig.

2.24. To eliminate the need for individual connections of each wire

at each reading time, the leads from all specimens were attached to

one of four switching boxes shown in Fig. 5.21. Half cell potential

readings were made using a Beckman 3500 digital high-impedance
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Fig. 5.20 a Electrical connection to a reinforcing bar

Fig. 5.20 b Electrical connections to prestressing strand and

galvanized duct
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Fig. 5.21 Switching box for half cell readings
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voltmeter. A saturated calomel electrode (SCE) was used as the

reference potential.

5.8 Test Setup

After fabrication, the durability specimens were moved to

the exposure facility near the Ferguson Structural Engineering

Laboratory for testing. This facility contained separate "garages”

in which four unbonded specimens or two grouted specimens were placed

as shown in Fig. 5.22. The loading of the specimens to produce

negative moment at the interior support and to open cracks was

accomplished with the loading system shown in Fig. 5.23. The loading

system consisted of a wood load beam, a wood tie-down beam, tension

rods, concrete blocks for supports, and a hydraulic ram and pump.

The load was monitored using a pressure transducer attached to the

pump. Figure 5.24 shows the actual loading system.

The interior support position varied depending on the

concrete cover and the desired crack width under load. The support

locations for series A, B, and C in Fig. 5.23 were chosen to minimize

the load required to open cracks to the specified level. The support

arrangement used for each specimen is given in Table 5.6.

Since in an actual bridge deck the penetration of aggressive

substance represents a one-dimensional flow problem, the side walls

and ends of each specimen were epoxy-painted to better simulate the

salt water flow condition in the field. The top surfaces at the tie-

down beam locations were painted in all specimens. However, only for
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Fig. 5.22 Exposure facility
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Interior

Support
Condition*

Specimens**

A 1, 2, 9, 10, 13, 14, 21, 22

B 3, 4, 11, 12, 15, 16, 23, 24

C 5, 6, 7, 8, 17, 18, 19, 20

Refers to

Refers to

Fig. 5.23
Table 5.2

TABLE 5.6 Summary of Interior Support Positions
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Fig. 5.24 Actual loading system
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the grouted specimens were the top surfaces of the concrete at the

tie-down and loaded ends painted. This was done to eliminate the

corrosion susceptibility of the grouted specimen anchorages which

were fabricated in the laboratory. The painted areas of the unbonded

and grouted specimens are shown in Fig. 5.25.

A levee 3/4 in. in height made of plastic molding was placed

around the edges of the top exposed surfaces of the specimens. This

levee as shown in Fig. 5.26 allowed the salt water to pond on the

specimens during the exposure testing.

Spray paint was used to mark locations on the top surfaces

of the specimens where half cell potential readings were to be taken.

There were five stations for each individual reinforcing bar, strand

or duct as shown in Fig. 5.25.

5.9 Testing

5.9.1 Cracking of Specimens. Before exposure testing

began, the specimens were loaded until cracking occurred using the

loading system shown in Figs. 5.23 and 5.24. After a specimen

cracked, the load was removed and the crack locations were marked as

shown in Fig. 5.27. Appendix A shows the locations of the induced

cracks in all the specimens. The specimens were then reloaded

gradually until the desired surface crack width was achieved as

specified in Table 5.2. The crack widths were measured using a

length comparator accurate to 0.001 in. The load to produce the

desired crack width is reported in Table 5.7.
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Fig. 5.26 Levee system on specimens
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Fig. 5.27 Cracks marked on specimens during initial cracking
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Specimen Applied
No. Load (lbs)

1 1250
2 1250

3 1850

4 1850

5 4425
6 4425

7 3000

8 3000
9 1250

10 1250

11 1850

12 1850

13 2500
14 2500

15 3700

16 3700
17 9650
18 9650
19 6050
20 6050

21 2500
22 2500

23 3700
24 3700

refers to the total applied load

required to produce the specified
crack width given in Table 5.2

TABLE 5.7 Summary of Specimen Loads
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5.9.2 Exposure. Exposure testing consisted of subjecting

each specimen to one wet-dry test cycle every fourteen days as shown

in Fig. 5.28. On the first day, the salt water was ponded on the

surface of the specimens to a depth of approximately 1/2 in. On the

second day, specimens were subjected to five repeated loading cycles

up to a load equal to that producing the desired crack width as

determined during the initial cracking stage. During each load

cycle, the maximum applied load was held constant for approximately

five seconds prior to release. Any water lost during loading due to

specimen deflections was replaced immediately after loading. After

loading all specimens, half cell potential readings were taken, as

shown in Fig. 5.29. Specimens were then allowed to dry out until the

start of the next exposure test cycle. On the ninth day, five

additional load cycles were applied to each specimen. In general, by

this time the specimens had dried out with very little standing water

left. However, the loading provided an oxygen path to the

reinforcement by way of the cracks. The specimens continued to dry

out from the ninth to the fourteenth days. Then the cycle was

repeated. The surface of the specimens was thoroughly washed to

remove any crystallized salt every third cycle. Fourteen cycles were

completed for specimens in Series A and B of Table 5.6, and eight

cycles for specimens in Series C before the exposure testing was

stopped due to time constraints.
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cycle
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Fig. 5.29 Half cell potential readings
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5.9.3 Post-Mortem Examination. Upon completion of the

exposure testing, a "post-mortem” examination of the durability

specimens was carried out to assess their performance in the salt

water environment. The examination included sounding to detect

delaminations, chloride content determination, and visual inspection

of all top reinforcement prestressing strands and prestressing

anchorages for evidence of corrosion.

The sounding test for detection of delaminations was

performed by striking a ball-peen hammer on the surface of the

specimen and listening for ’’hollow” sounds.

The chloride content tests were performed following the FHWA

recommended procedure [34] for sampling and testing for chloride ions

in concrete, except instead of using the recommended titration

process for determining chloride content, an alternate, yet more

accurate, colorimetric procedure was used. Concrete samples were

taken at the level of the reinforcement at two locations for each

specimen: at a crack near the interior support and in the uncracked

concrete near the loaded end of the specimen. In a few cases,

samples were taken at various depths in the specimen in order to

determine a chloride content profile. Appendix A shows the locations

where the concrete samples were taken for each specimen.

In order to visually examine the reinforcement, two saw

cuts, the locations of which are shown in Appendix A for each

specimen, were made approximately 4to 6 in. apart at the crack
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locations using the concrete saw shown in Fig. 5.30. The concrete

section removed from each specimen, as seen in Fig. 5.31 > was broken

apart in order to examine the steel for corrosion. A few specimens

were jackhammered apart as shown in Fig. 5.32 in order to examine the

full length of all the top reinforcement as well as the anchorages.
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Fig. 5.30 Saw used to crosscut specimens at crack zones
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fig* 5.31 Concrete section removed from crack zone
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Fig. 5.32 Jackhammering specimens



CHAPTER VI

PRESENTATION OF DURABILITY TEST RESULTS

6.1 Introduction

The results of the durability tests conducted in the

experimental program are reported in this chapter. Results include

cracking behavior of the durability specimens during the initial

loading cycle to initiate cracking, followed by half cell potential

readings during exposure. Finally, results from post-mortem analysis

of the concrete to determine chloride penetration and visual

inspection for evidence of corrosion on the embedded steel are

presented. The intent of this chapter is to present basic data.

Chapter VII will present a thorough evaluation of the data.

6.2 Specimen Initial Cracking Cycle

During initial load stages, induced cracking occurred on the

top surface of the durability specimens in the interior support

region. In all cases, one crack formed at or in the immediate

vicinity of the interior support, as shown in Fig. 6.1 a for Specimen

1 and in Fig. 6.1 b for Specimen 13. In many cases, a second crack

also formed within 8 to 12 in. of the first crack, as shown in Fig.

6.2 a for Specimen 2 and in Fig. 6.2 b for Specimen 18. Crack patterns

for all specimens are provided in Appendix A. There was no apparent

variation in crack distribution because of the presence of



204

Fig.

6.1b Induced
cracks
for

Specimen
13
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Fig.

6.2
b Induced

cracks
for

Specimen
18
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prestressing or with the use of grouted or unbonded tendons. This

was probably due to the presence of conventional nonprestressed

reinforcement in all the specimens which controlled crack

distribution as well as crack width.

Load versus crack width data were taken after initial

cracking for Specimens 14, 15, 21, and 23. Crack width data were

taken just for these specimens since each one represented a major

variable classifiction, namely 2 in. and 3 in. cover and prestrssed

and nonprestressed specimens.

Nonprestressed specimens represent conditions typical in

conventionally reinforced concrete members, in which, upon removal of

applied load, existing cracks remain open. In contrast, in

prestressed specimens, existing cracks which open upon loading will

close upon load removal. The moments to initiate cracking are shown

for the specimens in Fig . 6.3. Moment at the interior support

versus surface crack width upon reloading after initial cracking for

the four specimens are also shown in Fig. 6.3. As can be seen, the

cracking moments for the two nonprestressed specimens were similar;

likewise, the cracking moments for the two prestressed specimens were

similar. After initial cracking, the load was dropped to 0 before

reloading. As is evident from Fig. 6.3, before reloading occurred,

the residual surface crack opening was of the order of 0.004 in. to

0.005 in. for the nonprestressed specimens independent of cover.

However, before reloading the prestressed specimens, the cracks were
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completely closed. Upon reloading, it is clear from Fig. 6.3 that

for a given applied moment, the surface crack width for the

prestressed specimens was much smaller than for the nonprestressed

specimens and basically idependent of concrete cover. The curves in

Fig. 6.3 are believed to be representative and it is concluded that

the moment-surface crack width behavior for the specimens is

dependent on whether the specimens were prestressed or

nonprestressed, and independent of concrete cover.

Surface crack widths were measured after initial cracking

under the full applied load (see Table 5.7 for load levels) at the

crack location nearest the interior support for all other specimens.

In all cases, the surface crack widths under the applied load were

close to the values specified in Table 5.2, namely 0.002 in. or 0.015

in., for each of the specimens. These results additionally confirm

that the surface crack widths were basically independent of whether

tendons were unbonded or grouted because of the presence of

conventional nonprestressed reinforcement.

6.3 Exposure Testing

Data taken during exposure testing consisted mainly of half

cell potential readings and periodic visual examinations for any

signs of corrosion and corrosion distress.

6.3.1 Half Cell Potential Readings. Half cell potential

readings were taken referenced to the standard calomel electrode

(SCE, 241 millivolts) and plotted in units of negative millivolts
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with respect to SCE. The half cell potential method was one method

used for detecting corrosion. Typical curves for half cell potential

readings versus time are presented in Figs. 6.4 and 6.5. At a given

time, there was very little variation in the half cell potential

reading at the different locations along a specimen as shown in Figs.

6.4 and 6.5. Figure 6.4 represents the half cell readings with time

for the left reinforcing bar in Specimen 13. Similarly, Fig. 6.5

represents the half cell readings with time for the right bar of

Specimen 11. Since the readings were referenced to the saturated

calomel electrode potential, then according to Table 2.3 the results

indicate that the left bar of Specimen 13, in which the potential

exceeded 290 millivolts, had a greater than 90% probability of being

in an active state of corrosion after approximately 40 days of

exposure testing. In comparison, the results indicate that there was

a greater than 90% probability that no corrosion occurred for the

right bar of Specimen 11 at any time during the testing since the

potential did not exceed 140 millivolts.

Half cell potential readings with time for reinforcing bars,

prestressing tendons, and posttensioning ducts for all specimens are

presented in Appendix B. A thorough evaluation of these half cell

potential readings will be presented in the next chapter.

6.3.2 Visual Examination. The only visual signs of

corrosion noted throughout the exposure tests were in the form of

surface rust stains as shown in Fig. 6.6 above the anchorage
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Fig. 6.6 Rust staining on specimen surface above anchorage
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locations at the loaded end of Specimens 2,5, and 9. The stains

first appeared after several weeks of exposure. They were

accompanied by a small surface splitting crack extending above the

tendon and along the length direction of the specimen as illustrated

in Fig. 6.7. This splitting crack was not present before exposure

testing began.

In addition, during exposure testing, progressive

discoloration of the mortar anchorage plug was noted in most of the

unbonded specimens as shown in Fig. 6.8. The mortar used for the

plug was a rich gray color at the start of exposure testing,

indicative of a fairly rich cement content. However, after prolonged

exposure, some cement appeared to be leached out of the mortar by the

action of the salt water percolating through the specimen. Areas of

the anchor plug turned golden-brown in color probably reflecting the

coloration of the sand which remained in the mortar. The leaching of

the cement out of the mortar plug was not necessarily a sign of

corrosion distress, but did indicate the aggressive nature of the

salt water.

6.4 Post-Mortem Examination

After exposure testing of the specimens was discontinued

because of time constraints, a post-mortem examination of each of the

specimens was conducted. The examination included sounding for

delaminations, chloride content determination, and visual inspection
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Fig. 6.7 Surface rust staining and hairline crack along direction

of specimen length
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Fig. 6.8 Discoloration of mortar anchorage plug in some areas

after prolonged exposure
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of the reinforcement. Results from the post-mortem examination are

presented in this section.

6.4.1 Sounding for Delaminations. The sounding test did

not provide any indication of concrete delaminations in any of the

specimens. As explained in Section 2.4.2, delaminations are a sign

of advanced stages of corrosion distress. It is believed that in the

present durability study, the corrosion which did occur in the

specimens did not have enough time to be manifested as distress in

the form of delaminations.

6.4.2 Chloride Content Determination. The chloride ion

(Cl"") content in the concrete samples taken from the durability

specimens was determined by the Mineral Studies Laboratory (MSL) of

the Bureau of Economic Geology of The University of Texas at Austin.

MSL used a colorimetric procedure, which is summarized in Appendix C,

for determination of Cl” in the concrete samples. Both water soluble

and acid soluble chloride contents were determined using the

colorimetric procedure. In addition, approximately 10% of the

concrete samples were analyzed for water soluble chlorides using the

more classical titration procedure as recommended by FHWA [34].

An acid soluble test is generally considered to represent

the total chloride ion (Cl - ) content in concrete. A water soluble

test measures the chloride ion (Cl”) which is extractable in water,

and probably better represents the actual amount of chloride

available for corrosion. Generally, Cl” content measured by a water
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soluble test will be between 70 to 80% of that measured by an acid

soluble test. Both water and acid soluble tests are currently in

wide use.

The results from the Cl" analysis are presented in Table

6.1. The first number in the sample identification represents the

specimen number. Appendix A shows the core locations from which the

concrete samples were taken. ”A” represents a sample taken from the

core at the crack zone of a specimen, and ”B” represents a sample

taken from the core at the uncracked end of a specimen. The next

number in the sample identification represents the approximate depth

below the top surface of the specimen in inches at which the sample

was taken. A ”P” at the end of the sample identification denotes

that the sample is part of a profile in which samples were taken at

various depths in order to determine the Cl" ion penetration with

depth. The sample identifications which begin with ”R” represent

concrete samples taken from concrete cylinders cast from each of six

different batches used to construct the durability specimens. The

Cl" contents measured in these samples represent the chlorides in the

constituent materials before exposure testing began. The Cl" levels

are reported in both pounds of Cl" per cubic yard of concrete and

weight of Cl" to weight of cement in percent.

6.4.3 Visual Inspection of Reinforcement. The conventional

reinforcement, prestressing strand, and posttensioning duct were

removed from the concrete section cut at the crack zones of the
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Sample
Identi-

fication

Water Soluble

Colorimetric

Acid Soluble

Colorimetric

Water Soluble

Titration

Lbs Cl” Wt Cl” Lbs Cl” Wt Ci-

ty

Lbs Cl” Wt Cl”

- %
Wt CemYd 3 Con

/o

Wt Cem Yd 3 Con Wt Cem Yd 3 Con

1A2.0 12.2 1.99 13.7 2.25 11.8 1.93

1B1.0P 2.8 0.46 4.2 0.69
1B2.0P 0.6 0.10 0.8 0.13

1B4.0P 0.2 0.03 <0.2 <0.03

1B6.0P 0.4 0.06 0.4 0.06

2A2.0 19.8 3.24 21.9 3.59

2B2.0 2.3 0.37 2.8 0.46

3A3.O 20.7 3.39 21.8 3.57

3B3.O 0.5 0.08 0.6 0.10

4A3.0 13.7 2.25 14.7 2.41 12.9 2.11

4B3.0 0.5 0.09 0.5 0.08

(0.5) (0.08) (0.4) (0.07)
5A2.0 11.0 1.80 12.7 2.08

5B2.0 0.5 0.09 0.6 0.10

6A2.0 14.8 2.42 16.4 2.68

6B2.0 1.7 0.28 2.2 0.37

7A3.0 5.5 0.90 6.7 1.09

7B3.0 0.5 0.09 0.7 0.11

8A3.O 6.4 1.04 7.3 1.20

8B3.0 0.6 0.10 0.6 0.10

9A2.0 2.8 0.46 3.3 0.55

9B1.0 23.8 3.89 23.4 3.82 23.3 3.81

9B2.0P 1.8 0.30 1.7 0.28

9B3.0P 0.9 0.15 0.9 0.14

9B4.0P 0.5 0.08 0.9 0.15

9B6.0P 1.2 0.20 1.8 0.30

10A2.0 3.5 0.57 4.8 0.78
10B2.0 1.8 0.30 2.4 0.39

11A3.0 19.0 3.12 18.5 3.02

11B3.0 0.9 0.15 1.0 0.16

(0.7) (0.11) (0.7) (0.12)

12A3.0 7.7 1.25 8.6 1.41

12B3.0 0.7 0.11 0.7 0.12 1.2 0.20

Parentheses indicate duplicate samples.

TABLE 6.1 Chloride lon (Cl”) Content in Concrete Samples
Taken from Durability Specimens
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TABLE 6.1 Chloride Ion (Cl") Content in Concrete Samples
Taken from Durability Specimens (continued)

Water Soluble Acid Soluble Water Soluble

Colorimetric Colorimetric Titration

Sample
Identi-

fication Lbs Cl" Wt Cl" Lbs Cl" 1Wt Cl" Lbs Cl" Wt Cl"

To

Yd 3 Con Wt Cem Yd 3 Con ’Wt Cem Yd 3 Con Wt Cem

13A2.0 24.8 4.06 27.7 4.53

13B1.0P 19.4 3.18 19.8 3.24
13B2.0P 2.6 0.43 3.6 0.58 3.7 0.61

13B3.OP 0.7 0.11 1.4 0.23

13B4.0P 0.4 0.07 0.6 0.10

13B6.0P 1.5 0.24 2.0 0.33

14A1.5 23.5 3.84 26.4 4.32

14A3.0 16.7 2.73 18.6 3.05

14B1.5 13.2 2.15 13.3 2.18

14B3.0 0.4 0.07 0.5 0.08

(0.4) (0.06)
15A3.0 11.6 1.90 14.2 2.33 10.6 1.73

15B3.O 0.5 0.09 0.6 0.10

16A3.0 10.4 1.70 11.3 1.84

16B3.O 0.5 0.08 0.7 0.11

17A2.0 14.9 2.44 14.7 2.41

17B2.0 1.2 0.20 1.4 0.23

18A2.0 10.6 1.74 12.6 2.06

(10.5) (1.72) (12.9) (2.11)
18B2.0 0.5 0.08 0.6 0.10

19A3.0 21.2 3.47 23.2 3.79

19B3.O 2.5 0.40 3.4 0.56

(2.6) (0.42)

20A3.0 22.6 3.69 24.7 4.05

20B3.0 0.7 0.11 0.8 0.13

21A2.0 5.4 0.88 6.7 1.09

21B1.0P 13.5 2.22 15.1 2.47

21B2.0P 1.3 0.21 1.4 0.23

21B3.0P 0.4 0.06 0.5 0.08 0.7 0.12

21B4.0P 0.4 0.06 0.4 0.06

(0.5) (0.08) (0.5) (0.08)
21B6.0P 0.5 0.08 0.5 0.08

Parentheses indicate duplicate samples •
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TABLE 6.1 Chloride lon (Cl”) Content in Concrete Samples
Taken from Durability Specimens (continued)

Water Soluble Acid Soluble Water Soluble

Colorimetric Colorimetric Titration

Sample
Identi-

fication Lbs Cl” Wt Cl” Lbs Cl” Wt Cl” Lbs Cl” Wt Cl”

% “ % ~ %
Con Wt Cem Con Wt Cem Con Wt Cem

22A2.0 4.0 0.66 4.4 0.71

(3.7) (0.61) (4.8) (0.78)

2282.0 0.5 0.08 0.5 0.09

23A3.0 0.2 0.04 0.4 0.07

(0.2) (0.03)
2383.0 <0.2 <0.03 0.4 0.06

(0.4) (0.05) (0.5) (0.08)
24A2.0 5.4 0.88 6.9 1.13 6.4 1.05

2482.0 2.2 0.35 2.4 0.39

R 1 0.7 0.11 0.7 0.11 1.4 0.22

R 2 <0.2 <0.03 0.2 0.04

(<0.2) (<0.03) (<0.2) (<0.03)
R 3 <0.2 <0.03 0.4 0.07

(<0.2) (<0.03) (0.4) (0.06)
R 4 <0.2 <0.03 0.4 0.06

R 5 0.3 0.05 0.7 0.11 0.7 0.12
R 6 0.4 0.06 0.4 0.06

Parentheses indicate duplicate samples.
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specimens and visually inspected. In addition, all of the top

conventional reinforcement, prestressing tendons, and duct over the

full length of the specimen as well as the anchorages for Specimens

1,2, 3,4, 9, 10, 11, 12, 13, 16, and 22 were removed and examined.

The removal of all the top reinforcement in these specimens clearly

indicated that corrosion was occurring only on the reinforcement in

the immediate regions of the cracks. For example, the uncoated bars

shown in Fig. 6.9, which show signs of heavy corrosion, were removed

from specimens at crack locations. Consequently, it was unnecessary

to remove the full length of the reinforcement from the other

specimens.

Figures 6.9 a and 6.9 b are indicative of the heavy corrosion

observed on some of the uncoated nonprestressed reinforcement in the

specimens. It is interesting to note that in these photographs the

corrosion was not confined to a small area of just 3 bar diameters at

the crack. This is the distance cited for localized corrosion [2l].

Instead, the corrosion had obviously already spread along the bar

since the corrosion extended 6 to 10 bar diameters in many cases.

In general, the epoxy-coated reinforcement examined showed

very little sign of corrosion. In a few cases, such as illustrated

in Fig. 6.10, it appeared that the epoxy-coating had chipped off the

bar deformations at crack regions which resulted in very light

surface corrosion at these locations.
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Fig. 6.9 Typical heavy corrosion of uncoated nonprestressed
reinforcement in the region near cracks
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Fig. 6.10 Very light surface corrosion on epoxy-coated

reinforcing bar

Fig. 6.11 Surface corrosion of zinc coating on galvanized duct

of grouted specimens
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Inspection of the galvanized duct in the grouted specimens

revealed signs of surface corrosion as shown in Fig. 6.11. In

general, the corrosion of the duct represented attack of the anodic

zinc coating and not of the underlying steel.

The prestressing tendons in all specimens showed little

evidence of corrosion in the length between the anchorages. In

Specimen 8, the prestressing tendon showed signs of initial stages of

surface corrosion at a location where the plastic duct had been

purposely slit, as shown in Fig. 6.12. However, the prestressing

tendon extensions outside the anchorage on the loaded end of the

unbonded specimens, which were protected only by the anchorage mortar

plug, showed signs of heavy corrosion as seen in Fig. 6.13a.

Most of the anchorages on the loaded end of the unbonded

specimens, whether the specimen was prestressed or nonprestressed,

showed evidence of heavy corrosion as seen in Figs. 6.13 a and 6.13b.

In general, the heavy corrosion was observed for the outer areas of

the anchorage casting; however, there was also some corrosion of the

anchorage jaws and inner locations of the anchorage casting where the

jaws bear against the casting. At these inner locations, the

corrosion could be considered to be crevice corrosion as described in

Sec. 2.2.3, since this represents an area of geometric contraint.

It was necessary to develop a rating system in order to

objectively evaluate by means of visual inspection the corrosion

performance of the components removed from the specimens. The rating
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Fig. 6.12 Very light surface corrosion on unbonded tendon removed

from Specimen 8
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Fig. 6.13 Corrosion of loaded end anchorage of unbonded specimens
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system which was developed is given in Table 6.2. It was important

to include the length over which corrosion was occurring in the

evaluation system in order to provide an indication of the pernicious

spreading effect which is associated with more advanced stages of

corrosion. For example, corrosion occurring within a short length,

such as less than 1/2 in., implies that the corrosion is occurring

very locally, whereas a longer length, such as greater than 2 in.,

suggests advanced stages of corrosion. The results of the inspection

and evaluation of each component are presented in Table 6.3. The

codes used to describe the components in Table 6.3 are described in

Fig. 6.14.
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Code Meaning Evaluation

NC No corrosion No evidence of corrosion

D Discoloration No evidence of corrosion,
but some discoloration from

original color

VL Very light
corrosion

Surface corrosion less than

1/4 in. in length at a

location; no pitting.

L Light corrosion Surface corrosion greater
than 1/4 in. in length at

a location but less than

1/2 in. in length; no

pitting.

M Medium corrosion Surface corrosion greater
than 1/2 in. in length at

a location but less than 1

in. in length, and/or

shallow pits in the early
stages of formation.

H Heavy corrosion Surface corrosion greater
than 1 in. in length, but

less than 2 in. in length
at a location and/or

presence of pitting.

VH Very heavy
corrosion

Surface corrosion greater than

2 in. in length at a location

and/or presence of deep
pitting.

TABLE 6.2 Evaluation System for the Visual Inspection of the

Components Removed from the Durability Specimens
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Fig.

6.14

Description
of

component
codes
used
in

Table
6.3
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Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

1

Right
bar

Side
A

L

and
D

At

end

next
to

crack
zone

Unbonded
prestressing
system

Nonprestressed
specimen

Right
bar

Crack
zone

VH

0.015
surface
width
crack
under

Right
bar

Side
B

D

load
2

in.

concrete
cover

Anchorage

Side
A

H

Uncoated
nonprestressed

reinforcement
Strand

Side
A

NC

Strand

Crack
zone

NC

Strand

Side
B

NC

Anchorage

Side
B

NC

Left
bar

Side
A

D

Left
bar

Crack
zone

VH

Left
bar

Side
B

D

*

See

Fig.

6.14

*»

See

Table
6.2

TABLE
6.3

Results
of

the

Evaluation
of

the

Components
Removed
from
the

Durability
Specimens
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TABLE
6.3

Results
of

the

Evaluation
of

the

Components
Removed
from
the

Durability
Specimens

(continued)

Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

2

Right
bar

Side
A

NC

Unbonded
prestressing
system

Right
bar

Crack
zone

NC

Nonprestressed
specimen

-0.015
in.

surface
crack

Right
bar

Side
B

D

width
under
load

2

in.

concrete
cover

Anchorage

Side
A

H

Epoxy-coated
nonprestressed

reinforcement

Strand

Side
A

NC

Strand

Crack
zone

NC

Strand

Side
B

NC

Anchorage

Side
B

NC

Left
bar

Side
A

NC

Left
bar

Crack
zone

L

Left
bar

Side
B

NC

*

See

Fig.
6.14

**

See

Table
6.2
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TABLE
6.3

Results
of

the

Evaluation
of

the

Components
Removed
from
the

Durability
Specimens

(continued)

Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

3

Right
bar

Side
A

NC

Unbonded
prestressing
system

Nonprestressed
specimen

Right
bar

Crack
zone

VH

-0.015
in.

surface
crack

Right
bar

Side
B

L

and
D

At

end

next
to

width
under
load

crack
zone

3

in.

concrete
cover

Uncoated
nonprestressed

Anchorage

Side
A

M

reinforcement

Strand

Side
A

NC

Strand

Crack
zone

NC

Strand

Side
B

NC

Anchorage

Side
B

NC

Right
bar

Side
A

NC

Right
bar

Crack
zone

VH

Right
bar

Side
B

D

*

See

Fig.

6.14

**

See

Table
6.2
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TABLE
6.3

Results
of

the

(continued)

Evaluation
of

the

Components
Removed
from
the

Durability
Specimens

Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

4

Right
bar

Side
A

NC

Unbonded
prestressing
system

Right
bar

Crack
zone

L

Nonprestressed
specimen

-

0.015
in.

surface
crack

Right
bar

Side
B

NC

width
under
load

3

in.

concrete
cover

Strand

Side
A

NC

Epoxy-coated
nonprestressed

reinforcement

Strand

Crack
zone

NC

Strand

Side
B

NC

Anchorage

Side
B

NC

Left
bar

Side
A

NC

Left
bar

Crack
zone

NC

Left
bar

Side
B

NC

*

See

frig.

6.14

**

See

Table
6.2
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TABLE
6.3

Results
of

the

Evaluation
of

the

Components
Removed
from
the

Durability
Specimens

(continued)

Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

5

Right
Bar

Crack
zone

VH

Unbonded
prestressing
system

Strand

Crack
zone

NC

Prestressed
specimen

2

0.015
in.

surface
crack

Left
bar

Crack
zone

VH

width
under
load

2

in.

concrete
cover

Uncoated
nonprestressedreinforcement

6

Right
bar

Crack
zone

VL

Unbonded
prestressing
system

Strand

Crack
zone

NC

Prestressed
specimen

~

0.015
in.

surface
crack

Left
bar

Crack
zone

NC

width
under
load

2

in.

concrete
cover

Epoxy-coated
nonprestressed

reinforcement
*

See

Fig.
6.14

**

See

Table
6.2
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TABLE
6.3

Results
of

the

(continued)

Evaluation
of

the

Components
Removed
from
the

Durability
Specimens

Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

7

Right
bar

Crack
zone

VH

Unbonded
prestressing
system

Prestressed
specimen

Strand

Crack
zone

NC

•x

0.015
in.

surface
crack

Left
bar

Crack
zone

H

width
under
load

3

in.

concrete
cover

Uncoated
nonprestressedreinforcement

8

Right
bar

Crack
zone

NC

Unbonded
prestressing
system

Prestressed
specimen

Strand

Crack
zone

M

~

0.015
in.

surface
crack

Left
bar

Crack
zone

NC

width
under
load

3

in.

concrete
cover

Epoxy-coated
nonprestressed

reinforcement
*

See

Fig.
6.14

**

See

Table
6.2
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TABLE
6.3

Results
of

the

Evaluation
of

the

Components
Removed
from
the

Durability
Specimens

(continued)
Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

9

Right
bar

Side
A

D

and
VL

Unbonded
prestressing
system

Right
bar

Crack
zone

NC

Prestressed
specimen

~

0.002
in.

surface
crack

Right
bar

Side
B

D

width
under
load

2

in.

concrete
cover

Anchorage

Side
A

VH

Uncoated
nonprestressedreinforcement

Strand

Side
A

NC

Strand

Crack
zone

NC

Strand

Side
B

NC

Anchorage

Side
B

VL

Left
bar

Side
A

D

Left
bar

Crack
zone

NC

Left
bar

Side
B

D

*

See

Fig.
6.14

**

See

Table
6.2
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TABLE
6.3

Results
of

the

Evaluation
of

the

Components
Removed
from
the

Durability
Specimens

(continued)

Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

10

Right
bar

Side
A

NC

Unbonded
prestressing
system

Right
bar

Crack
zone

NC

Prestressed
specimen

Z

0.002
in.

surface
crack

Right
bar

Side
B

NC

width
under
load

2

in.

concrete
cover

Anchorage

Side
A

VH

Epoxy-coated
nonprestressed

reinforcement

Strand

Side
A

NC

Strand

Crack
zone

NC

Strand

Side
B

NC

Anchorage

Side
B

VL

Left
bar

Side
A

NC

Left
bar

Crack
zone

NC

Left
bar

Side
B

NC

*

See

Fig.
6.14

**

See

Table
6.2
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TABLE
6.3

Results
of

the

Evaluation
of

the

Components
Removed
from
the

Durability

(continued)

Specimens

Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

11

Right
bar

Side
A

D

Unbonded
prestressing
system

Prestressed
specimen

Right
bar

Crack
zone

D

%

0.002
in.

surface
crack

Right
bar

Side
B

D

width
under
load

3

in.

concrete
cover

Uncoated
nonprestressed

Anchorage

Side
A

H

reinforcement

Strand

Side
A

NC

Strand

Crack
zone

NC

Strand

Side
B

NC

Anchorage

Side
B

L

and
D

Left
bar

Side
A

NC

Left
bar

Crack
zone

M

Left
bar

Side
B

NC

*

See

Fig.
6.14

**

See

Table
6.2
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TABLE
6.3

Results
of

the

Evaluation
of

the

Components
Removed
from
the

Durability
Specimens

(continued)
Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

12

Right
bar

Side
A

NC

Unbonded
prestressing
system

Right
bar

Crack
zone

NC

Prestressed
specimen

3

0.002
in.

surface
crack

Right
bar

Side
B

NC

width
under
load

3

in.

concrete
cover

Anchorage

Side
A

H

Epoxy-coated
nonprestressed

reinforcement

Strand

Side
A

NC

Strand

Crack
zone

NC

Strand

Side
B

NC

Anchorage

Side
B

L

Left
bar

Side
A

NC

Left
bar

Crack
zone

NC

Left
bar

Side
B

NC

*

See

Fig.
6.14

**

See

Table
6.2
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TABLE
6.3

Results
of

the

Evaluation
of

the

Components
Removed
from
the

Durability
Specimens

(continued)

Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

13

Far

right
bar

Side
A

NC

Grouted
prestressing
system

Nonprestressed
specimen

Far

right
bar

Crack
zone

VH

•Z

0.015
in.

surface
crack

Far

right
bar

Side
B

D

width
under
load

2

in.

concrete
cover

Right
bar

Side
A

L

At

end
of

bar

Uncoated
nonprestressed

next
to

crack

reinforcement

Right
bar

Crack
zone

VH

zone

Right
bar

Side
B

NC

Anchorage

Side
A

M

Strand
exten-

sions

corroding

*

See

Fig.
6.14

**

See

Table
6.2
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TABLE
6.3

Results
of

the

Evaluation
of

the

Components
Removed
from
the

Durability
Specimens

(continued)
Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

13

Duct

Side
A

D

Duct

Crack
zone

D

Duct

Side
B

D

Anchorage

Side
B

NC

Left
bar

Side
A

NC

Left
bar

Crack
zone

VH

Left
bar

Side
B

L

At

end
of

bar

next
to

crack

zone

Far

left
bar

Side
A

D

Far

left
bar

Crack
zone

VH

Far

left
bar

Side
B

H

At

end
of

bar

next
to

crack

zone

*

See

Fig.

**

See

Table
6.2
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TABLE
6.3

Results
of

the

Evaluation
of

the

Components
Removed
from
the

Durability

(continued)

Specimens

Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

14

Far

right
bar

Crack
zone

VL

At

end
of

bar

next
to

crack

Grouted
prestressing
system

Nonprestressed
specimen

~

0.015
in.

surface
crack

Right
bar

Crack
zone

NC

width
under
load

2

in.

concrete
cover

Epoxy-coated
nonprestressed

Duct

Crack
zone

D

reinforcement

Left
bar

Crack
zone

NC

Far

left
bar

Crack
zone

NC

*

See

Fig.
6.14

**

See

Table
6.2
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TABLE
6.3

Results
of

the

Evaluation
of

the

Components
Removed
from
the

Durability
Specimens

(continued)
Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

15

Far

right
bar

Crack
zone

VH

Grouted
prestressing
system

Nonprestressed
specimen

Right
bar

Crack
zone

H

~

0.015
in.

surface
crack

Duct

Crack
zone

D

width
under
load

3

in.

concrete
cover

Uncoated
nonprestressed

Left
bar

Crack
zone

NC

reinforcement

Far

left
bar

Crack
zone

L

16

Far

right
bar

Side
A

NC

Grouted
prestressing
system

Nonprestressed
specimen

Far

right
bar

Crack
zone

NC

Z

0.015
in.

surface
crack

Far

right
bar

Side
B

NC

width
under
load

3

in.

concrete
cover

Epoxy-coated
nonprestressed

Right
bar

Side
A

NC

reinforcement

Right
bar

Crack
zone

NC

*

See

Fig.
6.14

**

See

Table
6.2
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TABLE
6.3

Results
of

the

(continued)

Evaluation
of

the

Components
Removed

from
the

Durability
Specimens

Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

16

Right
bar

Side
B

NC

Anchorage

Side
A

NC

Duct

Side
A

L

Duct

Crack
zone

M

Duct

Side
B

M

Anchorage

Side
B

NC

Left
bar

Side
A

NC

Left
bar

Crack
zone

NC

Left
bar

Side
B

NC

Far

left
bar

Side
A

NC

*

See

Fig.
6.14

**

See

Table
6.2
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TABLE
6.3

Results
of

the

Evaluation
of

the

Components
Removed
from
the

Durability

(continued)

Specimens

Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

16

Far

left
bar

Crack
zone

NC

Far

left
bar

Side
B

NC

17

Far

right
bar

Crack
zone

VH

Grouted
prestressing
system

Prestressed
specimen

Right
bar

Crack
zone

VH

Z

0.015
in.

surface
crack

Duct

Crack
zone

D

width
under
load

2

in.

concrete
cover

Uncoated
nonprestressed

Left
bar

Crack
zone

NC

reinforcement

Far

left
bar

Crack
zone

NC

*

See

Fig.
6.14

«*

See

Table
6.2
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TABLE
6.3

Results
of

the

Evaluation
of

the

Components
Removed
from
the

Durability

(continued)

Specimens

Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

18

Far

right
bar

Crack
zone

NC

Grouted
prestressing
system

Right
bar

Crack
zone

NC

Prestressed
specimen

~

0.015
in.

surface
crack

Duct

Crack
zone

M

width
under
load

2

in.

concrete
cover

Left
bar

Crack
zone

NC

Epoxy-coated
nonprestressed

reinforcement

Far

left
bar

Crack
zone

NC

19

Far

right
bar

Crack
zone

VH

Grouted
prestressing
system

Right
bar

Crack
zone

VH

Prestressed
specimen

X

0.015
in.

surface
crack

Duct

Crack
zone

VH

Top
and

bottom

width
under
load

surfaces

3

in.

concrete
cover

Left
bar

Crack
zone

VH

Uncoated
nonprestressedreinforcement

Far

left
bar

Crack
zone

VH

*

See

Fig.
6.14

**

See

Table
6.2
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TABLE
6.3

Results
of

the

(continued)

Evaluation
of

the

Components
Removed
from
the

Durability
Specimens

Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

20

Far

right
bar

Crack
zone

NC

Grouted
prestressing
system

Right
bar

Crack
zone

M

Prestressed
specimen

£

0.015
in.

surface
crack

Duct

Crack
zone

VH

Top
and

bottom

width
under
load

3

in.

concrete
cover

Left
bar

Crack
zone

NC

surfaces

Epoxy-coated
nonprestressed

reinforcement

Far

left
bar

Crack
zone

NC

21

Far

right
bar

Crack
zone

NC

Grouted
prestressing
system

Right
bar

Crack
zone

NC

Prestressed
specimen

~

0.002
in.

surface
crack

Duct

Crack
zone

D

width
under
load

2

in.

concrete
cover

Left
bar

Crack
zone

NC

Uncoated
nonprestressed reinforcement

Far

left
bar

Crack
zone

NC

*

See

Fig.
6.14

**

See

Table
6.2
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TABLE
6.3

Results
of

the

Evaluation
of

the

Components
Removed
from
the

Durability
Specimens

(continued)
Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

22

Far

right
bar

Side
A

NC

Grouted
prestressing
system

Far

right
bar

Crack
zone

NC

Prestressed
specimen

~

0.002
in.

surface
crack

Far

right
bar

Side
B

NC

width
under
load

2

in.

concrete
cover

Right
bar

Side
A

NC

Epoxy-coated
nonprestressed

reinforcement

Right
bar

Crack
zone

NC

Right
bar

Side
B

NC

Anchorage

Side
A

NC

Duct

Side
A

L

Duct

Crack
zone

VL

Duct

Side
B

NC

*

See

Fig.

6.14

**

See

Table
6.2
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TABLE
6.3

Results
of

the

(continued)

Evaluation
of

the

Components
Removed

from
the

Durability
Specimens

Specimen
No.,

Description

Component*

Region*

Evaluation**

Remarks

22

Anchorage

Side
B

NC

Left
bar

Side
A

NC

Left
bar

Crack
zone

NC

Left
bar

Side
B

NC

Far

left
bar

Side
A

NC

Far

left
bar

Crack
zone

NC

Far

left
bar

Side
B

NC

*

See

Fig.
6.14■

**

See

Table
6.2
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TABLE
6.3

Results
of

the

Evaluation
of

the

Components
Removed

from
the

Durability
Specimens

(continued)
Specimen
No.

Component*

Region*

Evaluation**

Remarks

23

Far

right
bar

Crack
zone

NC

Grouted
prestressing
system

Right
bar

Crack
zone

NC

Prestressed
specimen

z0.002
in.

surface
crack

Duct

Crack
zone

NC

width
under
load

3

in.

concrete
cover

Left
bar

Crack
zone

NC

Uncoated
nonprestressedreinforcement

Far

left
bar

Crack
zone

NC

24

Far

right
bar

Crack
zone

NC

Grouted
prestressing
system

Right
bar

Crack
zone

NC

Prestressed
specimen

0.002
in.

surface
crack

Duct

Crack
zone

NC

width
under
load

3

in.

concrete
cover

Left
bar

Crack
zone

NC

Epoxy-coated
nonprestressed

reinforcement

Far

left
bar

Crack
zone

NC

*

See

Fig.

6.14

**

See

Table
6.2



CHAPTER VII

EVALUATION OF DURABILITY STUDY TEST RESULTS

7.1 Introduction

This chapter presents an evaluation of the test results from

the durability study, including a comparison of the effectiveness of

the principal test variables in reducing chloride-induced corrosion

of steel in concrete.

7.2 Initial Cracking

Cracking occurs in the tension zone of reinforced concrete

members subjected to flexure or axial tension when the induced

tensile stresses exceed the tensile strength of the concrete. In

general, the tensile strength of concrete subjected to flexure is

assumed to be equal to 7.5 where f£ is in psi. For the case of

the durability specimens in this study, the applied loading produced

a maximum negative moment at the location of the interior support,

resulting in randomly distributed cracking near the interior support

location as seen in the crack patterns in Appendix A. In many test

specimens, two flexural cracks were observed in the support region at

a spacing of approximately 8 in. It is believed that the cracks

which developed in the specimens were representative of the type and

distribution of flexural cracks which occur in bridge decks if some

bonded nonprestressed reinforcement is present.
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One of the mechanisms by which it is suggested that

transverse prestressing improves the durability of bridge decks was

clearly illustrated upon specimen loading. The applied load to cause

first flexural cracking was much larger for the prestressed specimens

than for the nonprestressed specimens as shown in Fig. 7.1. This

suggests that with proper design at service load levels, prestressed

concrete is less likely to have cracks than conventional reinforced

concrete.

The crack width data presented in Fig. 7.1 illustrates some

additional advantages of prestressed concrete with regard to improved

durability. Not only did it originally take a larger load to induce

first cracking in the prestressed specimens, but once cracking

occurred, this figure shows that a much larger load is required to

produce a given crack width in the prestressed specimens. Or

alternatively, this figure suggests that once cracking has occurred,

the crack width for a given load level is much smaller for the

prestressed specimens than for the nonprestressed specimens.

Furthermore, Fig. 7.1 clearly shows that after cracking there is a

residual crack width opening at zero load for the nonprestressed

(i.e., only conventionally reinforced) specimens of about 0.005 in.

In contrast, the cracks closed completely in the prestressed

specimens.
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Fig.
7.1

Moment
versus

crack
width
upon

reloading
after
initial

cracking



254

Figure 7.2 compares the measured crack widths for Specimens

14 and 15, which were nonprestressed, to that predicted using the

empirically-based Gergeley-Lutz expression [7l:

W = 0.076 gfg
3 7d

c
A (7.1)

In this expression,

w = crack width in units of 0.001 in.,

f_ = steel stress, ksi,

0 = ratio of distances to the neutral axis from the extreme

tension fibers and from the centroid of the main reinforce-

ment,

d
Q

= thickness of concrete cover measured from tension face to

center of bar closest to that face, in., and

A = concrete area surrounding one bar, equal to total effective

tension area of concrete surrounding reinforcement and

having the same centroid divided by the number of bars,
in.

The steel stress in Fig. 7.2 was determined using an elastic

transformed section analysis of the cracked concrete section of the

specimens. The Gergeley-Lutz expression overestimates the crack

width for a given level of steel stress. As a result, the Gergeley-

Lutz expression provides an overly conservative estimate of the

crack widths since the measured crack widths are much smaller than

predicted for a given load level.

At present, there are no simplified expressions which can be

used to predict the flexural crack widths in a prestressed concrete

member. What is clear from the measured crack widths of Specimens 21
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Fig. 7.2 Comparison of actual crack width to that predicted
using the Gergeley-Lutz expression
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and 24 is that the crack widths in prestressed concrete are

significantly smaller than those for reinforced concrete at a given

load level.

7.3 Exposure Testing

In this section, the results obtained during the exposure

testing of the durability specimens are evaluated. This includes an

evaluation of the results from the visual inspections and the half

cell potential readings.

7.3.1 Visual Inspection. As pointed out in Chapter 11,

corrosion progressing to such an extent that rust stains appear on

the concrete surface and cracking occurs suggests substantial

distress. Thus, the staining which appeared above the unprotected

anchorages in some of the specimens implies significant corrosion of

the anchorage had occurred at the time of detection.

The presence of a hairline crack perpendicular to the

bearing surface of the anchorage on the specimen surface in the areas

of the rust staining is of particular significance. It represented a

visible sign of severe corrosion distress of the anchorage. The

corrosion had progressed to the stage in which ferrous and hydrated

ferric hydroxides were forming. These corrosion products caused the

brownish-orange stains on the specimen surface, and their expansion

produced the hairline crack. The hairline cracks were visible only

because the rust products acted as a dye penetrant which highlighted

the crack. The crack formed perpendicular to the anchorage bearing
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surface, but parallel to and along the tendon path. A tension field

existed as shown in Fig. 7.3 because of the end zone anchorage

bursting stresses as described in Ref. 142. However, these stresses

were probably not great enough to cause cracking since no cracks were

present before exposure testing began. But, as the corrosion

products formed and occupied a larger volume and generated additional

tension stresses, the crack which formed was predisposed to do so

perpendicular to the existing tension field.

The heavy corrosion associated with the anchorages, as

evidenced by rust staining in the anchorage region in the unbonded

tendon specimens, is particularly distressful. This is so because

visual inspection of the concrete surface by itself does not reveal

whether the anchorage plate, jaws, and/or the tendon extensions were

corroding. Corrosion of any or all of these components could lead to

the loss of the load-carrying capability of the tendon. The post-

mortem visual examination confirmed that the outer surfaces of the

anchorage casting, strand extensions, jaws, and inner surfaces of the

anchorage casting around the jaws had some forms of corrosion. For

unbonded construction, the loss of any part of the anchorage is as

critical as the loss of the tendon itself.

Further visual inspection did not indicate any other signs

of corrosion distress at any other locations on the specimens. In

particular, there was no evidence of distress at the location of the

flexural cracks in any of the specimens. This means that any
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Fig. 7.3 Corroding anchorage producing crack perpendicular to

existing tension field
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corrosion occurring in the reinforcement had not progressed to a

stage that would cause surface rust stains or delaminations.

The results of the visual inspection presented in Chapter VI

revealed a gradual discoloration of the mortar in the anchorage

recesses. The color changed from a rich gray to a golden-brown. The

color change resulted from a leaching of some of the cement out of

the mortar. This suggests a water migration path as shown in Fig.

7.4. The cement was leached out of the mortar by the aggressive

percolating action of the salt water. However, at the end of the

exposure testing, the unprotected mortar anchorage plugs were still

intact, and showed no loss of soundness due to the cement lost by

leaching. Thus, the discoloration appeared to have no significant

effect with respect to the corrosion protection of the anchorage.

Inspection of the mortar plug also revealed that no

shrinkage gaps existed between the mortar and concrete as shown in

Fig. 7.4. This was particularly significant since the mortar mix

used for the anchorage recesses did not contain an admixture which

limited shrinkage, and was considered to be a typical mortar mix

[s4].

7.3.2 Half Cell Potentials. As described in Chapter 11,

the measurement of half cell potentials provides a nondestructive

means of determining if the steel reinforcement is in an active state

of corrosion. Half cell potential measurements indicate corrosion in

advance of severe forms of distress. Thus, the monitoring of half
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Fig. 7.4 Migration path of salt water
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cell potentials provided a means of determining the likelihood of

corrosion during the exposure testing period of the durability

specimens. Since the half cell potentials were read periodically

throughout the testing period, they also provided an indication of

the onset of corrosion.

However, it is important to recognize that an evaluation

using half cell potential measurements only indicates the likelihood

of corrosion. No inference can be made as to the severity of

corrosion distress when interpreting half cell potential readings.

This is particularly true in the case of the epoxy-coated

reinforcement where any corrosion which occurred was extremely light

compared to the corrosion of the uncoated reinforcement.

The criteria used for evaluating half cell potentials have

evolved from years of corrosion studies on mild reinforcing steel.

However, at present there are no existing criteria for evaluating the

half cell potentials for prestressing steel or posttensioning duct.

7.3.2.1 Nonprestressed Reinforcement. The ASTM C-876

[l2] criteria for evaluating half cell potential readings of mild

steel reinforcement are summarized as follows:

1. "No”: |hCp| < |-140mvj
(relative to SCE)

This classification represents a greater than

90% probability that no corrosion is

occurring.
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7.3.2.1.1 Predictive Capability. In the presentresearch, the post-mortem examination, which included a visualinspection of the reinforcement after removal from the durabilityspecimens, permitted a direct evaluation of the predictive capabilityofthe half cell potential method. A comparison of the corrosionactivity predicted by the half cell potential method to that actuallyobserved during the visual inspection of the post-mortem examinationispresented in Table 7.2. For the half cell potential predictionswhichare ”YES” or ”N 0 this comparison reveals that the half cellpotential method predicted the correct visual observation in

Based on this ASTM criteria, the half cell potential readings for the

nonprestressed reinforcing steel that are presented in Appendix B

were evaluated. The results of this evaluation are presented in

Table 7.1. The evaluations were based on the half cell potential

(HCP) readings at the end of exposure testing. For those evaluations

designated as ”YES”, the approximate time in days when the HCP

readings numerically exceeded -290mV are also given in Table 7.1

under the heading ’’Time to Corrosion.’’

7.3.2.1.1 Predictive Capability. In the present

research, the post-mortem examination, which included a visual

inspection of the reinforcement after removal from the durability

specimens, permitted a direct evaluation of the predictive capability

of the half cell potential method. A comparison of the corrosion

activity predicted by the half cell potential method to that actually

observed during the visual inspection of the post-mortem examination

is presented in Table 7.2. For the half cell potential predictions

which are ”YES” or ”N0 this comparison reveals that the half cell

potential method predicted the correct visual observation in
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Unbonded
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TABLE
7.1

Evaluation
of

the

Half
Cell

Potentials
for

the

Mild

Reinforcement
in

the

Specimens
(continued)
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TABLE
7.2

Comparison
of

Corrosion
Activity
by

Half
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Potential
(HCP)

Method
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That
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approximately 85% of the cases. This is close to the 90% confidence

limit applied by the ASTM C-876 [l2] evaluation criteria.

It is interesting to note that in all but one case, an

incorrect evaluation resulted from the interpretation of the half

cell potentials for an epoxy-coated reinforcing bar. In all these

cases, the half cell potential measurements suggested corrosion

activity, whereupon the subsequent visual inspection indicated no

corrosion. The reason for this is not known, since the half cell

potential method correctly predicted some evidence of corrosion on

the epoxy-coated reinforcing bars of other specimens. Considering

only the uncoated bars, there was a 95% agreement between the HCP

method and the visual inspection.

For those cases in Table 7.2 in which the half cell

potential predictions were ’’UNCERTAIN”, approximately 40% indicated

corrosion by visual inspection, and about 60% indicated no corrosion.

This is close to the 50%-50% split which is implied by the

’’UNCERTAIN” category for interpretation of half cell potential

readings.

7.3.2.1.2 Comparisons. Table 7.3 presents the

evaluation of the incidence of corrosion of the nonprestressed

reinforcement based on an interpretation of half cell readings with

visual observation from the post-mortem examination. Table 7.3 is

subdivided into the principal variables of study in the durability

tests in order to more clearly identify the trends. The results
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indicate that there was approximately equal incidence of corrosion in

the unbonded and grouted specimens, confirming that corrosion of the

nonprestressed reinforcement is independent of prestressing system

type.

Figure 7.5 clearly indicates that the epoxy-coated

reinforcement had a much lower incidence of corrosion than the

uncoated reinforcement independent of other test variables. Figure

7.5 reveals that only 17% of the epoxy-coated reinforcement showed

evidence of corrosion compared to 63% of the uncoated reinforcement.

It is apparent that epoxy-coated reinforcement drastically reduces

the likelihood of corrosion.

Figure 7.6 shows the effect that prestressing and

reinforcement type had on the incidence of corrosion. It is clear

from this figure that the incidence of corrosion of the uncoated

reinforcement was drastically reduced when the presence of

prestressing limited the crack widths to about 0.002 in. For this

case only 13% (actually only one reinforcing bar) showed signs of

corrosion. This compares to an 88% incidence of corrosion of the

uncoated reinforcement in the nonprestressed and prestressed

specimens which were loaded to produce crack widths of approximately

0.015 in. This suggests that the incidence of corrosion is

proportional to crack width and that the prestress works in the 0.002

in. case by limiting crack width. It must be pointed out that 0.015

in. is an artificial case with prestress since a much higher load was
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Fig. 7.5 Comparison of incidence of corrosion of uncoated and

epoxy-coated reinforcement
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Fig. 7.6 Comparison of incidence of corrosion of reinforcement

in nonprestressed and prestressed specimens
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required to produce this crack width as was indicated in Fig. 7.1.

Figure 7.6 also indicates that there was no corrosion of the epoxy-

coated reinforcement in the prestressed specimens with 0.002 in.

crack widths. This compares to 25% corrosion incidence of the epoxy-

coated reinforcement for the specimens in the other two

classifications.

There are several other trends which are evident from Fig.

7.6. For the nonprestressed specimens (i.e., only conventionally

reinforced), the use of epoxy-coated reinforcement reduced corrosion

incidence. Thus, this result confirms the theories that the use of

epoxy-coated reinforcement in conventionally reinforced decks would

reduce the risk of corrosion. For the prestressed specimens in which

crack widths were limited to 0.002 in., the corrosion incidence for

uncoated and epoxy-coated reinforcement could be considered about

equal. This result suggests that for a transversely prestressed

bridge deck that epoxy-coated reinforcement would not be needed.

Prestressing which limited cracking would be sufficient for corrosion

protection of uncoated reinforcement.

For this somewhat limited period of the exposure testing,

Fig. 7.7 clearly indicates that without regard to other test

variables the incidence of corrosion was independent of the concrete

cover. There was about an equal incidence of corrosion of the

reinforcement in the specimens with 2 in. concrete cover as in the

specimens with 3 in. concrete cover. The concrete cover made little
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Fig. 7.7 Comparison of incidence of corrosion of reinforcement

in specimens with 2 in. and 3 in. concrete covers

without regard to other test variables
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difference for the case of these durability specimens because the

corrosion initiated on the reinforcement at the crack locations.

As discussed in Chapter V, some of the uncoated

reinforcement was precleaned of all mill scale before placement in

the specimens. Figure 7.8 shows that the incidence of corrosion of

the precleaned reinforcement was almost equal to that of the ’’not

cleaned” reinforcement. Therefore, removing any heterogeneities on

the surface of the reinforcement, and thereby removing any localized

anodic locations which are prone to corrosive attack, apparently had

no effect on the incidence of corrosion.

7.3.2.1.3 Time to Corrosion. An evaluation of the time

to corrosion data presented in Table 7.2 reveals that the average

time to corrosion of the reinforcement under these severe exposure

conditions was approximately 30 days for the nonprestressed and

prestressed specimens having similar crack widths. This implies that

for crack widths of 0.015 in., the action of the prestressing closing

cracks had little effect on the time to corrosion.

7.3.2.2 Prestressing Strand and Posttensioning Duct.

The half cell potentials of the prestressing strand in both the

unbonded and grouted specimens, as well as the galvanized

posttensioning duct in the grouted specimens, were also monitored

throughout the exposure testing period. However, there is no

information in the literature concerning threshold values of half

cell potentials for strand or duct which indicate the likelihood of
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Fig. 7.8 Effect of precleaning uncoated reinforcement on

incidence of corrosion
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corrosion. It is believed that this is the first study in which half

cell potentials were monitored for these materials.

Figures 7.9 through 7.11 are typical of the half cell

potential measurements taken for the left strand, duct, and right

strand of a grouted specimen. The half cell potentials with time are

basically the same for both the strands and the duct as shown in

these figures. However it is believed that since the prestressing

strands and the duct were ’’electrically interconnected” through

contact with the anchorages, the half cell potential readings refer

to the half cell potentials of the entire posttensioning system and

not of an individual component. This implies that any increase in

half cell potential which indicates corrosion activity could be the

result of corrosion of the strand, duct, anchorage, or any

combination of these components.

Examining the half cell potential readings in Appendix B

reveals that the potential at the start of testing is much higher for

the strands and duct in the grouted specimens than the strand in the

unbonded specimens or the nonprestressed reinforcement in both the

unbonded and grouted specimens. Since the nonprestressed

reinforcement, prestressing strand and the duct are manufactured from

steel, it seems that their potentials should be similar. However,

this difference could be explained with the aid of modern mixed-

potential theory of corrosion [s9]. Figure 7.12 shows a qualitative

plot of potential versus log current for a coupling between two
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7.10

Half
cell

potential
readings
for

galvanized
duct
of

Specimen
21



280

Fig.
7.11

Half
cell

potential
readings
for

right
strand
of

Specimen
21



281

Fig. 7.12 Electrode kinetic behavior of two galvanically coupled
metals
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metals, and M2. In this case, the two metals would be the strand

and the duct. The figure shows the potentials and corrosion rates of

the two metals before and after coupling. If is symbolic of the

potential at which M-j corrodes, and if E
CoUpi e

symbolic of the

potential at which M-| coupled to M 2 corrodes, then it is clearly seen

that E
COuple more negative than E-|. This is the reason the half

cell potential at the start of testing is larger (more negative) for

the strand and duct system in the grouted specimens. In Fig. 7.12,

any increase in log current is symbolic of an increase in corrosion

rate. Even though no corrosion rates were measured in the durability

study to substantiate the fact, Fig. 7.12 also clearly shows that the

corrosion rate of the coupled system would be greater than for either

individual metal.

The previous discussion points out drawbacks in the use of

the half cell potential method for the prediction of corrosion

activity of strand or duct. To predict corrosion activity of any

individual component requires complete electrical isolation. This is

impossible by virtue of the components being part of a system. This

implies that the corrosion activity of the system can be monitored,

but this would require experimental calibration for each type of

system. However, the half cell potential method would not indicate

which component of the system is corroding. Threshold values of

potentials would be affected by the number of tendons, area of duct,

type of anchorages and other factors. These difficulties suggest
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that the half cell potential method, at best, could only be used to

qualitatively indicate corrosion activity. For example, examination

of the half cell potential readings of the strand in the unbonded

specimens reveals that there is an increase in potential with

exposure time from the initial value in almost all cases. Since the

results from the post-mortem examination discussed in Chapter VI

indicate that there was little evidence of actual corrosion of the

strand surrounded by the unbonded plastic duct, then this suggests

that the potential change probably resulted from corrosion of an

anchorage.

7.4 Post-Mortem Examination

In this section, the results obtained from the post-mortem

examination are discussed. This includes an evaluation of the

results from the tests for chloride content in the concrete as well

as from the visual inspection of the reinforcement removed from the

specimens.

7.4.1 Chloride Content. The chloride ion (Cl”) content of

a concrete sample measured using an acid soluble test is generally

considered to represent the amount of total chloride in concrete.

The only difference between the actual total chloride content and

that measured using an acid soluble test is the presence of

organically bound chloride. A water soluble chloride test determines

the Cl” which is extractable in water, and probably better represents

the actual amount of chloride available for corrosion. In the
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present study, both water and acid soluble tests were conducted to

determine Cl” content in the concrete samples taken from the

durability specimens.

The water soluble chloride was determined according to the

colorimetric procedure used by the Mineral Studies Laboratory (MSL)

(see Appendix C). However, MSL also used both conventional titration

procedures [34] "and the colorimetric procedure for 10% of the

concrete samples. In general, for large amounts of Cl”, above 1 lb

Cl”/(cu.yd.concrete), the two methods give similar results. However,

for Cl” less than 1 lb/(cu.yd.concrete), on the average, the measured

amounts of Cl” using both methods differ by as much as 50%. For

small Cl” contents, it is believed that the colorimetric procedure is

more accurate.

The average water soluble chloride content in the concrete

samples was found to be about 90% of the acid soluble chloride

content. This is slightly greater than the 75-80% range reported

from other studies [33]. This implies that in the present study,

most of the Cl” found in the concrete samples was available for

dissolution in water, and hence was available to cause corrosion.

For corrosion protection, the current ACI Building Code [6]

recommends a maximum water soluble Cl” concentration of 0.06% by

weight of cement for prestressed concrete and 0.15% by weight of

cement for reinforced concrete exposed to chlorides in service (see

Table 2.2). The intent of this requirement is to minimize the risk
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of chloride-induced corrosion by limiting the amount of Cl” in the

hardened concrete before exposure to chlorides from the environment.

Examination of Table 6.1 reveals that in this study only the concrete

used for the first concrete batch (sample R1) exceeded the more

restrictive prestressed concrete requirement. Other than this one

case, the concrete used for the construction of the durability

specimens met the ACI requirements, and should have been at low risk

to chloride-induced corrosion according to ACI 318-83

recommendations.

7.4.1.1 Cracked Concrete. Results of the chloride

content determination in the concrete samples taken at the level of

the reinforcement in the cracked section of the specimens are given

in Fig. 7.13 (see Appendix A for core locations). The cross-hatched

bars in Fig. 7.13 represent cases in which corrosion of the

reinforcement was observed at- the crack location. Open bars

represent cases in which no visible signs of corrosion occurred at

the crack location. The generally accepted value of the minimum

water soluble Cl" content required to initiate corrosion is shown at

1.5 lbs Cl”/(cu.yd. concrete) (see Section 2.4.3).

It is evident from Fig. 7.13 that the prestressed specimens

in which crack widths were limited to about 0.002 in. had on the

average a much lower Cl” concentration at the crack location than the

other specimens. However, for almost all specimens and independent

of stress level and crack width, Fig. 7.13 also reveals that the Cl”
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content at the crack location exceeded the generally accepted

chloride corrosion threshold. The results from the half cell

potential readings and the visual inspection indicated that virtually

no corrosion of the nonprestressed reinforcement occurred in the

prestressed specimens with 0.002 in. cracks, as evidenced by the open

bars in Fig. 7.13. The one incidence of corrosion in this category

had a Cl~ content of about 19 lbs. Cl”/(cu.yd.concrete), which greatly

exceeds the chloride corrosion threshold. Since the Cl~

concentration exceeded that which is generally regarded as necessary

to initiate corrosion, it is then concluded that other environmental

conditions necessary to cause corrosion were in general not present.

The action of the prestressing force which was sufficient to control

crack widths and completely close cracks apparently limited the

ingress of oxygen which is required for corrosion to take place.

This conclusion is substantiated by evidenced cited in Refs. 19 and

146 in which concrete submerged in seawater with chloride contents

ranging from 13 to 34 lbs Cl""/(cu.yd.concrete) showed very little

evidence of corrosion primarily because of the lack of oxygen. A

chloride level exceeding the chloride corrosion threshold is not

enough in itself to cause corrosion.

There are several other trends which are evident from Fig.

7.13. The water soluble Cl“ concentration at the crack locations

appears to be independent of 2 in. and 3 in. cover as evidenced by

the random nature of the bar data. It is also clear that epoxy-
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coating on reinforcement substantially reduced the incidence of

corrosion even though the Cl” levels were greater than the generally

accepted value of the chloride corrosion threshold. Or it might be

suggested from Fig. 7.13 that the chloride corrosion threshold for

the epoxy-coated reinforcement is higher than that for uncoated

reinforcement. For epoxy-coated reinforcement, corrosion only

occurred when the Cl” levels were above 12 lbs Cl“/(cu.yd.concrete).

The one case in which corrosion was observed for a

prestressed specimen with 0.002 in. crack width had an excessive

amount of Cl”. In this case, the prestress level was probably not as

great as was assumed (i.e., 160 psi) and thus in actuality the cracks

in that specimen were opened to levels greater than 0.002 in.

7.4.1.2 Uncracked Concrete. Figure 7.14 presents the

water soluble Cl” concentrations in the concrete samples taken at the

level of the reinforcement in an uncracked section of the specimens

(see Appendix A for core locations). In this figure, no

differentiation is made with respect to reinforcement type since

there was no evidence of corrosion of any reinforcement at uncracked

concrete locations. The figure clearly shows that prestressing had

little direct effect on the Cl” penetration in the uncracked regions

of the concrete. However, it must be remembered that prestressing has

an indirect effect since for the same load a prestressed structure is

more likely to be uncracked throughout than one that is only

conventionally reinforced. Thus, in actuality, Fig. 7.14 shows the
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effect of what occurs if cracking is prevented. For both the 2 in.

and 3 in. cover specimens, the average Cl” content is similar for

nonprestressed and prestressed specimens. Figure 7.14 also shows the

Cl" content was, on the average, at or below the chloride corrosion

threshold. This probably explains why no corrosion of the

nonprestressed reinforcement occurred in the uncracked regions of the

specimens.

Figure 7.14 also reveals that the average Cl" concentration

at a depth of 3 in. is less than that at a depth of 2 in. The figure

also indicates that in all but one case, the Cl" level is

substantially above the average amount at the start of exposure

testing. The additional amount represents the Cl" introduced from

the salt water exposure. Since no corrosion of reinforcement

occurred in uncracked concrete, it can be concluded that on the

average this additional amount of Cl" was less than that required to

initiate corrosion.

7.4.1.3 Penetration with Depth. Figure 7.15 presents

the water soluble Cl" content with depth for the four profile cores

which were taken at an uncracked concrete location (those samples

ending with a ”P” in Table 6.1). Two of the Cl" penetration profiles

are from nonprestressed specimens, and two from prestressed

specimens. This figure clearly indicates the rapid decrease in Cl“

penetration with depth in the uncracked concrete. This figure also

shows that prestressing had little direct effect on Cl" penetration
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in the uncracked concrete as was previously indicated by Fig. 7.14.

At a depth of about 2.5 in., all Cl" values were less than the

chloride corrosion threshold.

7.4.1.4 Relationship Between Chloride Level and

Concrete Quality. Figure 7.16 presents a comparison between the

average water soluble Cl" content with depth taken from the profile

cores of the durability specimens and that obtained by Clear in a

previous research study [33L Clear obtained Cl" content data with

depth for water-cement ratios of both 0.40 and 0.50. Since W/C =

0.44 for the concrete used in the durability specimens, the Cl"

levels with depth should ideally fall between Clear’s data. Even

though this was not the case, considering the differences in testing

conditions, the Cl" levels with depth from both tests are very

similar. The rapid decrease of Cl" with depth is evident from both

sets of data.

Table 7.4 shows the requirements in the current ACI Building

Code [6] regarding concrete cover and concrete quality for reinforced

and prestressed concrete slabs exposed to corrosive environments.

These provisions suggest that a reduction in concrete cover of 0.5

in. is permissible with the use of a prestressed concrete slab.

However, the results shown previously in Fig. 7.14 suggest that for

uncracked concrete, Cl” content is independent of prestressing, and

therefore a reduction in cover for prestressed concrete is not

consistent with the trends observed in this study. The effect of
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W/C

Ratio

Minimum

Cover (in.)

Reinforced 0.40 2.0

Concrete
Slabs 0.45 2.5

Prestressed 0.40 1.5

Concrete

Slabs 0.45 2.0

TABLE 7.4 ACI Recommendations [6] for Reinforced and Prestressed

Concrete Slabs Exposed to Corrosive Environments
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prestressing is to control cracking. However, ACI recommendations do

appear consistent with observed trends regarding a decrease in

concrete cover for a decrease in water-cement ratio (i.e., increase

in concrete quality). Clear’s data shown in Fig. 7.16 indicate that

for a given concrete depth, the Cl” concentrations decrease with an

increase in concrete cover. Thus, the different combinations of W/C

ratio and concrete cover in Table 7.4 provide similar protection from

chloride-induced corrosion if the concrete is uncracked.

The results shown in Fig. 7.16 from the exposure tests of

this research indicate that the combination of W/C = 0.44 and a 2 in.

cover was on the average sufficient in keeping the Cl” concentrations

in the uncracked concrete below the chloride corrosion threshold for

the exposure conditions of the test. As shown in Table 7.4, this is

approximately the same combination recommended by ACI to ensure

protection for prestressed concrete slabs exposed to corrosive

environments. However, it is important to recognize that the ACI

recommendations assume that the concrete is uncracked and do not

envision the ingress of large amounts of chlorides at crack locations

as is indicated by the results shown in Fig. 7.13. For cracked

concrete, concrete quality and cover have little effect on Cl""

penetration.

7.4.2 Visual Inspection. Visually inspecting reinforcement

which has been removed from concrete provides the most conclusive

verification of corrosion activity. Moreover, visual inspection
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represents one of the few methods which can be used to quantify

corrosion intensity.

The nonprestressed reinforcement, prestressing tendon and

duct were removed from the crack zones in all the specimens. In

addition, the full length of all reinforcement as well as anchorages

were removed from selected specimens. The results of the visual

inspection for corrosion of these components were presented in Table

6.3.

A close examination of the results from the visual

inspection reveals that corrosion only occurred on the nonprestressed

reinforcement which was removed from the crack zones. The

reinforcement outside the crack zone regions was well protected by

the concrete during exposure testing.

Cracks in concrete are thought to have differing roles in

the corrosion of reinforcing steel. From one viewpoint, cracks

provide access to the steel for corrosion-producing substances. In

this case it is thought that cracks accelerate the onset of

corrosion. Another viewpoint suggests that while cracks accelerate

corrosion, such corrosion is localized. Eventually, chloride ions

penetrate even the uncracked concrete and initiate more widespread

corrosion of steel. The result is that after a few years there is

little difference between the amount of corrosion in cracked and

uncracked concrete.
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Clearly, in the present study, the cracks did accelerate the

onset of corrosion. Since the exposure did not last for several

years, it is uncertain whether corrosion would have eventually

resulted in widespread corrosion of the reinforcement away from the

crack zones in the specimens. However, it is believed that the test

exposure conditions represented a more severe condition than would

exist in practice, and thus can be viewed as representing a much

longer exposure period than indicated by the actual test duration.

Yet the fact is that corrosion of the nonprestressed reinforcement

only occurred at the crack zones in the specimens. The results from

the present study show that corrosion only occurred at crack

locations, and that the incidence of corrosion was substantially

reduced by limiting crack widths with the use of prestressing.

The visual inspection of the uncoated nonprestressed rein-

forcement also clearly indicated the destructive spreading effect of

more advanced stages of corrosion. As shown in Fig. 7.17, the cor-

rosion initiated at the crack locations in the concrete, but then

spread along the length of the bar. The length the corrosion had

spread was greater than three bar diameters, which is the distance

often cited for the occurrence of very localized corrosion [2l], In

many cases, the corrosion had spread over a distance as much as 6 to

10 bar diameters. It is expected that allowed enough time the cor-

rosion probably would have spread even further along the bar result-

ing in cracking of the concrete along the reinforcing steel bar.
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Fig. 7.17 Spreading effect of corrosion of uncoated reinforcement
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Figures 7.18 through 7.20 present histograms for different

categories of damage of the nonprestressed reinforcement. The

categories of damage were summarized in Table 6.2. In the

histograms, N represent the total number of occurrences for all

categories. The histograms are based on all the top reinforcement

which was removed from the crack zones of the specimens.

Figure 7.18 clearly shows that the extent and the occurrence

of corrosion was substantially reduced with the use of epoxy-coated

reinforcement as compared to the use of uncoated reinforcement.

Examination of Figs. 7.19 a and 7.19 b reveals that the

distribution of corrosion damage for the nonprestressed specimens and

the prestressed specimens with large crack widths (az 0.015 in.) is

practically identical. This comparison suggests that prestressing

does little to reduce corrosion if crack widths are comparable to

those in reinforced concrete. However, Fig. 7.19 c indicates that

prestressing reduced the occurrence and extent of corrosion damage

when crack widths were limited to approximately 0.002 in. This

result substantiates the claim that prestressing limits corrosion by

controlling cracking.

Figure 7.20 reveals that the increasing concrete cover did

little to reduce the occurrence and extent of corrosion damage. This

implies that the corrosion of the nonprestressed reinforcement in the

specimens was independent of the concrete cover between 2 in. and 3

in.
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Fig. 7.18 a Histogram of corrosion of uncoated reinforcement

Fig. 7.18 b Histogram of corrosion of epoxy-coated reinforcement
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Fig. 7.19 a Histogram of nonprestressed reinforcement corrosion

in specimens ( 0.015 in. surface crack width)

Fig. 7.19 b Histogram of nonprestressed reinforcement corrosion in

prestressed specimens ( 0.015 in. surface crack width)

Fig. 7.19 c Histogram of nonprestressed reinforcement corrosion in

prestressed specimens ( 0.002 in. surface crack width)
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Fig. 7.20 a Histogram of nonprestressed reinforcement corrosion

with 2 in. cover

Fig. 7.20 b Histogram of nonprestressed reinforcement corrosion

with 3 in. cover
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Figures 7.18 b and 7.19 c suggest that the epoxy-coated

reinforcement, and prestressing which controlled crack widths to

0.002 in., were the factors most responsible for reducing both the

incidence and extent of corrosion. There was virtually no corrosion

which occurred in either epoxy-coated or uncoated reinforcement in

the specimens which were prestressed and had a maximum surface crack

width opening under load of 0.002 in. Therefore, for the durability

tests, it can be concluded that prestressing which controlled

cracking to this level was just as effective in reducing and

controlling corrosion as epoxy-coated reinforcement.

The results presented in Table 6.3 show that, in general,

the prestressing tendons in the unbonded specimens were well

protected by the plastic duct. However, there was one case, Specimen

8, in which the unbonded tendon showed signs of localized surface

corrosion at a location where the plastic duct had been purposely

slit in the crack zone. This single instance of corrosion of a

tendon, even if only very light, suggests the need for ensuring that

there is no damage of the plastic duct after tendon placement.

Visual inspection of the galvanized duct which was removed

from the crack zone of the grouted specimens did not reveal any clear

trends in the corrosion pattern. There seemed to be less corrosion

damage of the duct in the prestressed specimens with 0.002 in. crack

widths, as compared to the other specimens. In all cases in which

corrosion of the duct occurred, the corrosion was limited to the zinc
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coating (galvanizing) covering the duct. The galvanizing worked well

in its intended function of controlling corrosion. The corrosion of

the duct was evaluated as very heavy (VH) in many cases because it

occurred over a large area even though it was only the zinc coating

which corroded. In actuality, the steel duct below the galvanizing

was well protected, as were the prestressing tendons which were

grouted in the duct.

The performance of the anchorages clearly revealed the need

for special attention to ensure adequate corrosion protection. The

unprotected anchorages of the unbonded specimens were heavily

corroded, particularly on the castings. In addition, the jaws and

inner surfaces of the anchorage castings around the jaws showed signs

of corrosion. The clear concrete cover over the anchorages in the

unbonded specimens varied between 7/8 in. and 1-7/8 in. depending on

the required clear cover over the reinforcement. Other than for the

concrete cover, the unbonded specimen anchorages were otherwise

unprotected. As a result, the concrete cover alone proved

ineffective in providing adequate corrosion protection of the

anchorage.

The heavy corrosion which occurred on the strand extensions

outside the unprotected anchors additionally suggests the need for

anchorage protection. The corrosion of the tendon extensions is

particularly distressful in the case of an unbonded tendon, since the

loss of the tendon results in a loss of its ability to carry load.
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7.5 Summary

The following summarizes the major results and conclusions

from the durability study.

1. Corrosion of nonprestressed reinforcement initiated and

occurred at the location of flexural cracks.

2. The incidence and extent of corrosion was much greater for

uncoated reinforcement than for epoxy-coated reinforcement.

3. For the exposure conditions of the durability tests, the

prestressed specimens in which crack widths were limited to

approximately 0.002 in. under load resulted in virtually no

corrosion of nonprestressed reinforcement.

4. Both nonprestressed and prestressed specimens which were

loaded to produce crack widths of approximately 0.015 in.

had a similar incidence and extent of corrosion damage to

the nonprestressed reinforcement.

5. The incidence and extent of corrosion of the nonprestressed

reinforcement at the crack zones was independent of the

concrete cover between 2 and 3 in.

6. There was no advantage to ’’precleaning” the uncoated

reinforcement prior to casting on the incidence and extent

of corrosion.

7. Prestressing had a significant effect in reducing the

penetration of Cl" at crack locations in which crack widths

were limited to 0.002 in. However, in all specimens, the
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Cl” concentration at crack locations was substantially

greater than the generally accepted chloride corrosion

threshold.

8. The prestressed specimens in which the crack widths were

limited to 0.002 in. apparently reduced chloride-induced

corrosion by limiting the penetration of oxygen.

9. Prestressing had little effect on the Cl” penetration with

depth in uncracked concrete.

10. The combination of W/C = 0.44 and a 2 in. cover provided

adequate protection of the nonprestressed reinforcement in

uncracked concrete for the exposure conditions of the test.

11. ACI and AASHTO recommendations for concrete cover and

concrete quality assume that concrete is uncracked. These

recommendations do not envision the ingress of large amounts

of chlorides at crack locations. For cracked concrete,

concrete quality and concrete cover had little effect on Cl“

penetration. Thus, the main benefit of prestressing is to

eliminate and to greatly control cracking.

12. In general, concrete by itself proved inadequate in

protecting prestressing anchorages and strand extensions

from corrosion.

13. In general, both the grease-filled plastic duct and the

grouted galvanized duet adequately protected the

prestressing tendons in the length between the anchorages.
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CHAPTER IX

DESIGN IMPLICATIONS

9.1 Introduction

In other studies [4,103,113,124] which were part of the

overall research program on transverse prestressing, detailed

experimental data obtained from testing a 0.45 scale laboratory model

bridge and trends observed from a comprehensive analytical

investigation of transverse prestressing effects were presented. In

this chapter, the results and the design implications indicated from

these experimental and analytical studies of the structural effects

of transverse prestressing are summarized. In addition, the design

implications indicated from the durability study will be presented.

9.2 Structural Considerations

9.2.1 Transverse Prestressing Effects. In the following

sections, the structural design implications of transverse

prestressing effects will be examined. These design implications are

based on the results from the plane stress finite element analysis

study presented in Section 8.4.1, the three-dimensional finite

element analysis study presented by Almustafa [4], and the

experimental testing of the laboratory model bridge [4,113,124].

Both analysis studies considered the prototype slab-girder bridge
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shown in Figs. 9.1 through 9.3» with material properties given in

Table 9.1.

9.2.1.1 Effect of Girders. One of the principal

concerns which was identified at the beginning of this study was the

influence of the lateral stiffness of girders on transverse stress

distribution. The results from the finite element analysis of the

study bridge without diaphragms as presented in Fig. 8.9 indicate

that the transverse stress distribution in a bridge deck is not

affected significantly by the lateral stiffness of the girders if the

girders rest on flexible neoprene pads. A fixed support condition

for the girders could be a problem; however, current practice shows

almost an exclusive use of flexible neoprene bearings, with

occasional use of steel rocker bearings. These bearings should allow

for relative girder movement during transverse prestressing. This

finding was further corroborated by Almustafa [4], This finding

suggests that the lateral stiffness effects of girders will not have

to be considered in design.

9.2.1.2 Effect of Diaphragms. The restraining effect

of diaphragms on transverse stress distribution was another principal

concern at the beginning of this study. The results from all study

phases indicate that diaphragms do alter the transverse stress

distribution.

The first indication of the diaphragm effect was shown

previously in Fig. 8.8. The stress contours shown in that figure
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Fig. 9.1 Prototype bridge studied with finite element analysis
(from Ref. 4 )
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Fig. 9.2 Girder and diaphragm dimensions for study bridge
(from Ref. 4 )
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Area
or Thickness (in.)

Long. Moment
of

Inertia(in?)

Lateral Moment
of

Inertia

Eccentricity* (in.)

Modulus of Elasticity (ksi)

Shear Modulus
of

Elasticity (ksi)

Girder

A

=

495

82,602

8632

27.035

4460

1828

End Diaphragm

A

=

144

3,888

768

13.125

4460

1828

Interior Diaphragm

A

=

176

8,111

981

15.625

4460

1828

Slab

t
s

=

8.25

—

—

---

4070

1696

*

Eccentricity
from
the

midsurface
of

the

slab.

TABLE
9.1

Material
Properties
of

Girders,
Diaphragms,
and

Slab
of

Study
Bridge
(from
Ref.
4)
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revealed that the transverse stresses in the deck slab reduce to 70%

of the applied edge stress. This stress reduction is limited to the

near regions of diaphragm locations. However, it is clear that there

is some nominal transverse stress reduction in a large area of the

bridge deck.

The transverse stress distribution from Almustafa’s analysis

[4] of the study bridge with all diaphragms included is presented in

Fig. 9.4. In this figure, the contours represent percentages of the

uniformly applied edge stress for one-quarter of the bridge deck.

Since Almustafa’s analysis was three-dimensional, it included the

eccentricity effects of the transverse prestressing about the

centroid of the composite slab-girder section. This is the principal

reason that the stress distribution from the three-dimensional

analysis presented in Fig. 9.4 is different from that predicted by

the plane stress finite element analysis. This analysis also

indicates a transverse stress reduction in most regions of the bridge

deck, but with the principal reduction in the near vicinity of the

diaphragms. A stress reduction to 60% and 70% of the applied edge

stress occurs at the bottom surfaces of the bridge deck at the end

and interior diaphragm locations, respectively. Thus, these results

are generally consistent with those from the plane stress finite

element analysis.

Almustafa also studied the transverse stress distribution if

no interior diaphragms were included in the analysis. The stress
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Fig. 9.4 Transverse stress distribution in deck slab, all-diaphragm
ease with straight strands (from Ref. 4 )
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contours for this case are shown in Fig. 9.5. These results indicate

that the transverse stresses in some locations of the end diaphragm

region are still only 70* of the applied edge stress; however, for

most of the slab there is little stress reduction. The results from

the testing of the model bridge without interior diaphragms are shown

in Fig. 9.6. The contour lines were drawn from the results obtained

from the finite element analysis considering the extra tendons in the

diaphragm area. The numbers in the triangles represent stress

percentage values obtained experimentally from strain gages. There

is generally good agreement when comparing the experimentally

obtained results to the analytical results. That is, the

experimental results in triangles in general fall between the

appropriate analytical countours. This figure further indicates that

away from the end diaphragm region, there is little stress reduction

since the experimental stresses shown in the triangles hover around

100% of the applied edge stress. This result has important design

implications since elimination of interior diaphragms would result in

significantly less required prestressing in the slab in these

regions.

Almustafa also studied the effect of varying the diaphragm

stiffness on transverse stress distribution. Diaphragm stiffness was

varied by changing the cross-sectional area. Figures 9.7a, 9.7b, and

9.7 c compare the computed stress to the aPP lied edge

stress
fec ted) at various locations on the deck as the
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Fig. 9.5 Transverse stress distribution in deck slab, end-diaphragm
only case with straight strands (from Ref. 4 )
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Fig. 9.7 Effect of diaphragm size on transverse slab stresses

and diaphragm axial force, straight tendon case

(from Ref. 4 )
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diaphragm area (A d) varies. To simplify the comparisons, the area of

both end and interior standard diaphragms are assumed to be 150

These figures indicate that for diaphragm areas greater than the

standard diaphragm, there is not a significant change in computed

stress reduction except for location E in the end diaphragm region.

However, in this region, the maximum stress reduction is still

greater for location F. These figures indicate minimum top and

bottom stress reductions to about 60% and 75% of the applied edge

stress in the diaphragm region, even for diaphragms much larger than

the standard diaphragm. For diaphragm sizes smaller than the

standard diaphragms, transverse stresses at all locations approach

the applied stress.

Figure 9.7 d compares the force in the diaphragms (F
D ) to the

force in a foot width of the slab (Fs) as the diaphragm area varies.

For the standard diaphragm, the diaphragm force is approximately 1.4

times the force in the slab. This implies that the slab force is

only 1/1.4, or about 70% of the applied edge force as previously

indicated from the results of the plane stress finite element

analysis. As is expected, Fig. 9.7 d also indicates that as the

diaphragm size increases the axial force increases. This implies

that the stiffer the diaphragm, the more restraint it imposes on slab

shortening, and consequently, the more force it will attract.

It is clear that the existence of diaphragms affects the

transverse stress distribution in a bridge deck which is transversely
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prestressed. This diaphragm effect results in a nonuniform stress

distribution. For practical design considerations, there are four

methods which might be used to either compensate for the restraining

effect or prevent it from occurring [4 ]. These methods are

summarized as follows:

1. Apply additional transverse prestressing in the slab with

the use of more closely spaced tendons. These strands

should be placed as close to the diaphragm line as possible.

The results from the model bridge test in which the number

of tendons was doubled at both interior and end diaphragm

regions are shown in Fig. 9.8. In general, the actual

stresses shown in triangles are at least 100% of the applied

stress. Thus, this method was effective in compensating for

restraining effects of the diaphragms. This procedure may

not produce a uniform stress distribution, and with closely

spaced tendons, there may be anchorage problems.

2. Apply a prestress force in the diaphragm themselves.

Prestressing the diaphragms with a force would permit equal

shortening in the slab and diaphragms, and thus the

transverse slab distribution would be unaffected by the

diaphragms. However, this option could be a problem in skew

bridges.

lnserting a thin steel plate of thickness equal to the

calculated maximum shortening in the slab at one side of
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each diaphragm for construction purposes only as shown in

Fig. 9.9. Prior to the application of transverse

prestressing in the slab, the plates should be taken out to

allow for free shortening of the slab. After the

application of transverse prestressing, grouting may be

necessary to close the gap between the diaphragms and

girders.

4. Following current trends of omitting the diaphragms, small

collapsible diaphragms can be used for construction

purposes. These diaphragms should be removed before the

application of transverse prestressing to the slab.

9.2.1.3 Effect of Bridge Geometry.

9.2.1.3.1 Bridge Length. The effect of bridge length

on the transverse stresses at various locations in the study bridge

is shown in Fig. 9.10. For a bridge length of 38 ft, which includes

interior diaphragms, there are significant reductions in the top

surface slab stresses at interior diaphragm and midspan regions.

However, in the comparison, Almustafa included two interior diaphragm

locations for both the 38 ft and 76 ft bridge. However, current

construction practice calls for only a single line of diaphragms at

midspan for bridges up to 50 ft in length. For a6O ft bridge with

both interior and end diaphragms, which is a more realistic

comparison to the 76 ft study bridge, there can still be substantial

stress reduction at the top slab surfaces for locations A and C.
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Fig. 9.9 Method 3 for compensating for diaphragm effect; inserting
thin steel plates between the girders and diaphragms
(from Ref. 4 )
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Fig. 9.10 Effect of bridge length on transverse slab stresses

and diaphragm axial force (from Ref. 4 )
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However, the maximum transverse reductions occur at the bottom

surface locations B and D, and these reductions are virtually

independent of bridge length. Thus, it is clear that bridge length

will not result in any significant additional stress reductions

beyond those already considered by the diaphragm effect.

Figure 9.10 d shows that the force in the interior diaphragms

of a 60 ft bridge increases approximately 50% above that for the

study bridge to a value of F
d/fs

- 2.0. This implies that to

compensate for diaphragm effects by prestressing the diaphragms would

require a force of about two times the slab force per foot width

of slab (Fg).

9.2.1.3.2 Skew Angle. Since a high percentage of

bridges are built skewed, such as shown in Fig. 9.11, Almustafa

investigated the effects of skew on transverse stress distribution.

Following the current practice of placing the conventional steel

reinforcement in skewed bridge decks, the transverse prestressing was

assumed to be placed perpendicular to the longitudinal girders.

Also, following current construction practice, the interior

diaphragms were placed perpendicular to the bridge girders as shown

in Fig. 9.11.

Figure 9.12 shows the effect of bridge skew angle on

transverse stress distribution. Figures 9.12 a and 9.12 b indicate

that the top and bottom slab surface stresses near midspan and the

interior diaphragms are virtually independent of the skew angle.
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Fig. 9.11 Typical bridge for study of skew effects (from Ref. 4 )
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Fig. 9.12 Effect of skew angle on transverse slab stresses and

diaphragm axial force (from Ref. 4 )
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However, Fig. 9.12 c reveals that there is less of a transverse stress

reduction for both top and bottom slab surface stresses at the end

diaphragm region as the skew angle increases from 0 degrees. Figure

9.12 d shows that the force in both the interior and end diaphragms

decreases as the skew angle increases. Thus, it is evident that as

the skew angle of the bridge increases, the lateral restraining

action of the diaphragms decreases.

Placing transverse prestressing perpendicular to the girder

in a bridge with skew has important design implications for the

anchorages as well. For those cases in which the slab is continuous

over interior bridge bent locations, it is expected that all

anchorages would be along the longitudinal edges of the slab as a

shown in Fig. 9.13. However, for those cases in which the slab is

not continuous, then it is expected that the anchorages would be as

shown in Fig. 9.14. The anchorage would be inset in the slab, and

the plane of the anchorage would be parallel to the girder. Thus,

the prestressing would remain perpendicular to the girders. The dead

end anchorage would be placed along the skew, and therefore stressing

would be accomplished along the longitudinal edge of the bridge.

Since this longitudinal edge is perpendicular to the prestressing

steel, stressing would be accomplished by conventional techniques.

9.2.1.4 Effect of Slab Thickness. Figure 9.15 presents

the effect of slab thickness (t s
) on transverse stress distribution.

These results show that the effect of varying slab thickness is much
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Fig. 9.15 Effect of slab thickness on transverse slab stresses

and diaphragm axial force (from Ref. 4 )



380

less pronounced than the diaphragm effect. There are no significant

changes in stress reductions for slab thickness less than the 8.25

in. slab of the study bridge. There are larger forces in the

diaphragms for thinner slabs as seen in Fig. 9.15d, since the

relative stiffness between the diaphragms and slab is increasing.

9.2.1.5 Tendon Effects.

9.2.1.5.1 Tendon Profile. Almustafa studied the effect

of draping tendons as shown in Fig. 9.3 b on the distribution of

transverse stresses. The principal effect of draping tendons is to

introduce secondary moments in the slab. Since draped tendons are

used to achieve higher compression stresses at the highest draping

points, these stresses are the most important from a design point of

view. Because of this, the stress contours in Figs. 9.16 and 9.17

are plotted for these maximum stresses. The contours shown in Fig.

9.16 for the end diaphragm case clearly indicate that the transverse

stress reductions are confined to the near regions of the end

diaphragm. For this case, the minimum stress is about 50% of the

applied compression stress at some top surface slab locations. For

the all diaphragm case shown in Fig. 9.17, a similar 50% stress

reduction is seen for some bottom slab surfaces at interior diaphragm

locations. In comparing these figures to Figs. 9.4 and 9.5 for the

straight tendon cases, it is seen that the transverse stress

distribution is much more uniform for the deck slab with draped

tendons, but the stress reductions are slightly greater.
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Fig. 9.16 Transverse stress distribution in deck slab,
end-diaphragm case with draped tendons

(from Ref. 4 )
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Fig. 9.17 Transverse stress distribution in deck slab,
all-diaphragm case with draped tendons

(from Ref. 4 )
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Figure 9.18 shows the effect of diaphragm size on slab

stresses at various locations and the diaphragm axial force for the

study bridge with draped tendons. The stresses at the different

locations vary substantially with the size of the diaphragm.

However, in comparing Fig. 9.1 8d with that for the straight tendon

case in Fig. 9.7d, it is seen that the diaphragm forces are

practically identical for both cases. Thus, draping locally changes

slab stresses, but the overall effect in terms of the force attracted

to the diaphragms is similar to that for straight tendons.

The analysis of transverse stresses considering a tendon

profile of only draped tendons is somewhat unrealistic. According to

current practice, live loads are the predominant factor in slab

design and generally result in the possibility of moment reversals at

girder and midspan slab panel locations. Therefore, it is not

practical to use draped tendons alone to reinforce the slab. A more

realistic tendon profile would consist of a combination of draped and

straight tendons as was used for the slab of the laboratory model

bridge. A profile with a combination of straight and draped tendons

will have a slightly different overall transverse stress distribution

than a profile with just straight or just draped tendons; however,

the maximum stress reductions will be comparable.

Considerations for concrete cover for corrosion protection,

which are presented in Sec. 9.3.4, will suggest that draped tendons

may not be practical at all for transversely prestressed bridge
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Fig. 9.18 Effect of diaphragm size on transverse slab stresses and

diaphragm axial force, draped tendon case (from Ref. 4 )
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decks. One of the primary reasons for draping tendons is to increase

the effectiveness of the prestressing; however, more labor costs are

involved with draping tendons. As more concrete cover is needed for

corrosion protection, there is less room for draping, and thus the

effectiveness of draping decreases. The extra labor involved with

placing draped tendons becomes more important. Thus, it may prove

less expensive to just use straight tendons.

9.2.1.5.2 Jacking Sequence. If all strands in a

transversely prestressed bridge deck are stressed simultaneously,

then there would not be any stress losses in the strands due to

elastic shortening of the slab. However, stressing all tendons

simultaneously is impractical. Successive stressing of tendons

results in stress losses in all previously stressed tendons due to

elastic shortening of the concrete slab. Maximum tendon stresses

losses would occur for each tendon posttensioned individually. For

the laboratory model bridge, the maximum stress loss due to jacking

sequence was calculated to be 3%. Ralls [l24] reported the maximum

stress loss as 3.8%, which is close to the calculated value. The

effect of jacking sequence is insignificant when compared to other

effects such as slab stress reductions due to the presence of

diaphragms.

9.2.1.5.3 Friction Losses. Friction losses in

posttensioning systems can result in significant stress losses in

prestressing tendons. For example, in the case of the model bridge,
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the deck slab was designed assuming the straight tendons would have a

10% stress loss and the draped tendons a 30% stress loss at the dead

end side of the bridge for a jacking procedure from one side only.

However, the test results indicated virtually no stress losses

occurred because of friction losses. Apparently, the reduced scale

of the posttensioning system in the model bridge deck resulted in

significantly less friction losses than those actually determined

experimentally for the full-scale prototype posttensioning system.

However, if the tendon stress loss had been 10% for the straight

tendons and 30% for the draped tendons as predicted, and had it not

been accounted for in design, the result would have been less

compression at the far end of the slab to resist imposed tension

stresses from vehicular live loads. The theory of friction losses in

posttensioning systems is well documented [90,91] and can be

accounted for in design by the usual exponential stress reduction

equations previously shown in Fig. 8.10.

9.2.2 Serviceability, Strength and Structural Integrity.

The structural design implications of serviceability, strength and

structural integrity considerations are briefly discussed in the

following sections.

9.2.2.1 Crack Control. From the point of view of

corrosion risk, cracks must be limited whether caused by structural

loads or other factors such as temperature and shrinkage stresses in
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concrete. Current crack control recommendations are assumed to be

adequate in limiting nonstructural cracking.

9.2.2.2 Deflection Control. The use of prestressing

generally decreases live load deflections and thus live load

deflection problems should not be a concern for a transversely

prestressed bridge deck. Phipps [ll3] shows that live load

deflections of a transversely prestressed deck slab are negligible.

However, at the start of the present study, there was also concern

for camber and deflection effects from transverse prestressing.

Ralls [l24] reported that the maximum upward camber and downward

deflection was less than 0.01 in. due to prestressing the model

bridge deck. This represents a camber or deflection to slab span

ratio of about 0.02%. Thus, these small deflections are of no

practical concern.

9.2.2.3 Ultimate Strength. Even though the idea of

transverse prestressing is to control cracking at service loads, it

must also satisfy ultimate strength requirements. Phipps [ll3]
*

presents a thorough study of the behavior of the laboratory model

bridge at factored and ultimate loads. Figure 9.19 shows the

vertical load application points for the various tests of the

structural model bridge. The various tests included conditions which

simulated the following:

1. maximum positive moment of an interior slab span;

2. maximum positive moment of an exterior slab span;
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Fig. 9.19 Vertical load application points (from Ref. 113
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3. maximum negative moment of an interior slab span;

4. maximum negative moment of an exterior slab span; and

5. minimum positive moment.

These vertical load tests were carried out for both ends of the model

bridge since there were different strand profiles.

Figures 9.20 and 9.21 present the load-deflection behavior

for the positive and negative moment tests, respectively. These

figures indicate that the behavior is essentially linear up to

factored loads for both strand profiles of the model bridge deck.

Cracking occurs at about factored load levels, whereupon the load-

deflection curves become nonlinear. The tests were stopped at just

over five times factored load level for the positive moment tests and

at just over three times factored load level for the negative moment

tests, but still ’’ultimate” had not been reached. Since the model

bridge deck was designed using current flexural design provisions, it

can be said that these provisions provide a very conservative

assessment of ultimate strength. It must be noted here that the

amount of longitudinal reinforcement in the model bridge deck which

was substantially less than called for in current design of

conventionally reinforced decks, was more than adequate in reaching

the factored load level.

9.2.2.4 Bonded Versus Unbonded Reinforcement. There are

both advantages and disadvantages in using either an unbonded or a

bonded posttensioning system. The results from the durability study
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indicate that both an unbonded tendon completely surrounded by grease

and an integral plastic duct, and a bonded tendon completely

surrounded by grout and a rigid galvanized duct provide adequate

corrosion protection in the length between anchorages. The unbonded

tendon surrounded by grease and a plastic duct is more vulnerable to

corrosive attack if the plastic duct is damaged before concrete is

cast. However, a bonded system has additional corrosion protection

because moisture must penetrate the concrete cover, duct, and the

grout before corrosion can occur. In both systems, it is necessary

to maintain continuous protection where the duct and anchors join.

The fatigue behavior of unbonded and bonded prestressing

tendons is quite different. As shown previously in Sec. 2.2.6,

fretting action between prestressing steel and grout at a crack

location can result in an amplified steel stress range. As stress

range increases, fatigue life decreases. However, for an unbonded

tendon, fatigue life is basically independent of cracking and stress

range levels are much lower than in bonded tendons since the strains

are averaged over the full length of the tendon. The fracture criti-

cal location for an unbonded tendon is at the anchorages, and in

particular at the jaws. The jaws biting into the prestressing tendon

form notches which act as local stress risers. For the unbonded

tendon case, fatigue fractures could initiate at these notches. Even

though the bonded system may be more fatigue sensitive at crack

locations, it is known that fractured wires in a strand can rebond in
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as little as 2 to 3 ft [lll], and thus the tendon is not rendered

completely useless. In contrast, if fatigue fracture of a tendon

occurs at an anchorage in an unbonded system, there is no

redistribution possible, and the load-carrying capability of the

tendon is completely lost.

The ultimate strength behavior of unbonded and bonded

prestressing systems also has important design implications. The

principal difference in the tendon behavior is the steel stress at

failure. Since the tendon is free to slip in an unbonded system, the

strain is more or less equalized along its length, and the strain at

the critical section is lessened. Consequently, when the concrete

crushing stress is reached, stress in the steel is often far below

its ultimate strength [9l]. Thus, for the same amount of

prestressing steel in an unbonded and a bonded member, the ultimate

strength of the bonded member will be 10-30% greater [9l].

In comparing the cost of an unbonded single-strand system to

that of a grouted single-strand system, there is no doubt that the

unbonded system is less expensive. The additional cost with use of a

bonded system is a result of the cost for grouting hardware and the

cost for grouting labor operations. However, these costs are

basically constant whether there is a single or whether there are

multiple tendons. Thus, the cost of multiple tendons in a single

duct with a single pair of anchorages approaches the cost of several

unbonded single tendons with the associated several pairs of
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anchorages. From a cost standpoint, a grouted multistrand system can

be just as economical as an unbonded single-strand system.

There are several structural reasons why some bonded

reinforcement is needed by members prestressed with unbonded tendons.

There have been several cases in which structural systems utilizing

only an unbonded post tensioning system without some bonded

reinforcement resulted in a progressive catastrophic collapse due to

abnormal loads. Unbonded tendons alone do not possess a large

capacity for energy dissipation or load redistribution. There is

little inherent ductility with an unbonded system which does not

contain supplemental bonded reinforcement. Some bonded reinforcement

is also needed to ensure flexural performance at ultimate member

strength, rather than behavior as a tied arch, and to control

cracking at service loads. The current ACI 318-83 Building Code [6]

recommends the following amount of bonded reinforcement with use in

unbonded systems:

A
s

= 0.004 A (9.1)

2
where A

s
= area of bonded reinforcement, in.

and A = area of that part of cross section between flexural

tension face and center of gravity of gross section,
in.

2

This amount of bonded reinforcement should provide adequate

ductility, ensure flexural performance at ultimate, and help to

control cracking at service loads.
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The amount of bonded reinforcement given by Eq. (9.1) was

used in the laboratory model bridge deck. If an unexpected

catastrophy resulted in the loss of all the tendons in this bridge

slab, the bonded reinforcement would have been enough to

approximately carry the full slab dead load and service live loads.

Even though this would have been an ’’ultimate” condition for the

bonded reinforcement, the overall structural integrity of the deck

would have been maintained. Thus, the amount of bonded reinforcement

given by Eq. (9.1) should provide adequate structural integrity as

well. For grouted posttensioning systems in which strain

compatibility is maintained, additional bonded reinforcement would

not be required.

Overall, a bonded posttensioning system would be preferred

because of its inherent ductility, structural integrity, and

resistance to corrosive attack. However, adequate performance from

an unbonded posttensioning system can probably be achieved with the

use of supplemental bonded reinforcement.

9.2.2.5 Anchorage Design. To develop compression in

concrete with posttensioning requires a transfer of prestressing

tendon force to concrete through anchorages. Since the durability

study results reveal that corrosion risk is reduced by limiting

cracking, then the design of a transversely prestressed bridge deck

must also ensure that no cracks form at anchorage zones.
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The most current recommendations for posttensioning

anchorage zone design, which were briefly discussed in Chapter IV,

are presented in Ref. 143. However, these anchorage zone design

recommendations do not consider multiple tendons anchored in the same

section as would be the case for a transversely prestressed bridge

deck. However, there is some evidence that there may be a favorable

effect of multiple anchorages. As shown qualitatively in Fig. 9.22,

after one anchorage has been stressed, a compression bulb forms

around the anchorage. As the next anchorage is stressed, the

existing compression bulb may actually reduce the likelihood of

tension splitting stresses at the anchorage zone. As each successive

anchorage is stressed, a compression field forms which aids in the

stressing of the next anchorage.

This qualitative assessment of a favorable compression field

has other design implications. If the stressing of an anchorage to

full design value might produce cracking, then an option would be to

initially prestress a number of anchorages to say only half the

design value, which will set up a favorable compression field, then

come back and restress the anchorages to full design value.

With these ideas in mind, it is clear that the problems with

multiple anchorages in a thin slab may not be as critical as

originally thought. However, it is recommended that the anchorage

zone design recommendations from Stone and Breen [l43] be used with
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Fig. 9.22 Favorable compression field from anchorage stressing which

reduces likelihood of tension splitting stresses from

successive anchorage stressings
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conservatism for multiple anchorages until research indicates

otherwise.

Anchorage design will also have a significant effect on the

overall economy of a transversely prestressed bridge deck. If

multiple tendons can be safely anchored at a single location, then

the cost will decrease since the number of anchorages and stressing

operations will also decrease. The design of the plate type

anchorages for the durability specimens using the recommendations of

Ref. 143 indicated that a maximum of 2, 1/2-in. diameter 270K

prestressing tendons could be safely anchored in an 8-in. thick

section with an eccentricity of 1.75 in. without the use of auxiliary

crack control reinforcement. This suggests that for a transversely

prestressed bridge deck, three or more tendons anchored at a single

location would probably require the use of auxiliary reinforcement

for crack control. For crack control, a spiral would be no problem

and would not be a big cost factor.

There are several currently available posttensioning systems

which could be used for transverse prestressing of bridge decks. As

discussed in Chapter IV, it is expected that as the use of

posttensioning in thin slab applications increases, even more systems

will become available. Several manufacturers produce unbonded

single-strand systems which utilize either 0.5 or 0.6 in. diameter

strand. However, this industry recently underwent major changes due

to a patent infringement suit [531. Federal district courts in
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Virginia and Delaware ruled that two major producers ’’willfully

infringed’’ upon the patent held by F.A. Lang. There are several

licensees which are producing unbonded tendons with extruded plastic

duct. VSL continues to hold a licensing agreement for this system in

the U.S. This VSL unbonded system was used for the unbonded

specimens in the durability study. Dywidag also has available a

single-strand system without bond.

There are several bonded posttensioning systems currently

available which would be appropriate for transverse prestressing of

bridge decks. The VSL Slab Posttensioning System with bonded tendons

shown in Fig. 9.23 appears quite suitable. The system can

accommodate up to four 0.5 in. diameter tendons. In this system, the

anchorage body and the wedges are not placed in the block-out and on

the strands until concreting is complete. In this way, the risk of

these components becoming dirty or corroding from exposure before or

during concreting is eliminated. The strands can be placed in a

flat, smooth, or corrugated steel duct, and a recent development has

added flat corrugated plastic duct for the specific purpose of added

corrosion protection as an option. The duct is then injected with

grout to protect the strands from corrosion. The posttensioning

system used for the grouted specimens in the durability study was

very similar to this VSL Slab System.

Dywidag has two different bonded systems shown in Fig. 9.24

which might be used for transverse prestressing. One system utilizes
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Fig. 9.23 VSL slab posttensioning system with bonded tendons

(from VSL Posttensioning Catalog)
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Fig. 9.23 VSL posttensioning system with bonded tendons (continued)

(from VSL Posttensioning Catalog)
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Fig.

9.24

Dywidag
bonded

posttensioning
systems
(from
Dywidag

Posttensioning
Catalog)
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a 0.6 in. diameter strand. The other system is similar to the first

system except a Dywidag threaded bar is used as the prestressing

steel.

Another product which might find wide acceptance in bridge

decks is epoxy-coated prestressing strand. This product is

commercially available from Florida Wire and Cable [74].

9.2.2.6 Maximum Tendon Spacing. There are two factors

which must be considered in setting maximum spacing requirements for

prestressing. One factor is the effective prestressing at the edge

of a slab, and the second factor concerns the distribution of

stresses at interior slab regions.

At the edge of a slab, there is a transition zone for

transfer of forces from the anchorage into the concrete. Phipps

E 1132 conducted an experimental study on the laboratory model bridge

of this transfer of forces from the anchorage into the concrete.

Figure 9.25 a shows the experimentally obtained local compressive

stress contours on the edge of the model bridge with a single tendon

stressed (P). These contours represent percentages of the uniformly

applied edge stress if all the slab tendons were stressed. Even

though this test was for model dimensions, it is assumed to be

equally applicable for full-scale prototype dimensions.

The distance along the edge has been normalized by the strand

spacing, s.
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Fig.

9.25

a Stress

distribution
contours
for

single

posttensioned

strand
at

edge
of

slab
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Fig. 9.25 c Assumed edge conditions for determining
maximum tendon spacing

Fig. 9.25 b Superimposed stress contours from Fig. 9.25 a
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In order to determine the tendon spacing, s, which would

ensure an effective distribution of prestress at the slab edge,

Phipps [ll3] superimposed the stressd contours in Fig. 9.25 a as shown

in Fig. 9.25b. Based on the superimposed contours in Fig. 9.25b, and

assumptions of edge and load conditions as shown in Fig. 9.25c,

Phipps [ll3l arrived at a maximum tendon spacing given by Eq. (9.2):

s = 14 ((y/6) + 1) (9.2)

where s = maximum tendon spacing, in.

y = distance from edge of bridge slab to inside edge of barrier

wall, in.

For a typical barrier wall in which y equals 12 in., the maximum

tendon spacing s in order to ensure effective distribution of

prestress at the slab edge would be 42 in. according to Eq. (9.2).

The other consideration for maximum tendon spacing concerns

the assumption of uniform compression. Figure 9.26 shows qualitative

stress distributions at middepth for a body stressed by different

loads. In all cases, the calculated nominal compressive stress would

be P/A based on the gross area being fully effective. But, in

actuality, the entire area is not effective. In the first case, the

actual stresses would be nonuniform. As the number of load points

increases, a more uniform state of compression results. ACI 318-83

[6] requires tendons or groups of tendons not to exceed eight times

the slab thickness, nor 5 ft in order to ensure a uniform stress

distribution.
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Fig. 9.26 Qualitative stress distributions of a body with different

loading conditions
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Thus, the design implication for a bridge deck is that the

maximum tendon spacing cannot exceed that given by Eq. (9.2), Bt, nor

5 ft.

9.3 Durability Considerations

In the following sections, the design implications for

improving the durability of bridge decks in terms of corrosion

protection with the use of transverse prestressing will be discussed.

These design implications are primarily based on the results from the

durability study presented in Chapter VII.

9.3.1 Tendon Protection System. The complete protection of

prestressing tendons from corrosion is imperative in a structure in

which the primary load-carrying capability is by prestressing such as

the case for a transversely prestressed bridge deck. Protection from

corrosion is even more important for high-strength prestressing

tendon than for nonprestressed reinforcement because the prestressing

carries more force per unit steel area. The results from the

durability study indicated that, in general, both the plastic duct

and grease system, and the galvanized duct and grout system were

adequate in protecting the prestressing tendons in the length between

anchorages. However, the one incident of light tendon corrosion at a

defect in the plastic duct indicates that prestressing tendons are

probably more susceptible to corrosion with this type of protection

system. In general, any prestressing protection system which
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prevents the penetration of corrosion-producing substances at all

locations will provide adequate protection. FIP [sß], HERON [s4],

and PTI [l67] have recommendations for the protection of post-

tensioning systems.

9.3.2 Nonprestressed Reinforcement Protection. It is clear

from the results of the exposure tests that current recommendations

for design of conventionally reinforced decks which allow crack

widths up to 0.011 in. under service loads are ineffective in

preventing chloride-induced corrosion. Some additional form of

corrosion protection is required. The durability study test results

indicate that the risk of chloride-induced corrosion is reduced

substantially by either the use of prestressing to limit cracking or

epoxy-coating covering the reinforcement.

9.3.3 Prestress Level. The results from the durability

study indicated that the corrosion protection mechanism of

prestressing was primarily due to the limitation of crack widths.

There was virtually no incidence of corrosion of uncoated

nonprestressed reinforcement in slabs in which crack widths were

limited to about 0.002 in. However, the Cl“ concentration at the

reinforcement level at crack locations exceeded the generally

accepted corrosion chloride threshold in almost all cases. This

suggests that design recommendations should be based conservatively

on a design of a ”crack-free” deck slab. In the next chapter, the



410

design criteria for a "crack-free” slab will be developed for a 2

tension index.

9.3.4 Concrete Cover and Concrete Quality. The results

from the durability study indicate that corrosion was basically

independent of concrete cover since corrosion of steel reinforcement

initiated at crack locations. Therefore, increasing concrete cover

is ineffective in reducing the risk of corrosion if concrete cracking

is permitted. However, for uncracked concrete, the combination of a

water-cement (W/C) ratio of 0.44 and a 2-in. clear cover was

effective in reducing corrosion risk. On the average, the Cl”

content at a depth of 2 in. was less than the corrosion chloride

threshold. At a depth of 3 in., 93% of the concrete samples had a

Cl” content less than the corrosion chloride threshold.

9.3.5 Anchorage Protection. The corrosion protection of

posttensioning anchorages is of utmost importance in a transversely

prestressed bridge deck, especially for an unbonded prestressing

system where the loss of an anchorage also means the loss of the

tendon. The results from the durability study clearly show that by

itself concrete cover less than about 2 in. is inadequate for

corrosion protection. The use of impenetrable coatings such as a

durable epoxy, or a cap which completely encloses the anchorage, as

previously shown in Fig. 4.11, is necessary to provide effective

protection.
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9.3.6 Chloride lon (Cl”) Content. The risk of corrosion is

reduced for embedded steel in concrete which is exposed to chlorides

in service if the Cl” content of the constituent materials is kept to

a minimum. The average water soluble Cl - content in the hardened

concrete of the durability specimens before exposure to chlorides was

0.06% by weight of cement. The Cl~ which penetrated the concrete

during exposure added to the initial Cl” was in general less than the

corrosion chloride threshold. If the Cl” content in the hardened

concrete before exposure had been greater, then the Cl” content at a

depth of 2 in. probably would have been greater than the corrosion

threshold value.

9.4 Tolerance Considerations

Construction errors, especially with regard to tendon

placement, can be particularly critical for transversely prestressed

bridge decks. An error of 0.5 in. in tendon placement in a thin deck

slab as compared to a tall girder results in larger changes in

induced stresses. This was particularly evident for the laboratory

model bridge where tendon placement errors produced a wide variation

in top and bottom slab stresses.

Nonprestressed reinforcement placement errors are also

critical with regard to risk of chloride-induced corrosion. For

example, the results from the durability study indicate that if

placement errors resulted in a 1.5 in. cover instead of 2.0 in.

cover, the corrosion risk would have been substantially greater
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because of much larger Cl" concentrations at that depth. In the next

chapter, recommendations will be developed for a minimum 2.5 in.

cover based on both corrosion and tolerance considerations.



CHAPTER X

DESIGN RECOMMENDATIONS AND DESIGN EXAMPLES

10.1 Introduction

In this chapter, the design implications discussed in the

previous chapter are translated into specific design recommendations.

These design recommendations are based on the results from both the

structural and durability phases of the overall research program on

transverse prestressing. Based on these design recommendations,

AASHTO Bridge Design Specification requirements for the design of

transversely prestressed bridge decks are proposed. Then, the

proposed requirements are illustrated with two design examples. The

possible economic benefits of transverse prestressing are examined by

comparing the costs for the transversely prestressed deck of one of

the design examples to that of a conventionally reinforced concrete

deck.

10.2 Design Recommendations

10.2.1 Transverse Prestressing Effects.

10.2.1.1 General. The analytical and experimental

results presented in Chapters VIII and IX clearly indicate that there

are significant reductions in transverse slab stresses due to

prestress in slab-girder bridges because of the presence of

diaphragms. Therefore, the effect of diaphragms on the prestress
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distribution in a transversely prestressed bridge deck must be

considered in design. Finite element programs such as those used in

the present research study would be both cumbersome and relatively

expensive for use in design. In sections which follow, simplified

procedures are proposed for determining the forces required to

compensate for the restraining effects of diaphragms and thereby

ensure adequate transverse prestressing throughout a bridge deck

slab.

As presented in Chapter IX, for practical design

considerations there are two methods which can be used to compensate

for diaphragm restraining effects. One method involves prestressing

the diaphragms themselves. Prestressing the diaphragms with a

supplementary force equal to the force attracted by them due to

transverse prestressing of the deck would permit approximately equal

shortening in the slab and diaphragms. Consequently, the deck

transverse prestress distribution would be relatively unaffected by

the diaphragms. The design procedure which is developed for

determining the prestress force required in the diaphragms to

compensate for restraining effects follows a rationale similar to

that used for determining development length of reinforcing bars in

the current ACI Building Code [6]. In that procedure a basic

development length is modified by multiplicative factors to account

for the influence of various conditions in order to arrive at a

design embedment length. This rationale translates into a design
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approach as shown by Eq. (10.1) for determining the prestress force

required in the diaphragms to account for diaphragm effects:

P
D =ct CK CL CSK I

* 6 F S (10.1)

where P
D

= prestress force required in diaphragms to

account for restraining effects,

ct»c K»cL» cSK = factors to account for various parameters such

as slab thickness, diaphragm stiffness, bridge
skew angle, and diaphragm spacing,

1.6 = constant to account for basic effect of dia-

phragms, units of length,

and F
s = transverse prestress force per unit edge length

applied to deck slab to resist effects of

imposed loading assuming no diaphragm
restraining effects.

Thus, the prestress force that is applied to the diaphragms to

overcome the restraining effects will be some factor times the

transverse prestress force applied to the slab.

The second method which can be used to compensate for

diaphragm restraining effects involves furnishing additional

transverse prestressing in the slab by using more closely spaced

tendons in regions near the diaphragms. To use this method in

design, two things need to be known. They are:

1. How much extra force is required to overcome the restraining
effects; and

2. Over what area should the force be applied.

This translates into equation form as given by Eq. (10.2)

F
e = f F

S (10.2)
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where F
e

= effective transverse prestress force per unit edge

length applied in regions near the diaphragms to

account for diaphragm restraining effects,

f = factor greater than 1 which is dependent on the bridge
skew angle,

and F
s = transverse prestress force per unit edge length applied

to deck slab to resist effects of imposed loading

assuming no diaphragm restraining effects.

In Section 10.2.1.3.3 which follows, this design approach will be

developed, and recommendations will be given as to what regions of a

slab will require extra transverse prestressing to compensate for

diaphragm effects.

Although the primary focus of this study was slab-girder

bridges, design recommendations for transverse prestressing effects

in box-girder bridges will also be addressed. The supporting basis

for the design recommendations of box-girder bridges is found in Ref.

4. The design approach for box-girder bridges will be the same as

for slab-girder bridges in which the effective slab prestress force

required to compensate for restraining effects will be some factor

greater than 1 times the design prestress slab force required to

resist the imposed structural loading, or in which a prestressing

force consistent with the deck prestressing is applied to the

diaphragms.

10.2.1.2 Box-Girder Bridges. Based on the study by

Almustafa [4], it is concluded that in order to use transverse

prestressing in box-girder bridges, it is necessary to avoid any

interaction between diaphragms and transverse prestressing of the top
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slab of box-girder sections. In box-girder bridges, the results

clearly show that it is impractical to account for the diaphragm

restraining effects with additional slab transverse prestressing.

The only practical method to compensate for diaphragm restraining

effects is to prestress the diaphragms. Therefore, to account for

diaphragm restraining effects in box-girder bridges, it will be

necessary to apply a diaphragm prestress force consistent with the

level of transverse prestressing applied to the top slab.

The results also indicate that there are some other

relatively small restraining effects which must be compensated for in

design. In particular, the restraining effects between interaction

of the webs and the transverse prestressing of the top slab must be

accounted for. For a wide range of parameters including slab

thickness, web inclination, web thickness, and strand profile, simple

design recommendations for transverse prestressing effects in one-,

two- and three-cell box girder sections can be made. The effective

transverse prestressing force per unit edge length, F required to

compensate for web restraining effects is given by the following

equations for various box-girder sections:

One-cell section:

F
e

= 1.1 Fs (10.3)

Two-cell section:
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F
e

= 1.15 F S (10.4)

Three-cell section:

F
e

= 1.4 F s (10.5)

where F
e

= effective transverse slab prestressing force per unit

edge length required to compensate for web restraining

effects,

and F
s = calculated transverse prestress slab force per unit

edge length required to resist effects of structural

loads assuming no restraining effects.

This effective transverse prestressing force will be required along

the entire slab edge of a box-girder bridge.

10.2.1.3 Slab-Girder Bridges. The recommendations for

the analysis of transverse prestressing effects in slab-girder

bridges assume that a bridge deck basically behaves as an elastic

slab continuous over the supporting girders.

10.2.1.3.1 Bridge with No Diaphragms. For a nonskew or

skew bridge which will not include diaphragms, or in which the

diaphragms will not be present at the time of transverse

prestressing, for design purposes the transverse prestress

distribution can be assumed to be uniform and equal to the applied

edge prestress.

10.2.1.3-2 Compensating for Diaphragm Restraining

Effects by Prestressing Diaphragms. The basic equation which is
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proposed for determining the prestress force required to compensate

for the diaphragm restraining effects is given by Eq. (10.6):

P
Db = 1

-
6 F S (10.6)

where P
Db

= basic prestress force applied to the diaphragms to

account for diaphragm restraining effects,

1.6 = factor to account for presence of diaphragms, units of

length,

and F
s = transverse prestress force applied per unit edge

length along the slab edge to resist effects of

structural loading.

Equation (10.6) represents the basic diaphragm restraining effects in

Eq. (10.1):

wherePDb=basicprestress force applied to the diaphragms toaccountfor diaphragm restraining effects,1.6=factorto account for presence of diaphragms, units oflength,andFs=transverseprestress force applied per unit edgelengthalong the slab edge to resist effects ofstructuralloading.Equation(10.6)representsthe basic diaphragm restraining effects inEq.(10.1):

before correction factors are applied to account for various

parameters.

To illustrate Eq. (10.6), if the applied transverse

prestress was 200 psi in an 8 in. slab, then the transverse prestress

per unit edge length, Fg, would be 19,200 lbs, and the diaphragm

force required to compensate for restraining effects would be 1.6

times 19,200 lbs, which is 30,720 lbs. This basic equation (Eq.

10.6) is applicable for both end and interior diaphragms. For this

basic equation, the bridge slab thickness is assumed to be 8 in., the

bridge skew 0 degrees, the diaphragm spacing 25 ft, and the diaphragm
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stiffness corresponds to that of standard concrete diaphragms (see

Fig. 9.2). Modifications to this basic equation which account for

slab thickness, bridge length (i.e., spacing between diaphragms), and

bridge skew will be proposed in sections which follow.

Table 10.1 presents comparisons between the diaphragm

prestress force required to compensate for diaphragm effects

determined by Eq. (10.6) and that previously determined by finite

element analysis. The comparisons are presented in terms of the

ratio of Pp to ln general, the constant value of 1.6 is a

reasonable assessment of the values determined by finite element

analysis.

Correction for Slab Thickness. As the slab thickness

decreases, the relative restraint and hence the diaphragm force

increases. To modify the basic equation (Eq. 10.6) for the effect of

slab thickness, the following equation is proposed:

P
D

=c
t 1.6 F

S (10.7)

where Ct
= correction factor for slab thickness.

The proposed slab thickness correction factor is:

c
t = 8/t (10.8)

where t = slab thickness, in.

Table 10.2 presents a comparison between the diaphragm

prestress force required to overcome diaphragm restraining effects
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Strand

Profile

Diaphragm
Case

p
D/fS

End Diaphragm Interior Diaphragm

Finite

Element

Analysis

Pro-

posed
(Eq.
10.6)

Finite

Element

Analysis

Pro-

posed
(Eq.
10.6)

Straight All 1.4 1.6 1.55 1.6

Straight End Only 1.4 1.6 — ———

Draped All 1.55 1.6 1.75 1.6

Draped End Only 1.55 1.6 — —

Assumptions for Comparison

Distance between interior diaphragms = 25

Slab thickness = 8 in.

Standard concrete diaphragms (see Fig. 9.
Skew angle = 0 degrees

ft

2)

TABLE 10.1 Comparison Between Diaphragm Prestress Force Required
to Compensate for Diaphragm Restraining Effects

Determined by Proposed Basic Equation and that

Computed by Finite Element Analysis
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Strand

Profile

Diaphragm
Case

P
D/f S

End Diaphragm Interior Diaphragm

Finite

Element

Analysis

Pro-

posed
(Eq.
10.7)

Finite

Element

Analysis

Pro-

posed
(Eq.
10.7)

6 All 1.9 2.1 2.1 2. 1

6 End Only 1.8 2.1 — —

8 All 1.4 1.6 1.55 1.6

8 End Only 1.4 1.6 ——— —

10 All 1.1 1.3 1.25 1.3

10 End Only 1.1 1.3 ——— —

Assumptions for Comparison

Distance between interior diaphragms = 25
Standard concrete diaphragms (see Fig. 9.
Skew angle = 0 degrees
Straight strand profile

ft

2)

TABLE 10.2 Comparison Between Diaphragm Prestress Force Required
to Compensate for Diaphragm Restraining Effects

Determined by Proposed Basic Equation Modified for

Slab Thickness and that Computed by
Finite Element Analysis
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predicted by Eq. (10.7) and that computed by finite element analysis

for varying slab thickness. The comparisons are in terms of the

ratio of P
D to F

s.
The proposed slab thickness modification results

in very reasonable and generally conservative estimates of the

required diaphragm prestress force in all cases. Exceptionally good

agreement exists for the interior diaphragm cases.

Correction for Diaphragm Stiffness. Current trends in

bridge construction indicate that fewer diaphragms are being used,

especially in the interior regions of bridges. If diaphragms are

used, current practice calls for standard concrete diaphragms similar

to those shown in Fig. 9.2 for use on prestressed concrete girder

bridges. For this case, the basic equation (Eq. (10.6)) does not

need modification. However, if nonstandard concrete diaphragms or if

steel diaphragms such as those used for steel girder bridges are

called for in design, the following modification to the basic ratio

is proposed:

P
D

=C K I
* 6 F

S (10.9)

where = correction factor for diaphragm stiffness.

The correction factor for diaphragm stiffness is defined as follows:

CK = (EA) d / 640,000 (10.10)

where E = modulus of elasticity of the diaphragm material, ksi,

and A = effective diaphragm cross-sectional area resisting
axial deformations,
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The term (EA) D represents the effective cross-sectional diaphragm

stiffness.

Table 10.3 presents a comparison between the diaphragm

prestress force required to overcome diaphragm restraining effects

predicted by Eq. (10.9) and that predicted by finite element

analysis for varying diaphragm stiffness. The comparisons are based

on ratios of to Fg, The proposed modification for diaphragm

stiffness roughly approximates that obtained by finite element

analysis.

Correction for Interior Diaphragm Spacing. The number of

interior diaphragm locations varies with bridge length. Current

practice indicates that for bridge lengths up to 55 ft, one line of

interior diaphragm at midspan is used. From 55 ft to 95 ft, two

lines of interior diaphragms at third points are used. For bridge

lengths greater than 95 ft, three diaphragm lines at quarter points

are used. Thus, the spacing between diaphragms in bridges which

include interior diaphragms varies from about 18 ft to 32 ft. As the

distance between interior diaphragm decreases, the force in both end

and interior diaphragms increases due to transverse prestressing, and

hence the force required to overcome diaphragm restraining effects

increases. To account for the interior diaphragm spacing effect

(i.e., bridge length effect), the following equation is proposed:

PD = c
l

1.6 F
s (10.11)



425

Cross- Sectional Diaphragm Stiffness (EA)

,

(k-in.
/in.
)

Strand Profile

Diaphragm Case

P

r/
F
s

End

Diaphragm

Interior
Diaphragm

Finite

Finite Element Analysis
Proposed (Eq.

10.9)

Element Analysis
Proposed (Eq.

10.9

320,000

Straight

All

0.8

0.8

0.8

0.8

Straight

End

Only

0.8

0.8

—

—

Draped

All

V

1.0

0.9

1.0

0.8

Draped

End

Only

1.0

0.8

—

—

M

640,000

Straight

All

1.4

1.6

1.55

1.6

(Standard

Straight

End

Only

1.4

1.6

—

—

Concrete

Draped

All

1.55

1.6

1.75

1.6

Diaphragms,

Draped

End

Only

1.55

1.6

—

—

see

Fig.
9.2)

960,000

Straight

All

2.2

2.4

1.7

2.4

Straight

End

Only

2.2

2.4

—

—

Draped

All

2.0

2.4

2.4

2.4

Draped

End

Only

2.2

2.4

—
—
—

——

Assumptions
for

Comparison
Distance

between
interior
diaphragms
=
=

25

ft

Slab

thickness
=

8

in.

Skew
angle
=

0

degrees

*

Concrete
modulus

assumed
=

4000
ksi

TABLE
10.3

Comparison
Between
Diaphragm

Prestress
Force

Required
to

Compensate
for

Diaphragm

Restraining
Effects
Determined
by

Proposed
Basic
Equation

Modified
for

Diaphragm

Stiffness
and

that

Computed
by

Finite
Element
Analysis
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where - correction factor for the stiffness effect due to interior

diaphragm spacing. If no interior diaphragms are used, this

correction is not required. To determine the following equation

is proposed:

C
L = 25/SD (10.12)

where Sp = spacing between interior diaphragms, ft.

Table 10.4 presents a comparison between the proposed

diaphragm prestress force modified for spacing between interior

diaphragms and that computed by finite element analysis. Again, the

comparisons are made in terms of the ratio of Pq to Fg. In general,

the values calculated by Eq. (10.11) are fairly close to those

determined by finite element analysis.

Correction for Bridge Skew Angle. The results from finite

element analyses indicates that as the skew angle of the bridge

increases from 0 degrees, the force attracted by the diaphragm due to

transverse prestressing decreases. This implies that the diaphragm

prestress force required to overcome restraining effects also

decreases. It would be conservative to ignore any decrease in

diaphragm force for bridges with skew. However, to take advantage of

the reduction in diaphragm prestress force required to overcome

restraining effects, the following correction is proposed:

P D = CSK I
* 6 F S (10.13)
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Spacing Between

Interior Diaphragms
(ft)

End Diaphragm Interior Diaphragm

Finite

Element

Analysis

Pro-

posed

(Eq.
10.11)

Finite

Element

Analysis

Pro-

posed

(Eq.
10.11)

18 1.9 2.2 2.4 2.2

21 1.7 1.9 2.0 1.9

25 1.4 1.6 1.55 1.6

28 1.25 1.4 1.4 1.4

* Applicable only for all diaphragm case

Assumptions for Comparison

Slab thickness = 8 in.

Standard concrete diaphragms (see
Skew angle = 0 degrees
Straight strand profile

Fig. 9. 2)

TABLE 10.4 Comparison Between Diaphragm Prestress Force Required
to Compensate for Diaphragm Restraining Effects

Determined by Proposed Basic Equation Modified for

Spacing Between Interior Diaphragms and that

Computed by Finite Element Analysis
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where = correction factor for effect of bridge skew.

The CSK
factor is defined as:

C
SK = cose > 0.75 (10.14)

where 0 = bridge skew angle as measured between the transverse

edge of the deck slab and the normal to the

longitudinal edge of the deck slab.

The limit of 0.75 corresponds to a skew angle of about 40 degrees

which the finite element analysis revealed was the angle at which no

further reductions in diaphragm force resulted.

Table 10.5 presents a comparison between the basic diaphragm

prestress force equation modified for skew angle and that computed by

finite element analysis. The proposed correction for skew angle

effects roughly approximates that obtained by finite element

analysis. Again, the agreement for the interior diaphragm case is

very good.

However, detailing considerations suggest that prestressing

diaphragms on a skew bridge is probably not practical. Therefore,

the factor will not be included in the actual design

recommendation s.

Multiple Corrections. As indicated in the introduction to

Section 10.2.1.1, it is proposed that the correction factors be

multiplied as illustrated by Eq. (10.15) for multiple corrections to

the basic equation:

P
D ~ Ct C

K
CL C SK I

* 6 F S (10.15)
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Skew

Angle

(deg)

Diaphragm
Case

PD/F S

End Diaphragm Interior Diaphragm

Finite

Element

Analysis

Pro-

posed
(Eq.
10.13)

Finite

Element

Analysis

Pro-

posed
(Eq.
10.13)

0 All 1.4 1.6 1.55 1.6

0 End Only 1.4 1.6 — —

20 All 1.35 1.50 1.45 1.50

20 End Only 1.35 1.50 —- —

40* All 1.19 1.2 1.26 1.2

40* End Only 1.19 1.2 ——— ——■

60* All 1.32 1.2 1.39 1.2

60* End Only 1.32 1.2 —— —

* From two- dimensional finite element analysis

Assumptions for Comparison

Slab thickness = 8 in.

Standard concrete diaphragms (see
Diaphragm spacing = 25 ft

Straight strand profile

Fig. 9. 2)

TABLE 10.5 Comparison Between Diaphragm Prestress Force Required
to Compensate for Diaphragm Restraining Effects

Determined by Proposed Basic Equation Modified for

Bridge Skew Angle and that Computed by
Finite Element Analysis
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A parametric study with a mix of variables revealed that Eq. (10.15)

could be as much as 20% unconservative if more than two of the

correction factors used had a value less than 1. Therefore, in using

Eq. (10.15) no more than two correction factors with values less than

one can be used. However, the two lowest correction factors may be

used. Table 10.6 compares the results obtained for Eq. (10.15) and

those obtained by finite element analysis for several cases with a

mix of variables. It appears that the proposed simplified procedure

for determining the diaphragm prestress force required to overcome

the restraining effects should produce reasonable yet conservative

results.

10.2.1.3.3 Compensating for Diaphragm Restraining

Effects by Applying Extra Prestressing in the Slab in Regions Near

the Diaphragms. The results from the laboratory model bridge tests

revealed that applying extra prestressing in the form of more

closely-spaced tendons in a 4 ft region around the diaphragms was a

viable method to overcome the restraining effects of the diaphragms.

In the case of the model bridge, the tendon spacing was

conservatively cut in half from that used in nondiaphragm slab

regions. This resulted in twice the prestressing force per unit edge

length in the diaphragm regions as compared to nondiaphragm regions.

However, the results from the experimental tests as well as from the

finite element studies revealed that a somewhat lower value of

prestressing force in diaphragm regions would be adequate.
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Case

Bridge

(

Variables

Correction Factors

Proposed
Eq.

(10.15)

Finite Element Analysis

1

Bridge
length
=

76

ft

Diaphragm
spacing
=

25

ft

6

=

40

deg.

Slab

thickness
=

10

in.

(EA)
d

=

320,000
k-in.

2

/in.
2

c
L

=

1

C

SK

~

°’
77

C
t

=

0.8

C
K

=

0.5

(0.77X0.5)1.6=0.62 Limit
imposed
that
only

two

correction
factors

can
be

taken
less
than
1.

0.59

2

Bridge
length
=

60

ft

Diaphragm
spacing
=

20

ft

6

=

0

deg.

Slab

thickness
=

6.5

in.

(EA)
d

=

960,000
k-in./in.
2

C
T

=

1.25

4

=

1.23

C
SK

~

1

C
K

=

1.5

(1.25X1.
23X1.5X1.6)
=

3.69

2.49

3

Bridge
length
=

76

ft

Diaphragm
spacing
=

25

ft

Q

-20

deg.

Slab

thickness
=

7

in.

(EA)
d

=

640,000
k-in.

2

/in.
2

c
L

=

1

C
SK

--

0.94

C.

=

1.14
=

1

(0.94)(
1.14)(

1.6)
=

1.71

1.71

4

Bridge
length
=

76

ft

Diaphragm
spacing
=

25

ft

Q

=

0

deg.

Slab

thickness
=

9

in.

(EA)
d

=

640,000
k-in.
2

/in.
2

c
L

=

1

C
K~

1

C
t

=

0.89

C

SK

=

1

(0.89X1.6)
=

1.42

1.33

TABLE
10.6

Comparison
Between
Diaphragm
Prestress

Force

Calculated
by

Eq.

(10.15)
and

That

Determined
by

Finite
Element
Analysis
for
a

Mix
of

Variables
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For design, two equations are proposed for determining the

prestress force required in diaphragm regions. For oto 10 degree

skew bridges, Eq. (10.16) is proposed:

F
e = 1.6 Fs (10.16)

where F
e

= effective transverse prestress force per unit edge

length applied in regions near diaphragms to account

for diaphragm restraining effects,

and Fg = transverse prestress force per unit edge length applied
along edge of deck slab to resist effects of imposed
loads assuming no diaphragm restraining effects.

This level of prestressing would be applied over an edge length of 4

ft centered on the diaphragms. For bridges with greater than 10

degree skew, Eq. (10.17) is proposed:

F
e = 1.2 F

s (10.17)

Thus, for bridges with greater than 10 degree skew, less effective

prestress force per unit edge length would be required; however, it

will need to be applied over a wider region of the slab than the 4 ft

edge strip used with nonskew bridges.

The slab edge length over which this increased prestressing

force must be applied is given by Eq. (10.18):

x = W tang + 4 < (L + W tang )/N (10.18)

where x = slab edge length at diaphragms in which F
e

will be

required, ft,

W = width of bridge slab, ft,

9 = bridge skew angle as measured between the transverse

edge of the deck slab and the normal to the

longitudinal edge of the deck slab,

L = span length, ft,
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and N = number of diaphragm lines per span (i.e., 4 for a span

with 2 sets of interior diaphragms, and 2 for a span

with only end diaphragms).

The limit of (L + W tan Q )/N is imposed to ensure that the diaphragm

regions do not overlap. This implies that for some skew bridges, the

effective prestress force F
e

will be required along the entire edge

length of the bridge. For a bridge with no skew, the diaphragm

region is 4 ft wide, which was the equivalent distance used for the

laboratory bridge model. Figures 10.1 and 10.2 show diaphragm

regions for a bridge with no skew and with skew, respectively.

To examine the applicability of Eqs. (10.15) through

(10.18), finite element analysis was used to examine the prestress

distributions of the study bridge of Chapters VIII and IX for skew

angles varying from 0 to 60 degrees. Table 10.7 summarizes the

various cases analyzed and the width of the diaphragm regions over

which F
e

was applied. Figures 10.3 through 10.7 present stress

contours for the various cases analyzed in Table 10.7. The contours

represent percentages of the stress induced along the slab edge by

F
s . Ideally, it would be desirable to have a uniform stress

distribution in the slab with all stresses equal to the stress

induced by F
s.

This is clearly not possible in practice. However,

in all cases, the results presented in Figs. 10.3 through 10.7

indicate that a substantial portion of the deck area is between 95%

and 120%, which suggests a reasonably uniform prestress distribution.

Thus, the use of Eqs. (10.16) through (10.19) resulted in reasonable,
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Fig.

10.1

Diaphragm
regions
for
a

nonskew
bridge
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Fig.
10.2

Diaphragm
regions
for
a

skew

bridge
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Skew Angle (deg.)

W

tan
Q

+

4

(ft)

(L

+

W

tan#
)/N

x

(ft)

F
e

0

4

76/4
=

19

4

1.6F
S

10

59.33tan10°
+

4

=

14.5

(76+59.33tan1O°)/4
=

21.6

14.5

1.6f
s

20

59.33tan20°
+

4

=

25.6

(76+59.33tan20°)/4
=

24.4

24.4

1.2F
S

40

59.33tan40°
+

4

=

53.8

(76+59.33tan40°)/4
=

31.5

31.5

1.2F
S

60

59.33tan60°
+

4

=

106.8

(76+59.33tan60°)/4
=

44.7

44.7

1.2F
S

Assumptions
in

Analysis:

Slab

thickness
=

8.25
in.

Diaphragm
spacing
=

25.3
ft

Standard
concrete

diaphragms
(see
Fig.
9.2)

TABLE
10.7

Cases
Analyzed
with

Finite
Element
Analysis
for

Study
Bridge

with

Varying
Skew
Angle
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Fig. 10.3 Transverse stress contours for one-quarter symmetry model

of study bridge with 0 degree skew; additional

prestressing force applied in diaphragm regions; F
s

produces edge stress = 100%
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Fig. 10.4 Transverse stress contours for study bridge with 10 degree
skew; additional prestressing force applied in diaphragm
regions; F

s produces edge stress = 100%
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Fig. 10.5 Transverse stress contours for study bridge with 20 degree
skew; additional prestressing force applied along entire

length of bridge; F
s produces edge stress = 100%
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Fig. 10.6 Transverse stress contours for study bridge with 40 degree
skew; additional prestressing force applied along entire

length of bridge; F
s produces edge stress = 100%
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Fig. 10.7 Transverse stress contours for study bridge with 60 degree
skew; additional prestressing force applied along entire

length of bridge; F
s produces edge stress = 100%
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yet generally conservative slab prestress distributions for the wide

range of skew angles examined for the study bridge.

Several other cases shown in Table 10.8 were also examined

to study the applicability of Eqs. (10.16) through (10.18) for

bridges with a mix of parameters. The cases in Table 10.8 were

selected to represent the range of possible parameters which might

affect the prestress distributions. The results from the finite

element analyses are presented in Figs. 10.8 through 10.11. As

before, the stress contours are all greater than 95% of the edge

stress produced by F
s ,

and a substantial portion of the deck slab is

in the 95 to 120% range. This implies that a reasonably uniform

prestress distribution resulted in each of these cases.

Overall, it is concluded that the use of Eqs. (10.16)

through (10.18) should adequately compensate for the restraint

effects of diaphragms. The prestress distributions which result from

the use of these equations should be reasonably uniform and generally

conservative.

10.2.1.4 Prestressing Losses. Prestressing losses such

as friction losses in posttensioning result in less compression to

resist imposed loads and must be considered in design. Ralls [l24]

reported a tendon force loss due to friction of 30% for a post-

tensioning system consisting of draped tendons in a full-depth test

slab. This reduction is on the same order as that produced by the

restraining effect of diaphragms. However, no additional rules are
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Case

x

(ft)

F
e

0

=

40°

Slab

thickness
=

10

in.

Bridge
length
=

76

ft

Diaphragm
spacing
=

25.3
ft

Diaphragm
stiffness
=

1/2
x

standard

concrete
diaphragms

(see
Fig.
9.2)

31.5

1.2F
S

e

=

o°

Bridge
length
=

60

ft

Slab

thickness
=

6.5

in.

Diaphragm
spacing
=

20

ft

Diaphragm
stiffness
=

2

x

standard

concrete
diaphragms

(see
Fig.
9.2)

4

1.6F
S

0

=

20°

Bridge
length
=

76

ft

Diaphragm
spacing
=

25.3
ft

Slab

thickness
=

7

in.

Standard
concrete

diaphragms

(see
Fig.
9.2)

24.4

1.2F
S

e

=

o°

Bridge
length
=

76

ft

Diaphragm
spacing
=

25.3
ft

Slab

thickness
=

9

in.

Standard
concrete

diaphragms

4

1.2F
S

TABLE
10.8

Cases
Analyzed
with

Finite
Element
Analysis
for

Mix
of

Bridge
Parameters
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Fig. 10.8 Transverse stress contours of study bridge with 40 degree
skew, 10 in. slab thickness, and diaphragm stiffness

1/2 of standard concrete diaphragms; F
s produces

edge stress = 100%
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Fig. 10.9 Transverse stress contours of study bridge with 0 degree
skew, 6.5 in. slab thickness, and 20 ft diaphragm

spacing; F
s produces edge stress = 100%
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Fig. 10.10 Transverse stress contours for study bridge with 20

degree skew and 7 in. slab thickness; F
s produces

edge stress = 100%
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Fig. 10.11 Transverse stress contours for study bridge with 0 degree
skew and 9 in. slab thickness; F

s produces edge
stress = 100%
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required since the loss of prestress is adequately covered in the

current AASHTO Specifications [s] in Section 1.6.7.

10.2.1.5 Secondary Moment Effects. Draped tendons or

any unsymmetrical placement of prestressing about the centroid of a

bridge deck results in secondary moments in continuous transverse

bridge slabs which are vertically restrained. The effect is to

increase slab stresses due to prestressing at some locations and

decrease these stresses at others. Thus, there is less effective

compression at the locations where the stresses decrease due to

secondary moments. In general, this secondary moment effect will

probably not be very significant for thin transversely prestressed

bridge decks. Draped tendons are probably not cost effective since

only small eccentricities are possible with thin slabs. However, for

those cases in which secondary moments can exist, the effects can be

considered using conventional continuous elastic beam theory [90,91].

10.2.1.6 Maximum Spacing of Tendons. The results from

Chapter IX revealed that to ensure adequate compression along the

edges of a deck slab, the tendon spacing should not exceed Bt, 5 ft,

nor 14 ((y/6) + 1), where y is the distance from the slab edge to

interior barrier wall edge in inches. Therefore, it is proposed that

the maximum spacing between individual tendons or groups of tendons

not exceed Bt, 5 ft, nor 14 ((y/6) + 1).
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10.2.1.7 Variable Slab Thickness. There are cases in

which a variable thickness or haunch slab might be used in a bridge

deck. For purposes of determining transverse prestressing effects in

these cases, it would be reasonable yet conservative to use the

minimum slab thickness. As slab thickness decreases, the diaphragm

restraining effects increase. Thus, using the minimum slab thickness

would result in a higher calculated force required to overcome

restraining effects.

10.2.1.8 Minimum Value of Compression. For most

structural bridge applications envisioned, there is no need to

specify a minimum desired value of compression which should be

induced by the transverse prestressing, and hence no specific design

recommendations will be proposed. However, should a unique occasion

arise in which the deck slab may be extra thick, a reasonable minimum

target value of compression which should be induced is 150 psi. This

was approximtely the compression induced by the prestressing in the

durability specimens.

10.2.2 Limit State Design. When a structure becomes unfit

for its intended use, it is said to have reached a limit state [93J.

There are basically three limit states for a transversely prestressed

bridge deck. They are:

1. Ultimate limit state which might be evidenced by a flexural

failure or a punching shear failure;
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2. Damage limit state in the form of premature or excessive

cracking, which might allow penetration of corrosive agents;

3. Durability limit state in the form of unacceptable corrosion

of reinforcing steel and deterioration of concrete which

would impair the performance and integrity of the deck.

10.2.2.1 Limit State Design for Ultimate. The current

AASHTO Specifications [s] with regard to the ultimate limit state are

adequate for the design of a transversely prestressed bridge deck.

The implied levels of safety with these current provisions are more

than acceptable for reaching factored loads before failure.

10.2.2.2 Limit State Design for Cracking.

10.2.2.2.1 Allowable Tension Stresses. The durability

study results indicated that corrosion risk was substantially reduced

for crack widths limited to about 0.002 in. by the use of

prestressing. However, even though little corrosion occurred for

small crack widths, the Cl" levels at the reinforcement level at

crack locations exceeded the corrosion chloride threshold. On the

other hand, in uncracked concrete, the Cl" levels at depth were below

the threshold. This suggests that the prudent approach would be to

eliminate cracking altogether under normal loading conditions. Thus,

for a transversely prestressed bridge deck which is exposed to

chlorides in service, any cracking would constitute a damage limit

state.
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A design philosophy which eliminates cracking under service

loads is expressed in equation form as:

f
c

< ft (10.19)

where f
c

= maximum tension stresses in the concrete deck due to

loading,

and f
t

= tensile strength of concrete.

This equation suggests that cracking will not occur if the flexural

tension stresses due to induced moments for applied loads are kept

below the tension stress which causes concrete to crack. For a

transversely prestressed bridge deck, f
c

would be the maximum

flexural stress under service loads magnified by the impact factor

for dynamic effects, and is calculated using classical elastic beam

theory.

The most respected test for tensile strength of concrete,

ft ,
is the split cylinder test [56, 143]. A value of can be

used to estimate the split cylinder tensile strength and probably

best represents an average value. Since the compressive strength of

concrete follows a normal distribution [93], and since the tensile

strength has been correlated to the compressive strength, then it is

reasonable to assume that the tensile strength also follows a normal

distribution. The standard deviation for concrete compressive

strengths greater than 4000 psi, which is probably the minimum fj for

a prestressed concrete application, is reported to be a constant

value of about 600 psi [93]. Now applying statistical theory for a
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variable which follows a normal distribution, 3.46 a/$T is determined

to be the value in which there is a 95% probability that the actual

tensile strength is greater. Thus, Eq. (10.19) translates into:

f 0 < 3.46 (10.20)

However, in practice, there are material defects and construction

errors which cannot be easily predicted. This was very evident in

the laboratory bridge model where it was found that the transverse

slab stresses were very sensitive to errors in tendon placement. To

account for this variability, a strength reduction factor, 0, must be

applied. Thus, Eq. (10.20) becomes:

f 0 < 0 3.46 Vfj (10.21)

Normally, for flexural design of reinforced and prestressed concrete,

a 0= 0.9 is assumed, which indicates a fairly good quality control.

However, for a thin slab application where errors in tendon placement

are more pronounced, a 0 = 0.85 is probably more appropriate. The

resulting equation is:

f
c

< 3 (10.22)

This tension stress index of 3 7f£ is exactly what is currently

specified in AASHTO 1.6.6(B)(2)(a) for members with auxiliary bonded

reinforcement which are subject to severe corrosive exposure

conditions such as marine spray or deicing salts.
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However, besides the corrosion and cracking problem in

bridge decks, there is also concern for the fatigue and cracking

problem. A bridge slab is subject to dynamic and fatigue loads from

moving vehicular traffic. A recently completed study by Overman

[lll] revealed that once flexural cracks form in pretensioned

concrete beams, prestressing tendons can suffer fatigue fracture.

This situation is probably aggravated in posttensioned concrete

because of fretting which was previously described in Section 2.2.6.

The results from Overman’s study [lll] indicate that 3a/ fc i s

probably a reasonable limit on tension for fatigue considerations.

It is evident that cracking could seriously impair the

corrosion resistance as well as the fatigue performance of a bridge

deck. Based on both of these considerations as well as the

likelihood of overloads on a bridge, it would be prudent to adopt a

somewhat smaller tension limit than 3The value 2seems to

be a reasonably conservative tension limit, and yet has significant

economic advantages over a zero tensile stress limit. Therefore, the

proposed design recommendation is to limit the extreme fiber slab

tensile stresses under full service loads to 2 */f£.
10.2.2.2.2 Shrinkage and Temperature Reinforcement.

The provisions of the current AASHTO Specifications [s] are assumed

to be adequate with regard to minimizing concrete cracking due to

shrinkage and temperature stresses. However, as written, these

provisions imply that for a transversely prestressed bridge deck, the
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prestressing would be adequate as temperature and shrinkage

reinforcement. This is not true, especially for a deck with unbonded

tendons. It is recommended that the minimum temperature and

shrinkage requirement in the AASHTO Specification be met in the form

of bonded auxiliary nonprestressed reinforcement at both top and

bottom slab surfaces in both the transverse and longitudinal

direction of all transversely prestressed bridge decks.

10.2.2.2.2 Minimum Bonded Reinforcement. For a

transversely prestressed bridge deck which utilizes an unbonded

posttensioning system, a minimum amount of bonded reinforcement will

be required. The temperature and shrinkage reinforcement can be

counted towards this minimum amount of bonded reinforcement. Until

further information is available, the minimum amount of bonded

reinforcement specified in the current ACT Building Code [6] is

recommended. These specifications translated into terms compatible

for bridge decks are as follows:

A
s

= 0.024 t (10.23)

where A_ = area of nonprestressed tension reinforcement per foot

width of slab, in.

and t = deck slab thickness, in.

This amount of steel should be uniformly distributed over the

precompressed tension zone of the bridge deck. Since both the top

and bottom slab surfaces in the transverse direction of a bridge deck

could be in tension, this implies the amount of bonded reinforcement
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given by Eq. (10.23) will be required at both top and bottom slab

surfaces over the full bridge width. For an 8 in. bridge slab which

utilizes an unbonded posttensioning system, the minimum amount of

bonded reinforcement would be approximately 50% more than the amount

needed for temperature and shrinkage reinforcement.

10.2.2.2.3 Distribution Steel. The results from the

vertical load tests of the laboratory model bridge clearly show that

the amount of longitudinal distribution steel specified in the

current AASHTO Specification [s] is not required. Since the model

bridge was load tested to service and factored load levels with an

amount of longitudinal reinforcement given by Eq. (10.23) without any

evidence of cracking or abnormal behavior, then it is recommended

that Eq. (10.23) be used to determine the amount of bottom

longitudinal distribution steel in a transversely prestressed bridge

deck which utilizes either unbonded or bonded posttensioning systems.

Thus, the proposed design recommendation for the minimum area of

bonded, uniformly-distributed reinforcement required at bottom slab

surfaces in the longitudinal direction can be computed as follows:

A
b

= 0.024 t (10.24)

where A
B

= area of bonded reinforcement per foot width of slab,
in.

2

and t = slab thickness, in.

The temperature and shrinkage reinforcement can be counted towards

this amount of longitudinal distribution reinforcement.
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10.2.2.3 Durability Limit State.

10.2.2.3.1 Concrete Cover and Concrete Quality. Even

though transverse prestressing should eliminate cracks in a bridge

deck, there is still a risk of corrosion due to the long-term

exposure of chlorides which penetrate slowly through uncracked

concrete. The durability study results indicate that the combination

of a 2 in. cover and a water-cement ratio (W/C) of about 0.45 was

adequate for corrosion protection to resist the aggressive exposure

of the tests. However, Weed [ls7] found that in actual construction

the depth of cover over bridge deck steel was approximately normally

distributed with a mean value close to the specified value, but with

a standard deviation of approximately 3/8 in. for a 2 in. cover.

This implies that about 15% of the steel could be expected to have a

cover less than 1-5/8 in. The durability study results indicate that

at this depth the Cl“ levels would be greater than the corrosion

chloride threshold, and thus would be at a high corrosion risk.

However, setting a minimum clear cover value of 2.5 in. would ensure

that most steel would have at least a 2 in. cover, which would be at

an acceptable corrosion risk. Therefore, it is proposed that a

minimum 2.5 in. cover over all top reinforcement with a maximum

water-cement ratio of 0.45 be used for transversely prestressed

bridge decks exposed to chlorides in service. This combination is in

complete agreement with the provisions for reinforced concrete slabs

in the current ACI Building Code [6], The current AASHTO
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recommendation of 1 in. for concrete cover under bottom slab

reinforcement is assumed to be adequate when the chloride exposure is

limited to the top of the bridge deck. However, if there is a threat

of salt exposure at the bottom slab surfaces, such as in a marine

environment, 2.5 in. bottom cover is also recommended.

10.2.2.3.2 Protection of Prestressing. The

consequences of corrosion of the prestressing steel in a transversely

prestressed bridge deck would be quite severe. It is recommended

that prestressing tendons be protected by an impenetrable barrier

which extends the full length between anchorages and is physically

attached to the anchorages. This would completely eliminate any

moisture path to the tendons between anchorages. A duct with

complete grouting would provide the best protection against

corrosion; however, a grease-filled plastic duct would also provide

adequate protection as long as no defects exist in the duct. The

most current information on appropriate materials for corrosion pro-

tection of posttensioning tendons is found in Refs. 54, 58, 131, and

167. It is essential that the duct be examined for any damage after

the tendon is placed and before the concrete is cast. Any damage

must be repaired by appropriate measures.

10.2.2.3.3 Anchorage Protection. Maintaining a minimum

2.5 in. concrete cover around all surfaces of an anchorage would

normally provide adequate corrosion protection. However, a minimum

2.5 in cover over the prestressing ducts will likely result in less
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concrete cover over some areas of the anchorage. For the durability

specimens with a concrete cover of 2 in. over the prestressing, only

3/4 in. of cover was provided over the top anchorage surfaces. The

heavy corrosion which resulted in some of these anchorages clearly

suggests that reliance on positive measures other than concrete cover

must be used for anchorage corrosion protection. In unbonded

posttensioning, the anchorage is critical throughout the entire life

of the structure. Therefore, it is proposed that the anchorage must

be completely sealed against moisture. This sealing can be achieved

with the use of a suitable coating material such as an epoxy-resin

compound, or a specially-made covering of plastic or other suitable

materials which completely encapsulates the anchorage, jaws, and

strand extensions. Providing a physical barrier to moisture around

the anchorages as well as the prestressing tendon effectively results

in an "electrically-isolated” tendon which will be at low risk to

corrosion, as suggested by Schupack [I3H.

It is also proposed that external anchorages will not be

used even if protected by an auxiliary protective barrier. All

protected anchorage components, including the strand extensions, must

be surrounded by not less than 1-1/2 in. of concrete or mortar.

After stressing the tendons and sealing the anchorages,

stressing pockets should be filled with a suitable chloride-free

mortar with low shrinkage properties. As was done for the durability

specimens, it is recommended that the pocket be painted with an
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epoxy-resin bond agent to improve adhesion of the fresh mortar to the

hardened concrete.

10.2.2.3.4 Cl” Content. The durability study test

results indicate that in order to minimize the risk of corrosion, the

maximum water soluble Cl” content in concrete by weight of cement

should be limited to 0.06%. The limit on Cl” content would be

verified by trial mix on test samples.

10.3 Recommended Change in Current Design Procedure

for Conventionally Reinforced Concrete Decks

The durability study results indicate that the current

AASHTO provisions [s] in Sec. 1.5.39 for the design of conventionally

reinforced concrete decks are inadequate for protection from

chloride-induced corrosion. These design provisions indirectly

permit crack widths in the concrete of about 0.011 in. which could

lead to corrosion. Without changing any of the provisions directly,

it is recommended that epoxy-coated reinforcing bars be used at least

for the top mat of reinforcement in conventionally reinforced bridge

decks exposed to chlorides in service.

10.4 Recommended AASHTO Specification Provisions

for the Application of Transverse Prestressing
in Bridge Decks

The general design recommendations for the application of

transverse prestressing in bridge decks presented in the earlier

sections are summarized in a format suitable for inclusion in the

current AASHTO Specification [s]. It is assumed that all other
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provisions of the AASHTO Specification are applicable. Some of the

provisions could be directly included in existing sections of the

AASHTO Specification, while others would require the formation of new

sections.

1.0 Notation

Ag = area of bonded nonprestressed reinforcement per
foot width of slab, in.

Cpr = correction factor for diaphragm stiffness

Cg = correction factor for diaphragm spacing; applied
only when interior diaphragms are present

C
t

= correction factor for bridge deck thickness

(EA) d = cross-sectional diaphragm stiffness where E is the

modulus of elasticity of diaphragm material (ksi)
and A is cross-sectional area of diaphragm
resisting axial deformation (in. 2)

f£ = specified compressive strength of concrete, psi

Jfj = square root of specified compressive strength
of concrete, psi

F
e = effective transverse prestress slab per unit edge

length required to overcome web restraining effects

in box-girder bridges and diaphragm restraining
effects in slab-girder bridges

Fg = calculated transverse prestress slab force per unit

edge length required to resist effects of structural

loads assuming no restraining effects

L = span length, ft.

N = number of lines of diaphragms

Pp = prestress force required in diaphragms to overcome

diaphragm restraining effects in slab-girder
bridges, units of force

S
D = interior diaphragm spacing, ft.
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t = bridge deck slab thickness, in.

W = bridge slab width, ft

y = distance from slab edge to inside edge of barrier

wall, in.

9 = bridge skew angle as measured between the

transverse edge of the deck slab and the normal to

the longitudinal edge of the deck slab, degrees

1.1 Scope

These provisions shall apply for decks of composite slab-

girder bridges and of box-girder bridges which utilize

transverse prestressing.

1.2 Design Assumption

The bridge deck shall be designed assuming that it behaves

as an elastic slab continuous over the supporting girders in a

slab-girder bridge and as an elastic slab continuous over the

webs in a box-girder bridge.

1.3 Transverse Prestressing Effects

1.3.1 Box-Girder Bridges

1.3.1.1 Transverse prestressing shall be considered

effective in top slabs of box-girder bridges only if diaphragms

are not present at the time of transverse prestressing or if the

diaphragms are transversely prestressed to a level consistent

with the deck prestressing.

1.3.1.2 Design of a bridge deck which utilizes

transverse prestressing shall take into account the influence of
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webs, losses in prestressing, and secondary slab moments on

transverse prestress distribution.

1.3.1.3 In lieu of a more exact analysis, the

restraining effect of webs on transverse prestress distribution

may be accounted for in accordance with the approximate

procedure presented in Sec. 1.3.1.4.

1.3.1.4 The transverse prestress force per unit

edge length required at all slab locations to overcome web

restraining effects shall be not less than:

One-Cell Box Section

F
e

= 1.1 F
s (1.3.1.4-1)

Two-Cell Box Section

F
e = 1.15 Fs (1.3.1.4-2)

Three-Cell Box Section

F
e

= 1.4 Fs (1.3.1.4-3)

1.3.2 Slab-Girder Bridges

1.3.2.1 Design of a bridge deck which utilizes

transverse prestressing shall take into account the influence of

diaphragms, losses in prestressing, and secondary slab moments

on transverse prestress distribution. The influence of
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diaphragms needs to be considered only if the diaphragms will be

in-place at the time of transverse prestressing.

1.3.2.2 In lieu of a more exact analysis, the

effect of diaphragms on tranverse prestress distribution may be

accounted for in accordance with the approximate procedures

presented in either Sec. 1.3.2.3 or Sec. 1.3.2.4.

1.3.2.3 The prestress force required in the

diaphragms of nonskew bridges to overcome diaphragm restraining

effects shall be not less than:

P
D = c

t
c

K cL
1

« 6 F
S (1.3.2.3-1)

where Ct
= 8/t (1.3.2.3-2)

C
K = (EA) d/640 ,000 (1.3.2.3-3)

and C
L = 25/S d (1.3.2.3-4)

No more than two values for C
t ,

C
K ,

and C
L

shall be taken less than 1

in Eq. (1.3.2.3-1). In Eq. (1.3.2.3-1), Fs
shall be computed for a

unit length of slab.

1.3.2.4 The transverse prestressing force per unit

edge length of slab in the diaphragm regions required to

overcome diaphragm restraining effects shall be not less than:

For bridges with q < 10°

F
e

= 1.6 F
s (1.3.2.4-1)
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For bridges with 0 > 10°

F
e

= 1.2 Fg (1.3.2.4-2)

The transverse prestress force per unit edge length required by

Eqs. (1.3.2.4-1) and (1.3.2.4-2) shall be applied in the slab at

diaphragm locations for an edge length of:

x > W tan 0 + 4 ft < (L + W tan 0)/N (1.3.2.4-3)

where W and L are in units of feet.

1.4 Maximum Transverse Tendon Spacing

The maximum spacing of individual transverse tendons or

groups of tendons shall not exceed eight times the deck slab

thickness, 5 ft, nor 14 ((y/6) + 1).

1.5 Stresses at Service Loads After Losses Have Occurred

The tensile concrete stress in precompressed tensile zones

of transversely prestressed bridge decks shall not exceed 2

1.6 Bonded Reinforcement Requirements

1.6.1 For all transversely prestressed bridge decks, the

minimum shrinkage and temperature reinforcement as described in

AASHTO 1.5.12 shall be provided in both the transverse and

longitudinal directions by bonded nonprestressed reinforcement.

1.6.2 For a transversely prestressed bridge deck which

utilizes unbonded construction, the minimum area of top and
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bottom uniformly-distributed supplementary bonded reinforcement

per foot width of slab in the transverse direction shall be

computed by

A
b = 0.024 t (1.6.2-1)

The shrinkage and temperature reinforcement requirement of Sec.

1.6.1 may apply towards satisfying the steel area computed by

Eq. (1.6.2-1).

1.6.3 For all transversely prestressed bridge decks, the

minimum area of bottom uniformly-distributed nonprestressed

bonded distribution reinforcement per foot width of slab in the

longitudinal direction shall be computed by Eq. (1.6.2-1). The

shrinkage and temperature reinforcement requirement of Sec.

1.6.1 may apply towards satisfying the steel area computed by

Eq. (1.6.2-1).

1.7 Special Exposure Requirements

1.7.1 For corrosion protection of transversely prestressed

bridge decks exposed to deicing salts, marine environments or

any other corrosive environments, the maximum water-cement ratio

of concrete shall not exceed 0.45.

1.7.2 For corrosion protection of transversely prestressed

bridge decks exposed to chlorides in service, the maximum water

soluble chloride ion concentrations in test samples of hardened
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concrete taken from a trial mix shall not exceed 0.06% by weight of

cement.

1.7.3 For corrosion protection, the minimum clear concrete

cover over all reinforcement in a transversely prestressed

bridge deck directly exposed to chlorides in service shall be 2-

1/2 in.

1.7,4 For corrosion protection, all anchorages,

prestressing, and strand extensions shall be fully encapsulated

by a durable protective barrier which prevents the penetration

of moisture.

1.7.5 After placement of prestressing and before concrete

is cast, any damage to the protective barrier surrounding the

tendons and anchorages shall be repaired.

1.7.6 All anchorage components including strand extensions

shall be covered by not less than 1-1/2 in. of concrete or

mortar measured from any exposed surface.

1.7.7 Stressing pockets shall be filled with a suitable

chloride-free low-shrinkage mortar. Before placing the mortar,

the sides of the pocket shall be painted with a suitable resin

bond agent to improve adhesion.

10.5 Design Examples

A summary of the basic design procedure which will be used

for the two design examples is presented in Fig. 10.12. To

illustrate the proposed design recommendations for a transversely
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Fig. 10.12 Summary of major design steps of a transversely
prestressed bridge deck
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prestressed bridge deck, the study bridge shown previously in Fig.

9.1 is used for the examples. In the first example, a multistrand

grouted posttensioning system will be used in the deck slab of the

study bridge with no skew. For this case, both prestressing of the

diaphragms and extra slab prestressing in diaphragm regions will be

considered to overcome restraining effects of the diaphragms. In the

second example, a monostrand unbonded posttensioning system will be

used for the design of the deck slab for the study bridge with a 20%

skew. To compensate for diaphragm restraining effects, additional

prestressing will be used in the slab at diaphragm locations. Like

the bridge it was modelled after, the study bridge is assumed to be

in a marine environment. For brevity, it is assumed that the

interior slab panel controls the designs and not the exterior slab

cantilever. The design provisions from the previous section which

are cited in the design examples are prefixed by a ”P” for ’’Proposed

Specification Provisions,” whereas those cited from the AASHTO Speci-

fication [s] are so designated.

The basic material properties assumed for the transversely

prestressed deck designs are shown in Table 10.9.

10.5.1 Design Example _]_• The VSL Slab Posttensioning

System with bonded tendons previously shown in Fig. 9.23 is assumed

for the transverse prestressing.

10.5.1.1 Preliminary Proportioning. To meet the

minimum cover requirements specified in P-1.7.3 for the reinforcement
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Concrete Compressive Strength

fj, = 5 ksi

Water/Cement Ratio

W/C = 0.45

See P-1.7.1

Bonded Nonprestressed Yield Strength
Reinforcement f

y
= 60 ksi

Prestressing Ultimate Strength
f

pu
= 270 ksi

1/2 in. Diameter

Strands—Strand Area

A
ps

= 0-153 in.
2

Posttensioning Ducts Impenetrable by
Moisture

See P-1.7.4

Wobble Friction Experimental
Coefficient Value from

Laboratory
Unbonded Monostrand

Posttensioning System,
K = 0.0013/ft

Grouted Multistrand

Posttensioning System,
K = 0.002/ft

Test [24]

TABLE 10.9 Basic Material Properties Assumed for Transversely
Prestressed Bridge Deck Design Examples
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and in P-1.7.6 for the anchorages, an absolute minimum slab thickness

of 6.5 in. is required. This would virtually correspond to a solid

steel sandwich with cover. To provide some distance between the top

and bottom mats of reinforcement, a 7.5 in. slab is assumed. A

preliminary reinforcement placement which meets the cover

requirements is shown in Fig. 10.13. A minimum cover of 2.5 in. is

required for both top and bottom reinforcement since chlorides could

penetrate either direction in a marine environment. Draping the

tendons would have little benefit in this thin slab; therefore,

straight middepth tendons are assumed.

10.5.1.2 Interior Deck Span. According to AASHTO

1.3.2(A), the effective interior slab span is calculated to be:

S = girder spacing - 1/2 girder flange width

= 8.83 - (14/12)/2

= 8.25 ft

10.5.1.3 Service Loads.

10.5.1.3.1 Dead Load Moment. Assuming the density of

prestressed concrete to be 0.15 the dead load moment,

is computed as follows:

M
dl = 0.15 (7.5/12)((7.5)

2/10)

= 0.53 k-ft/ft

Consistent with current practice, partial continuity is assumed since
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Fig.

10.13

Preliminary
reinforcement

placement*
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the deck slab is supported by flexible girders. Therefore, a coef-

ficient of 1/10 is used in the moment calculation.

10.5.1.3.2 Impact Factor. AASHTO 1.2.12(C) requires a

magnification of live load moments due to dynamic effects equal to

the following:

I = 50/(125 + S) < 0.30

For S = 8.25 ft, I equals 0.30.

10.5.1.3.3 Live Load Moment. Assuming AASHTO HS2O-44

loading (see AASHTO 1.2.5(C)), the wheel load, P, is 16 kips. Then,

according to AASHTO 1.3.2(C), the live load moment, is

calculated as follows:

10.5.1.4.1 Losses. To comply with P-1.3.2.1,prestressinglosses must be taken into account. The VSLanchorage

10.5.1.3.4 Total Load Moment. Total load moment,

is the summation of dead and live load moments. Thus,

10.5.1.4.1Losses. To complywithP-1.3.2.1,prestressinglossesmustbe taken into account. TheVSLanchorage

10.5.1.4 Prestressing.

10.5.1.4.1 Losses. To comply with P-1.3.2.1,

prestressing losses must be taken into account. The VSL anchorage
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can accommodate four 1/2 in. diameter tendons. Assuming a maximum

jacking stress of 0.8 f
pu ,

the posttensioning force, T
x , before

friction losses is:

T
x

= 4(0.153)(0.80)(270)

= 132 kips

The prestressing force for the tendon group considering friction

losses and jacking from one end only is computed by AASHTO 1.6.7(A):

10.5.1.4.3Required Prestressing forServiceLoads.Themomentsandstressesfor an interior slab panelareshowninFig.10.14.AccordingtoP-1.5, the stresses under serviceloadscannotexceed2whichis0.141 ksi for 5000 psi concrete.Therefore,therequiredprestressingis calculated as follows:

Assuming other prestressing forces due to creep, shrinkage,

relaxation, and elastic shortening total 20%, then the effective

prestressing force per tendon group is 94 kips.

10.5.1.4.2 Secondary Moment Effects. According to P-

-1.3.2.1, the influence of secondary moments on transverse stress

distribution must be examined. However, since the design calls for

middepth tendons, there are no secondary moment effects.

10.5.1.4.3 Required Prestressing for Service Loads.

The moments and stresses for an interior slab panel are shown in Fig.

10.14. According to P-1.5, the stresses under service loads cannot

exceed 2 which is 0.141 ksi for 5000 psi concrete. Therefore,

the required prestressing is calculated as follows:
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Fig. 10.14 Transverse moments and stresses for an interior slab

panel
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S = 94/44= 2.1 ft25.5 in.

The compression stresses in the slab under service load conditions

need to be checked and are limited by AASHTO 1.6.6(B)(2).

S = 94/44= 2.1 ft25.5 in.

10.5.1.4.4 Prestressing Spacing. The required spacing

between each tendon group is calculated as follows:

S = 94/44

= 2.1 ft

25.5 in.

The maximum spacing between groups of tendons is given by P-1.4 as

follows:
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S
max = 8t < 5 ft < 14 ((y/6) + 1

8t = 8(7.5) = 60 in.

= 5 ft

Assuming y = 12 in.

14 ((12/6) + 1) = 42 in. (controls)

25.5 < 42 in. OK

10.5.1.4.5 Compensating for Diaphragm Restraining

Effects. By Using Extra Prestressing in the Slab. According to P-

-1.3.2.1, the restraining effects of diaphragms must be included in

the design. The approximate procedure of P-1.3.2.4 is used.

According to P-1.3.2.4, the required prestress force per

foot required in diaphragm regions. for a bridge with no skew is given

by the following:

F
e

= 1.6 F S

F
s

was previously calculated as 44.0 kips/ft. Therefore:

F
e

= 1.6(44.0)

= 70.4 kips/ft

This prestressing force is required in the slab at diaphragm

locations. This prestressing must be applied for a slab width around

diaphragms as given by:

x = W tane + 4 < (L + W tan 0 )/N

In this case x = 4 ft. The tendon group spacing in these diaphragms

regions is calculated as follows:
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c t = 8/7.5= 1.07- 1 (standard concretediaphragmsassumed)C L = 25/25= 1

In the diaphragm region, the compressive slab stresses for an

interior slab span would be 1.12 ksi as calculated previously in Sec.

10.5.1.4.3. This is less than the AASHTO 1.6.6(B)(2) limit of

0.4 f£. The compressive stresses in the cantilever portion of the

slab in the diaphragm region would be greater than in interior slab

regions since the slab is unrestrained there, and therefore would

need to be checked. However, for this example, the design is limited

to the interior span.

By Prestressing Diaphragms. According to P-1.3.2.3, the

prestress force required in the diaphragms is given by the following:

P
D = CtcK CL 1

« 6 F S

In this case:

c
t = 8/7.5

= 1.07

- 1 (standard concrete diaphragms
assumed)

C
L

= 25/25

= 1

Therefore:

P
D = 1.07 (1) (1) 1.6 F

s

= 1.71 Fs
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Fcj was previously calculated as 44.0 kips/ft.

According to P-1.3.2.3» Fg is calculated for a 1 ft width of slab.

Therefore:

F
s = (44.0 kips/ft) (1 ft)

= 44 kips

This yields P D
as follows:

10.5.1.5.1Shrinkage and TemperatureReinforcement.AASHTO1.5.12requiresaminimum area of shrinkageandtemperaturereinforcementatslabsurfaces not otherwise reinforced.ButP-1.6.1extendsthistoimplythatthis minimum isrequirednearbothtopandbottomdecksurfacesinboth longitudinal andtransversedirectionswiththeuseofbondednonprestressed reinforcement.AccordingtoAASHTO1.5.12:

Therefore, the prestressing force required in the diaphragms to

overcome diaphragm restraining effects is approximately 75 kips.

10.5.1.5 Bonded Nonprestressed Reinforcement.

10.5.1.5.1 Shrinkage and Temperature Reinforcement.

AASHTO 1.5.12 requires a minimum area of shrinkage and temperature

reinforcement at slab surfaces not otherwise reinforced. But P-1.6.1

extends this to imply that this minimum is required near both top and

bottom deck surfaces in both longitudinal and transverse directions

with the use of bonded nonprestressed reinforcement. According to

AASHTO 1.5.12:

A
t = 1/8 in.

2/ft

This area of reinforcement translates into #3 reinforcing bars spaced

at 10-1/2 in.
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10.5.1.5.2 Longitudinal Distribution Steel. P-1.6.3

requires uniformly-distributed, bonded nonprestressed reinforcement

in the bottom of the slab in the longitudinal direction. The minimum

area of bonded reinforcement in this bottom layer is:

Mu=0ApSf gu d (1-(0.6 p f su)/f£)where0phifactor,0.95 for cast-in-place posttensionedconcrete,Aps=prestressingsteel area,d=distancefromextreme compression fiberofcentroidtoprestressingforce,P=Aps/bdfsu=fpu(1—(0.5pfp U (for bonded tendons)

This area of reinforcement translates into #4 reinforcing bars spaced

at 13 in. This amount of distribution reinforcement will satisfy the

shrinkage and temperature reinforcement requirement at the bottom of

the slab in the longitudinal direction.

10.5.1.6 Check Ultimate Moment. The ultimate moment

capacity of the slab per foot, M
u ,

is computed according to AASHTO

1.6.9(A).

Mu = 0 ApS
f

gu d (1-(0.6 p f
su )/f£)

where 0 phi factor, 0.95 for cast-in-place posttensioned
concrete,

Aps = prestressing steel area,

d = distance from extreme compression fiber of centroid to
prestressing force,

P = A
ps

/bd

f
su = f

pu (1—(0.5 p fp U (for bonded tendons)

In this case:
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A
ps

= 4 (0.153)(12)/25.5

= 0.29 in. 2
/ft

d = 7.5/2

= 3.75 in.

p = 0.29/((12)(3.75))

= 0.0064

f
su = 270 (1-(0.5(0.0064)(270)/5))

= 223 ksi

Thus:

M
u = 0.95(0.29)(223)(3.75)(1-(0.6(0.0064)223)/5)

= 191 in.-kips/ft

= 15.9 k-ft/ft

A ps = 4 (0.153)(12)/25.5= 0.29 in. 2 /ftd = 7.5/2= 3.75 in.p = 0.29/((12)(3.75))= 0.0064f su = 270 (1-(0.5(0.0064)(270)/5))= 223 ksiThus: M u = 0.95(0.29)(223)(3.75)(1-(0.6(0.0064)223)/5)= 191 in.-kips/ft= 15.9 k-ft/ft

M
uf = 1-3 Mdl + 2.17 MLL

= 1.3(0.53) + 2.17(5.33)

= 12.3 kip-ft/ft

Therefore,

M
u > Muf

which implies ultimate strength conditions are satisfied.
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10.5.1.7 Check Minimum and Maximum Steel Percentages.

The minimum steel percentage of AASHTO 1.6.10(B) is satisfied by

inspection.

The maximum steel percentage is checked according to AASHTO

1.6.10(A):

My = 0 0.25 fj bd 2= 0.95(0.25)(5)(12)(3.75)2= 200 in.-kips/ft= 16.7 k-ft/ft

Thus, the steel percentage is below the maximum allowed for the

nondiaphragm regions of the slab. For the diaphragm regions where

more closely spaced tendons are used, the maximum steel percentage is

exceeded. In this case, M
u

is limited by the compression couple as

described in AASHTO 1.6.10(A).

My = 0 0.25 fj bd
2

= 0.95(0.25)(5)(12)(3.75)2

= 200 in.-kips/ft

= 16.7 k-ft/ft

This M
u

exceeds the previously calculated value for M
u fj thus the

design is acceptable.

10.5.1.8 Special Detailing for Corrosion Protection.

For corrosion protection, special detailing requirements as described

in P-1.7 must be met. Figure 10.15 illustrates these special
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Fig.

10.15

Special
detailing

requirements
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detailing requirements which will ensure good performance for the

anchorages and posttensioning system.

10.5.1.9 Final Slab Details. The final reinforcement

detailing for the transversely prestressed bridge deck of design

example 1 is shown in Fig. 10.16. The spacing of the tendon group is

cut from 25.5 in. in the nondiaphragm slab regions to 16 in. in the

diaphragm regions for the case in which extra tendons are used to

compensate for diaphragm restraining effects. The slab regions where

the more closely spaced tendon groups are used are shown in Fig.

10.17.

10.5.2 Design Example g. An unbonded monostrand system

similar to that used for some of the durability specimens is assumed

for the transverse prestressing. Details of this type system can be

found in Fig. 5.6.

10.5.2.1 Preliminary Proportioning. As in the previous

example, a slab thickness of 7.5 in. is assumed to meet the cover

requirements of P-1.7.3 and P-1.7.6 and to provide some distance

between the top and bottom mats of reinforcement. The tendons are

assumed to be straight and at the slab middepth.

10.5.5.2 Interior Deck Span. Even though the bridge

has a 20 degree skew, the slab span is calculated as for design

example 1 since the transverse reinforcement is assumed to run

perpendicular to the longitudinal edges.

S = 8.25 ft (see Sec. 10.5.1.2)
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Fig.
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10.5.2.3 Service Loads.

10.5.2.3.1 Dead Load Moment. (See Sec. 10.5.1.3.1).

m
dl

= °* s3

10.5.2.3.2 Impact Factor. (See Sec. 10.5.1.3.2).

I = 0.30

10.5.2.3.3 Live Load Moment. (See Sec. 10.5.1.3.3).

M
ll

=5.33 k-ft/ft

10.5.2.3.4 Total Load Moment. (See Sec. 10.5.1.3*4).

M
tl

= 5.9 k-ft/ft

10.5.2.4 Prestressing.

10.5.2.4.1 Losses. To comply with P-1.3.2.1,

prestressing losses must be taken into account. Assuming a maximum

jacking stress of 0.8 fp U ,
the posttensioning force, T

x ,
before

friction losses for the single 1/2 in. diameter tendon is:

T
x

= 0.153(0.80(270)

= 33.0 kips

The prestressing force considering friction losses and jacking from

one end only is computed by AASHTO 1.6.7(A):

10.5.2.4.1Losses. To comply withP-1.3.2.1,prestressinglossesmust be taken into account. Assumingamaximumjackingstressof0.8fp U , the posttensioning force,Tx,beforefrictionlossesforthesingle 1/2 in. diameter tendonis:
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Assuming other prestressing losses due to creep, shrinkage,

relaxation, and elastic shortening total 20%, then the effective

prestressing per monostrand is 24.5 kips.

10.5.2.4.2 Secondary Moment Effects. As for design

example 1, there are no secondary slab moment effects since the

tendons are at middepth.

10.5.2.4.3 Required Prestressing for Service Loads.

The service load stresses are as shown in Fig. 10.14. The required

prestressing to limit the tension stresses to 2 is calculated as

follows:

S = 24.5/44= 0.56 ft= 6.5 in.

A check of the compressive stresses indicates that they are less than

the 0.4 fj, limit of AASHTO 1.6.6(B)(2).

10.5.2.4.4 Prestressing Spacing. The required spacing

between each monostrand is calculated as follows, assuming there are

no diaphragm restraint effects:

S = 24.5/44

= 0.56 ft

= 6.5 in.

This is much less than the maximum tendon spacing allowed by P-1.4.
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10.5.2.4.5 Compensating for Diaphragm Restraining

Effects.

By Using Extra Transverse Prestressing in the Slab.

According to P-1.3.2.1, the restraining effects of diaphragms must be

included in the design.

According to P-1.3.2.4, the effective transverse prestress

force per unit edge length that is required in the slab in diaphragm

regions for a bridge with 20 degree skew is as follows:

10.5.2.4.5Compensating for DiaphragmRestrainingEffects.

10.5.2.4.5 Compensating forDiaphragmRestrainingEffects.

10.5.2.4.5 Compensating for Diaphragm RestrainingEffects.

This implies that a prestressing force of 52.8 kips/ft is applied

along all edges of the slab. This translates into a tendon spacing

as follows:
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S = 24.5/52.8

= 0.46 ft

T 5.5 in.

10.5.2.5 Bonded Nonprestressed Reinforcement.

10.5.2.5.1 Shrinkage and Temperature Reinforcement.

Same as for design example 1 (see Sec. 10.5.1.5.1).

10.5.2.5.2 Longitudinal Distribution Steel. Same as

for design example 1 (see Sec. 10.5.1.5.2).

10.5.2.5.3 Minimum Bonded Reinforcement in Transverse

Direction. P-1.6.2 requires a minimum amount of uniformly-

distributed bonded reinforcement in the transverse direction at both

top and bottom slab locations for decks which utilize unbonded

posttensioning systems. This minimum amount of steel is given by the

following:

10.5.2.6CheckUltimate Moment. Theultimatemomentcapacityoftheslabperfoot, M u , is computed accordingtoAASHTO1.6.9(A).

This translates into #4 reinforcing bars spaced at 13 in. This

amount of transverse slab reinforcement in both the top and bottom of

the slab will satisfy the shrinkage and temperature reinforcement

requirement.

10.5.2.6 Check Ultimate Moment. The ultimate moment

capacity of the slab per foot, M
u ,

is computed according to AASHTO

1.6.9(A).
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% - 0 ApS
f

su
d (1-(0.6 p f

su )/fJ)

In this case:

A
ps

= o.153(12)/6.5

= 0.28 in. 2/ft

d = 3.75 in.

P = 0.28/(12(3.75))

= 0.0062

f
su = 165 ksi (for unbonded tendon)

Thus:

= 0.95(0.28)(165)(3.75)(1-(0.6(0.0062)l65)/5)

= 144.4 in.-kips/ft

= 12.0 k-ft/ft

The factored moment per foot, M
u f, was calculated in design example 1

as 12.3 k-ft/ft. M
u

is slightly less than M uf ; however, including

the bonded nonprestressed reinforcement in the ultimate moment

calculation will more than make up the small difference between M
u

and

In this case:A ps = o.153(12)/6.5= 0.28 in. 2 /ftd = 3.75 in.P = 0.28/(12(3.75))= 0.0062f su = 165 ksi (for unbonded tendon)Thus: = 0.95(0.28)(165)(3.75)(1-(0.6(0.0062)l65)/5)= 144.4 in.-kips/ft= 12.0 k-ft/ft

The maximum steel percentage is checked according to AASHTO

1.6.10(A) for the case in which extra transverse prestressing is used

to compensate for diaphragm restraining effects.
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P Wf
c

< °-3°

A
ps

= 0.153(12)75.5

= 0.33 in.
2/ft

P = 0.33/(12(3.75))

= 0.0073

P f
su
/fc

= 0.0073(l65)/5

= 0.24

0.24 < 0.30 OK

P W f c < °-3°A ps = 0.153(12)75.5= 0.33 in. 2 /ftP = 0.33/(12(3.75))= 0.0073P f su /f c = 0.0073(l65)/5= 0.240.24 < 0.30 OK

P W f c < °-3°A ps = 0.153(12)75.5= 0.33 in. 2 /ftP = 0.33/(12(3.75))= 0.0073P f su /f c = 0.0073(l65)/5= 0.240.24 < 0.30 OK
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Fig. 10.19 Tendon layout of design example 2
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10.6 Economic Benefits

To explore the possible economic benefits of the application

of transverse prestressing, the cost of the transversely prestressed

deck for design example 1 presented in the previous section is

compared to the cost of a deck for the same example designed using

conventionally reinforced concrete. Figure 10.20 presents the

conventionally reinforced deck design of design example 1 using the

AASHTO Specification [s]. For the conventionally reinforced deck,

costs are determined using uncoated reinforcement in one case, and

assuming epoxy-coated reinforcement for the top steel layer in

another case. Many of the labor operations and material costs such

as for forming will be similar for each bridge deck type. Therefore,

the costs are compared on the basis of those material quantities and

labor operations which are different for each bridge deck type. The

material and labor costs assumed for the comparisons are provided in

Table 10.10. The costs in Table 10.10 were obtained from material

suppliers in Texas and represent 1984 average figures for the prices

quoted. It is interesting to note that the prices quoted for an

unbonded monostrand system and a grouted multistrand system were the

same. This confirms that the reduced material costs for fewer

anchorages and reduced labor costs because of fewer jacking

operations offset the grouting costs. This implies that the use of a

grouted multistrand system for design example 1 would probably be

less expensive than if an unbonded monostrand system had been
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Material or Labor

Operation Cost

Concrete (includes material

and labor costs)

- 3600 psi (for conventionally
reinforced concrete

deck)

$95/cu.yd.

= 5000 psi (for transversely
prestressed
concrete deck)

$100/cu.yd.

Reinforcing Steel (includes material

and labor costs)

Uncoated $0.40/lb

Epoxy-Coated $0.80/lb

Posttensioning System (includes all

material and

labor costs)

Unbonded Monostrand System $1.15/lb of

required

steel

Grouted Multistrand System $1.15/lb of

required

steel

Costs were obtained from 1984 price quotes
in Texas and represent average values.

from material suppliers

TABLE 10.10 Material and Labor Costs Assumed for

Comparison of Deck Types*
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selected. This is particularly true since supplementary bonded

nonprestressed reinforcement in the transverse direction is not

required with a bonded posttensioning system, and hence the costs for

nonprestressed reinforcement would be less with a deck slab with

bonded posttensioning.

Figure 10.21 presents the cost of each of the decks

normalized by the cost of the conventionally reinforced concrete deck

with uncoated reinforcement. For the design example, the cost of the

transversely prestressed deck is approximately 10% greater than that

for the conventionally reinforced concrete deck with uncoated

reinforcement. However, the real advantage is not apparent in this

cost comparison, since it is believed that the transversely

prestressed deck would have a much lower corrosion risk than the

conventionally reinforced deck with uncoated reinforcement. The

conventionally reinforced deck with uncoated reinforcement would be

at a greater risk to corrosion since it would crack under service

loads.

For similar risks to corrosion, the more appropriate

comparison is between the transversely prestressed deck and the

conventionally reinforced deck with a top mat of epoxy-coated

reinforcement. In this case, the transversely prestressed deck is

approximately 15$ less expensive.

From these cost comparisons, it appears that the initial

cost for a transversely prestressed bridge deck is comparable to that
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Fig. 10.21 Cost comparison of various decks for design example 1
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for a conventionally reinforced concrete deck. However, there is no

doubt that the long-term benefits in terms of improved durability

make the transversely prestressed deck much more attractive. The

improved durability results in increased resistance to corrosion as

well as freeze-thaw attack. The improved durability of the

transversely prestressed bridge deck will result in a longer deck

life as well as reduced maintenance costs.

Besides the improved durability, the transversely

prestressed deck has structural advantages over a conventionally

reinforced deck. Since the deck is designed to generally be in

compression, there is a greater reserve against overloads, and hence

there is less likelihood of cracking. Even though not a large

difference, the slab thickness of the transversely prestressed deck

for the design examples was less than the slab thickness of the

conventionally reinforced deck. This reduced the concrete costs and

reduced the dead load which must be carried by the girders.

In summary, it appears that transverse prestressing

represents a viable yet economical alternative for improving the

durability of bridge decks.



CHAPTER XI

SUMMARY, CONCLUSIONS, AND RECOMMENDATIONS

11.1 Summary

The principal objective of this study was to examine the

concept of improving bridge deck design by the application of trans-

verse prestressing, and to specifically examine the improvement of

durability due to protection from chloride-induced corrosion. The

secondary objective was to provide structural design related

recommendations for proper use of modern prestresing systems to

ensure effective distribution of transverse prestress throughout deck

slabs. The scope was primarily limited to bridge decks of composite

slab-girder bridges; however, many of the study findings are

applicable to other prestressed and reinforced concrete bridge

structures.

To study the durability aspects of transverse prestressing

applications, comprehensive reviews of the corrosion of steel in

concrete and the control of corrosion were presented in Chapters II

and 111. These reviews helped to identify the principal variables

for study in the experimental program in which 24 prestressed and

reinforced concrete specimens were subjected to an aggressive salt

water exposure under varied loading conditions. The description of

this experimental program, test results, and evaluation of test

results were presented in Chapters V, VI, and VII, respectively.
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To investigate the structural effects of transverse

prestressing, a model bridge was constructed and tested. The

principal results were reported in Refs. 4, 113, and 124. A summary

of the model test results was presented in Chapter VIII. Finite

element analyses were also used to study the structural effects of

transverse prestressing. The analysis findings were presented by

Almustafa in Ref. 4. Additional analysis as well as an extensive

summary of results from Ref. 4 was included in Chapters VIII and IX

of this study.

The design implications from both the durability and

structural studies of transverse prestressing were presented in

Chapter IX. The formulation of design recommendations was presented

in Chapter X. The proposed design recommendations were based on an

integration of the results from the structural and durability

studies, as well as applicable current design provisions which were

summarized in Chapter IV. To clarify and illustrate the proposed

recommendations, two design examples for transversely prestressed

bridge decks were also presented in Chapter X. The possible economic

benefits of transverse prestressing were also addressed in Chapter X

by comparing the cost for a transversely prestressed bridge deck to

that for a conventionally reinforced bridge deck.

11.2 Conclusions

11.2.1 General Conclusion. The principal conclusion from

this study is that the application of transverse prestressing
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represents a viable and economical alternative for improving the

durability and corrosion protection of bridge decks. Transverse

prestressing permits a "crack-free” design for service load

conditions, and thus limits the penetration of frost susceptible and

of aggressive, corrosion-producing substances. The overall direct

material and construction costs for a conservatively designed

transversely prestressed bridge deck appear closely comparable to

those for a conventionally reinforced deck. However, substantial

economic benefits from transverse prestressing should be attained

from the substantially improved durability and corrosion protection

which leads to a longer deck life and significantly reduced

maintenance costs.

11.2.2 Specific Conclusions.

11.2.2.1 Durability Study. The important conclusions

from the durability study are summarized as follows:

1. Transverse prestressing significantly reduces corrosion risk

by limiting crack widths and by completely closing cracks

upon load removal.

2. A minimum concrete cover of about 2 in. with a maximum

concrete water-cement ratio of about 0.45 is required to

minimize the risk of chloride-induced corrosion of

unprotected steel reinforcement in uncracked concrete.

3. Epoxy-coating on reinforcement provides satisfactory

protection from chloride-induced corrosion up to a
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threshhold level of 12 lbs Cl~/(cu.yd.concrete). However,

in some specimens with very heavy chloride levels at cracks,

corrosion of the deformations on reinforcing bars was noted.

4. Concrete cover of less than 2 in. is inadequate in

protecting prestressing system anchorages and strand

extensions from corrosion. In addition to concrete cover,

other measures such as providing an impenetrable moisture

barrier or cap around anchorages are necessary in order to

provide protection.

5. The susceptibility of steel reinforcement to corrosion is

independent of concrete cover in cracked concrete since

corrosion initiates at crack locations and corrosive agent

penetration is more a function of crack width than cover.

6. Properly designed, detailed and constructed prestressing

ducts such as grouted galvanized duct and grease-filled

plastic duct with complete barrier systems and connections

to prevent moisture penetration provide adequate corrosion

protection for prestressing tendons.

7. Current AASHTO code provisions for the design of reinforced

concrete decks, which implicitly permit crack widths under

service loads of 0.011 in., are inadequate for protection of

steel reinforcement from chloride-induced corrosion.

11.2.2.2 Structural Study. Specific conclusions from

parallel studies of the structural effects of transverse prestressing
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are also presented in Refs. 4, 113, and 124. However, the more

important conclusions from all structural studies may be summarized

as follows:

1. If diaphragms are omitted from a bridge at the time of

transverse slab prestressing, the transverse stress

distribution is essentially uniform and slab stresses equal

the applied edge stress less normal friction and time

losses. This implies that the lateral stiffness of girders

as well as other bridge parameters have little effect on

transverse stress distribution.

2. However, diaphragms which are in place at the time of

transverse prestressing significantly affect transverse

stress distribution. The overall transverse prestress

reduction effect of diaphragms depends on cross-sectional

diaphragm stiffness, interior diaphragm spacing, slab

thickness, bridge skew angle, and, to some degree, strand

profile.

3. To account for transverse pretress reduction effects of

diaphragms, two basic approaches can be followed:

a. Compensate for the diaphragm effects by either using

additional prestressing in the slab over diaphragm

regions or by prestressing the diaphragms themselves.

b. Prevent the diaphragms from affecting transverse slab

prestress either by removing them or not putting them
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in place before prestressing or by creating temporary

gaps between the girders and diaphragms to allow for

unrestrained elastic shortening of the slab at the time

of transverse prestressing.

4. Losses in prestressing, especially posttensioning friction

losses, can result in substantially less effective

compression to resist cracking and must be adequately

accounted for in design.

5. Jacking sequence of posttensioning does not have a

significant influence on transverse stress distribution in

typical bridge decks.

6. No significant vertical cambers or deflections should arise

from transverse prestressing a bridge deck to the

compression levels which are necessary to ensure a ’’crack-

free” design.

7. Current AASHTO procedures are conservative, yet adequate for

ensuring strength of a transversely prestressed bridge deck

at factored load conditions.

8. Errors in prestressing tendon placement in thin slab

sections can have a pronounced effect on the magnitude of

extreme fiber stresses.

9. Both two- and three-dimensional elastic finite element

analyses provide satisfactory predictions of transverse

prestressing effects in bridge decks.
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11.2.2.3 Design Procedure. The important conclusions

from the design recommendation study are as follows:

1. The basic design criteria for the proposed design

recommendations should provide for frost- and corrosion-

resistant, crack-free deck slabs.

2. The simplified procedures which were developed for

determining the slab or diaphragm forces required to

overcome restraining effects should ensure effective

distribution of transverse prestress throughout deck slabs.

11.3 Recommendations

11.3.1 General Recommendations. The general

recommendations from this study are as follows:

1. The design provisions for transversely prestressed bridge

decks presented in Chapter X should be carefully considered

by AASHTO.

2. It is strongly recommended that transversely prestressed

decks be used for those bridge applications in which the

decks will be exposed to aggressive and corrosive

environments. Transversely pretressed bridge decks would be

particularly well-suited for environments in which heavy

usage of deicing salts are expected, marine environments and

environments in which multiple freeze-thaw cycles are

possible within a given year.
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3. As a minimum of protection, it is recommended that

conventionally reinforced concrete bridge decks which are

exposed to deicing salts use epoxy-coated reinforcement for

at least the top mat of steel. For conventionally

reinforced decks exposed to chlorides on both top and bottom

deck surfaces such as from marine environments, epoxy-coated

reinforcement should be used for all deck steel.

11.3.2 Future Research Needs. There are several areas

involving the application of transverse prestressing which need

further study. They are:

1. Identification of economical, practical, and reliable

methods for corrosion protection of anchorages.

2. Reevaluation of current AASHTO provisions which are used for

calculating transverse slab moments due to vehicular loads.

3. Evaluation of the interaction effects and applicable design

criteria where closely spaced multiple anchorages are used

in thin slab sections.
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HALF CELL POTENTIAL READINGS VERSUS TIME
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APPENDIX C

SUMMARY OF MINERAL STUDIES LABORATORY (MSL) PROCEDURE FOR

DETERMINATION OF CHLORIDE (Cl“) CONTENT IN CONCRETE
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C.l Residual Chloride of Colorimetric Method

C. 1.1 Reagents.

1. Ferric ammonium sulfate solution: Dissolve 6.0 g of

FeNHi4(SOi|)2«'1 2H20 in water in a 100-mL volumetric flask, and

add 35.5 mL concentrated Make up to 100-mL volume by

adding water.

2. Saturated mercury thiocyanate solution: Weigh 0.35 g of

Hg(CNS)2 into a 100-mL volumetric flask. Make up to 100 mL

by adding 95 percent ethanol. The Hg(CNS)2 remains in

suspension form. New solution should be prepared every few

days.

3. Dilute (5 percent or O.BN_) for sample dissolution:

Dilute 50 mL of concentrated HNO3 with H2O to make a 1000 mL

solution.

C. 1.2 Sample Dissolution. Weigh 0.5 g of sample into a 50-

mL culture tube and add 5 mL of 4 percent HNOy Heat content at 85°C

on a Technicon BD4O digester to dissolve carbonates, anhydrite, and

to release chloride. A boiling-point temperature and a high acid

concentration must be avoided to prevent loss of chloride as HCI.

C.1.3 Procedure. Calibration standards and blanks:

Prepare a chloride standard of 10 ug Cl/mL (Appendix A-1, Preparation

of standard stock solution) by diluting 1 mL of the stock solution

with H
20 to 100 mL in a 100-mL volumetric flask. Pipet 0,2, 5,8,

and 10 mL of the 10 g/mL standard into 25-mL volumetric flasks.
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Pipet an aliquot of sample solution containing between 20 to

100 /xg of Cl- into 25-mL volumetric flasks. All sample solutions and

standard solutions must be acidified- with to a pH of

approximtely 1 before addition of Hg(SCN)2* Shake the saturated

mercury thiocyanate to bring it into suspension. Pipet 4 mL of the

suspension into each flask followed by adding 2 mL of ferric ammonium

sulfate to each. Mix content well and make up to 25 mL volume with

water and mix again. Let the following reaction take place in 10

minutes, but do not allow the reaction to go for more than 30

minutes.

6Hg(CNS) 2 + 2Fe 2 (504 )
3

+ 6 Cl“

3Hg 2CI2 + 4Fe(CNS) 3
(red color)

Remove colloidal particles by centrifuging a portion of the red-

colored solution at 10,000 rpm. Measure absorbance of the clear

solution at 460 nm on a spectrophotometer. Plot absorbance versus

Cl” concentration in Cz/g/25 mL) on a Linear scale; a straight line is

obtained.

Calculation:

v
t

c X f

Cl- (4 g/g) =
2

wt.

where: C: the amount of Cl” (in/<g/25 ml) obtained from

calibration curve (that is, the amount of Cl" in the

aliquot of sample used for analysis)
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Wt.of Acid Heating Direction FinalSample Dissolution Temperature of Heating VolumeIgm 5mL H 2 O + 95-100°C 1-2 hrs 50 mL1.5 ml cone . withhno 3 h 2 o

C.1.4 Comments. Mercury thiocyanate is slightly

soluble in ethanol; thus it is essential that a freshly prepared

suspension of Hg(CNS)p in alcohol be used for reaction. MSL’s

experience shows that if an aged suspension is used, a faint reddish

color will develop at the levels of Cl’ concentration given. This

phenomenon results from insufficient amounts of Hg(CNS) 2
in the

ethanol solution for complete reaction with Cl”. It has also been

found that if the excess amounts of Hg(CNS) 2
in suspension are

allowed to react with Fe2(SOi|) 3 for a long time, even in the absence

of Cl", an intense reddish color will develop, indicating reaction

between and Fe
2 (SOi|) 3

and leading to formation of the

reddish

C. 2 Dissolution of Samples

C.2.1 Acid Soluble Test.

Wt. of Acid Heating Direction Final

Sample Dissolution Temperature of Heating Volume

Igm 5mL H 2
O + 95-100°C 1-2 hrs 50 mL

1.5 ml cone . with

hno 3 h2
o
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C.2.2 Water Soluble Test.

Wt. of Acid Heating Direction Final

Sample Dissolution Temperature of Heating Volume

1 gm 25 ml H
2

O 95-100°C 1-2 hrs 50 ml

with

h
2

o

C. 3 Quality Assurance

To ensure reliability of the method, results on reference'

samples (EPA and standard seawater) were also obtained. These

results were as follows:

Standard Seawater:

Found Certified

20.00 gm/1 19.834 gm/1

EPA-478

Found Certified

70.4 /rg/ml 70.2 //g/ml



APPENDIX D

DESIGN CALCULATIONS FOR TRANSVERSELY PRESTRESSED DECK

OF LABORATORY BRIDGE MODEL
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D.l Slab Span (AASHTO 1.3.2(A))

S = girder spacing - half flange width

= 8.83 - 14/12

= 8.25 ft

D. 2 Impact Factor (AASHTO 1 .2.12(C))

I = 50/(125 + S) < 0.30

= 50/(125 + 8.25)

= 0.30

D. 3 Design Moments

D. 3.1 Dead Load

M
dl = (0.105)(8.25) 2/10

= 0.71 k-ft/ft

D.3.2 Live Load (AASHTO 1 .2.5(C) and 1 .3.2(0)

m
LL+I

= I
* 3 (0 ’ 8) P(S + 2)/32

= 1.3 (0.8) (16) (8.25 + 2)/32

= 5.33 k-ft/ft

D.3.3 Total

M
TL = m

DL + m
LL

= 0.71 + 5.33

= 6.04 k-ft/ft
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D. 4 Service Load Stresses

A = 12(8.25) = 99 in. 2/per ft width of slab

Sgross ~ I/C (ignoring steel)

= 12(8.25)2/6

= 136 in.3/per ft width of slab

f
c

= +m
tl

/s

= 6.04(12)7136

= +0.533 ksi

D. 5 Prestressing

D. 5.1 Straight Tendon Profile

D. 5.1.1 Accounting for Friction Losses

f
c

= 0.9 P/A

f
c
/0.9 = P/A

+0.537/0.9 = +0.592 ksi

D. 5.1.2 Required Prestressing for Service Loads

0 = -P
t/99 -PT (1.875/136) - P

B/99 + (P B( 1.8758/136

+ 0.592

0.140 = -P
t/99 +P T (1.875/36) - P B/99 - (P B (1.875))/136

+ 0.592

P T
= 28.3 kips

P
B = 23.2 kips

Assuming effective prestress force P
e

= 22.95 kips
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Bottom tendon spacing = 22.95/23.2

= 0.99 ft

= 11-7/8 in.

Top tendon spacing = 22.94/28.3

= 0.81 ft

= 9-3/4 in.

Check for compression stresses < 0.4 OK

D.5.2 Draped and Straight Tendon Profile

D. 5.2.1 Accounting for Friction Losses

f
c

= 0.80 P/A

f
c/0.80 = P/A

+0.533/0.8 = +0.666 ksi

D.5.2.2 Required Prestressing for Service Loads

0 = -P
t/99 - (PT (1.875))/136 - P

B/99 + (P B
C1.875))/136

+ 0.666

But, Pg = Py/3

P
T = 29.1 kips

Tendon spacing = 22.95/29.1

= 0.79 ft

= 9-1/2 in.

For a given repeating section, there is one straight tendon top
and bottom, and two draping tendons.

Check for compression stresses < 0.4 f'
c

OK
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D. 6 Bonded Reinforcement (ACT 318-83 18 .9 .2)

A
s

= 0.004 A

= 0.004(8.25/2X12)

= 0.20 ft width of slab

Using #4 bar:

S = 0.20/0.20

= 1 ft

= 12 in.

The #4 bars are required top and bottom of slab in the

transverse direction.

D. 7 Shrinkage and Temperature Reinforcement (AASHTO 1 .5.12)

1/8 ft width of slab

For #4 bar:

S = 0.20/0.125

= 1.6 ft

= 19.2 in. > 18 in.

Use at least #4 bar at 18 in. in both transverse and

longitudinal directions on both and top and bottom of slab.

D.B Check for Ultimate Moment (AASHTO 1,6.9(A))

D.8.1 Straight Tendon Profile

M
u =0 A

s
f
su d(1 - 0.6 p f

su/fc)

0 = 0.95 (for cast-in-place posttensioned concrete)

A
s

= 0.153 (12/11.875)

= 0.155 in.2/per ft
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f
su

= f
se + 15000

= 150,000 + 15000

= 165,000 psi

= 165 ksi

M
u = (0.95)(0.155)(165)(6) (1 - 0.6 (0.0022(l65)/5))

= 140 in.-k/ft

= 11.6 k-ft/ft

Factored Moment (AASHTO 1.2.22)

M
uf = 1.3(0.71) + 2.17(5.33)

= 12.5 k-ft/ft

11.6 < 12.14 (but bonded nonprestressed reinforcement

provides enough additional strength to

satisfy requirement)

D.8.2 Straight and Draped Tendon Profile

A
s = 0.153 (12/9.65)

= 0.193 in. 2/ft

M
u

= (0.95)(0.193) (165) (6) (1 - 0.6(0.0027( 165)/5))

= 172 in.-k/ft

= 14.3 k-ft/ft

Muf = 12.5 k-ft/ft

14.3 > 12.5 OK

Minimum Moment (Moment Reversal)

A
s = 0.153(12/28.5)

= 0.064 in. 2/ft
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M
u = (0.95) (0.064) (165) (6) (1 - 0.6(0.0009(165)/5 ))

= 59.1 in.-k/ft

= 4.9 k-ft/ft

Minimum Moment = M
u f/2 = 6.2

4.9 < 6.2 No good

Including Bond Reinforcement

A
s = 0.20 in.

2/ft

M
u
» 0A

s
f

y
[o.9d]

= 0.90 (0.20)(60)(0.9(6))

= 58.3 in.-k/ft

= 4.9 k-ft/ft

Mutqt = +

= 9.8 k-ft/ft

9.8 > 6.2 OK

D. 9 Check Maximum and Minimum Steel Percentages
(AASHTO 1 .6.10(A) and 1 .6.10(B))

OK by inspection
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