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International terrorist organizations have been active across the globe for 

decades, but attacks against public surface transportation infrastructure 

constitute a recent trend. Statistical data from past attacks, along with numerous 

threats received by United States (U.S.) Government authorities, support this 

claim and render U.S. transportation infrastructure security a national concern. 

Public highway bridges can be particularly vulnerable to a malevolent attack due 

predominately to their public accessibility and exposed nature. Furthermore, the 

sudden failure of a highway bridge located on a major transportation corridor 

has the potential to cause significant economic loss, human casualties, and 

societal distress. 

Motivated by the recent trend of increasing worldwide attacks and 

identified vulnerabilities associated with public highway bridges, considerable 

research in the area of bridge security has been carried out over the past decade. 

While much research is still needed, it is important to begin transitioning the 

existing knowledge and technology to the appropriate users within the bridge 

analysis and design community. Accordingly, the main objective of the research 

described in this dissertation is to facilitate this transition and advance the state-
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of-the-practice in bridge-specific protective analysis and design by developing 

accurate yet fast-running dynamic response models for reinforced concrete (RC) 

bridge columns and tower panels subjected to blast loads. Given a threat scenario 

and bridge component of interest, the RC component response models 

characterize demand on a selected component and provide an estimate of peak 

dynamic response and incurred damage. Such fast-running, engineering-level 

models provide practicing bridge engineers with the ability to readily assess the 

performance of blast-loaded bridge components without having to rely on time-

consuming, costly, and complex resources such as physical testing or high-

fidelity finite element simulations. The proposed dynamic response models are 

also capable of facilitating anti-terrorist/force protection (ATFP) retrofits and 

rapid in-situ vulnerability assessments of existing bridge components, as well as 

safe designs of new bridge components.  

As part of a larger research effort that was chiefly managed by the author 

of this dissertation, the RC component response models were integrated with 

similar models for steel bridge towers and high-strength steel cable components 

to form a comprehensive, component-level vulnerability assessment software for 

blast-loaded bridges. Therefore, the results of this research synthesize the state-

of-the-art in blast-resistant bridge analysis/design and put forth a practical, 

engineering-level tool to aid in the growing concern of domestic transportation 

infrastructure security. This contribution to the structural engineering 

community marks a step towards enhanced resiliency of existing and future U.S. 

highway bridges. 
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CHAPTER 1 

INTRODUCTION 

“Attacks on public transportation, the circulatory systems 

of urban environments, cause great disruption and alarm, 

which are the traditional goals of terrorism.  For those 

determined to kill in quantity and willing to kill 

indiscriminately, public transportation is an ideal target.” 

 1 -  Brian Michael Jenkins, 2001 

 

The protection of buildings against the effects of explosions has been a 

national interest for years. For nearly half a century, the United States (U.S.) 

Government has invested in research and development efforts focused on 

wartime defense scenarios involving both weapons-grade nuclear events and 

high-explosive detonations. In addition, the heavy industrial sector has long been 

concerned with damage and injury mitigation from accidental explosions 

occurring at petrochemical facilities. Recently, with the rise in international and 

domestic terrorist activities, including the September 11, 2001 (9/11) attacks 

against the World Trade Center in New York City and the Pentagon in 

Washington, D.C., major concerns have been raised regarding the state-of-

security of the nation’s infrastructure.    

While previous infrastructure security research has focused primarily on 

building structures, recent worldwide statistics indicate a trend of increasing 
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attacks against public transportation assets, with highway infrastructure being 

among the most frequently targeted. In 1998, highway infrastructure was 

reportedly the most frequently attacked transportation target worldwide (U.S. 

Department of Transportation, 2000). This statistical observation agrees well with 

the numerous threats received by U.S. Government authorities against various 

public highway bridges since the tragic events of 9/11. Public highway bridges 

are highly accessible, and, unlike typical building structures, they often lack the 

level of structural redundancy and exterior envelope protection needed to 

adequately withstand the extensive localized damage likely to result from a 

nearby explosion.  Furthermore, the limited amount of bridge-specific protective 

design guidance in today’s engineering guidelines and specifications suggests 

that the nation’s existing highway bridges may not be well protected against 

large-scale terrorist attacks and anti-terrorist/force protection (ATFP) concepts 

are not being incorporated into new highway bridge designs. As evidenced by 

recent non-terrorist-related bridge collapses (Wikipedia, 2009; Cormany, 2008; 

NTSB, 2004; AP, 2001), the sudden failure of a highway bridge located on a major 

transportation corridor has the potential to cause significant economic loss, 

human casualties, and societal distress. The crippling consequences from past 

accidental bridge collapses are highlighted through the review of various case 

studies later in this chapter. 

From a national defense perspective, the U.S. military relies heavily on the 

public highway system for moving military equipment and personnel from 

military installations to various seaports and airports around the country. The 

Strategic Highway Network (STRAHNET) system of public highways forms a 

key component of U.S. strategic defense policy, providing access, continuity, and 
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emergency transport of personnel and equipment in times of peace and war. The 

61,000 mile system comprises approximately 45,400 miles of Interstate and 

defense highways and 15,600 miles of other important public highways (U.S. 

Department of Transportation, 2000). The sudden collapse of a major 

STRAHNET highway bridge could seriously hinder the U.S. military’s ability to 

mobilize resources and expeditiously respond to a domestic or international 

defense situation.    

The recent trend of increasing worldwide attacks and identified 

vulnerabilities associated with public highway bridges highlight the need for 

security enhancement of both existing and future bridges. However, 

implementing an across-the-board terrorist threat mitigation effort for the entire 

U.S. highway bridge inventory and instituting a nationwide integration of 

essential protective design guidance into the design of new bridges are 

monumental endeavors demanding a prohibitive amount of time and resources.  

As such, security enhancement must be approached in a strategic manner that 

allows for the most efficient use of available resources. Realizing that the risk of 

an attack and the severity of the consequences associated with an attack are 

likely to vary among the bridges in the U.S. highway inventory, ATFP retrofits of 

existing bridges must be prioritized. Additionally, because typical bridge 

engineers often lack a thorough understanding of advanced structural dynamics 

and protection engineering fundamentals, bridge-specific protective analysis and 

design concepts must be available in practical form and disseminated to bridge 

engineers in a clear and understandable manner. Significant research over the 

past decade has led to a number of important advancements in the areas of 

vulnerability assessment and risk-based prioritization methods, component-level 
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blast load characterization and dynamic response analysis procedures, and blast 

threat mitigation techniques; however, little has been done to synthesize the 

state-of-the-art.  An essential next step towards enhanced resiliency of the 

nation’s public highway bridges is to begin transitioning novel bridge security 

technology to appropriate personnel within the bridge engineering community. 

The research presented in this dissertation aims to advance the state-of-the-

practice in highway bridge security by developing versatile and user-friendly 

software capable of facilitating rapid in-situ vulnerability assessments and ATFP 

retrofits of existing bridges as well as safe designs of new bridges. Such a tool 

will enable practicing bridge engineers to implement essential blast-resistant 

design strategies without having to rely on time consuming, costly, and complex 

resources such as physical testing or high-fidelity finite element analyses. This 

chapter outlines the motivation and research approach for this work. 

1.1 MOTIVATION 

 A large-scale terrorist attack against a major U.S. highway bridge was 

thought highly unlikely a little more than a decade ago. Construction drawings 

and design details for major transportation infrastructure were available to the 

public, and major bridge design codes lacked provisions addressing protective 

design. The domestic attacks of 9/11 mark a tragic and unforgettable day in U.S. 

history. These terrorist-related events resulted in numerous fatalities, gross 

economic loss, and a nationwide pandemic of fear and anxiety. While the events 

of 9/11 opened the eyes of many Americans to the true potential of domestic and 

international terrorist organizations, the reality is that such groups have been 
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active across the globe for decades. Between 1990 and 2000, The Bureau of 

Alcohol, Tobacco, and Firearms reports that more than 2,500 criminal bombings 

occurred per year in the U.S. alone (Boyd and Sullivan, 2000). A particularly 

concerning trend in recently documented terrorist activity is the increase in 

attacks on worldwide public surface transportation infrastructure. As can be seen 

in Figure 1.1, the number of documented terrorist attacks against these types of 

targets increased from less than 20 attacks in 1985 to nearly 120 attacks in 2003 

and 2004.  According to the U.S. State Department, the number of violent attacks 

against transportation targets increased from 20 percent of all violent attacks in 

1991 to nearly 40 percent in 1998 (Boyd and Sullivan, 2000).  

 As of the first quarter of 2010, the Mineta Transportation Institute (MTI) 

has documented 1,633 worldwide terrorist attacks against public surface 

transportation infrastructure―161 of which specifically targeted highway 

 

Figure 1.1  Histogram of Documented Worldwide Terrorist Attacks against Public 
Transportation Infrastructure (Jenkins and Butterworth, 2010) 
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infrastructure. Moreover, 82 of the documented highway infrastructure attacks 

involved explosives and/or incendiaries.  Although the 1977 explosion on the 

Route 1 Bridge in Florida Homestead and Key West is the only U.S. highway 

infrastructure attack currently documented in MTI’s database, intelligence 

gathered from captured terrorists and threats received by various U.S. 

authorities suggest that the potential for a future attack is alarmingly high.  

 In February of 1982, police discovered approximately 40 lbs of a powerful 

liquid explosive left in a parked car beneath the Bay Bridge on the San Francisco 

side (Jenkins, 1997). In June of 1993, police arrested nine Muslim fundamentalists 

who were planning to blow up the George Washington Bridge as well as the 

Holland and Lincoln Tunnels in New York. Just one month later in July of 1993, 

an Islamic Jihadist caller warned that an extremist group had planted explosives 

on all bridges leading to Canada on the Niagara Frontier (Jenkins, 1997). In May 

of 2000, an Al Qaeda training manual was captured in Manchester, England 

during a police investigation of a home belonging to an alleged member of Al 

Qaeda. The captured training manual contained goals that included missions for 

gathering information about the enemy and for blasting and destroying bridges 

leading into and out of major cities (BRPBTS, 2003). In a similar vein, as a 

Caltrans-funded Bay Area Security Enhancement Project neared completion in 

2003, a captured Al Qaeda leader revealed that a bridge in San Francisco or San 

Mateo was on a list of possible targets for the terrorist network (BRPBTS, 2003). 

In May of 2003, a naturalized U.S. citizen living in Columbus, Ohio was arrested 

for conspiring to commit a terrorist act that involved severing the main 

suspension cables of the Brooklyn Bridge with blow torches (Carafano, 2007). In 

June of 2003, Mohammed Rauf, an Al Qaeda operative, was arrested for plotting 
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to destroy the Brooklyn Bridge. While in custody, Rauf also admitted to 

conspiring to pinpoint targets for simultaneous terrorist attacks on New York 

City and Washington (McPhee et al., 2003). Less than a year later in April of 2004, 

the U.S. Coast Guard received notification of a bomb discovery on the Bay St. 

Louis Bridge in Mississippi. The bridge operator who submitted the notification 

discovered a package secured to a main bridge girder with bungee cords. The 

package was later opened and found to contain a plastic container that housed a 

brown box with wires sticking out of it (NRTIS, 2004). New York City was once 

again terrorized with a bomb threat to the Brooklyn Bridge in October 2010.  

During this incident, authorities discovered a flashlight connected with copper 

wiring along with two suspicious packages lying on each side of the bridge deck 

(Charles, 2010). On May 2, 2011, the day after Osama Bin Laden was killed by 

U.S. Navy SEALs, the Coronado Bridge near San Diego, California was 

temporarily shut down after a suspicious object resembling a pipe bomb was 

found on the bridge deck. The bridge was later re-opened after authorities 

identified the object as inert military ordinance (Winslow, 2011). In April of 2012, 

five men were apprehended for plotting to “blow up” a highway bridge just 

south of Cleveland, Ohio. The men were arrested after leaving two toolboxes at 

the base of the bridge that contained inert C-4 explosive purchased from an 

undercover FBI agent days earlier (Muskal and Sweeney, 2012).   

Despite the long list of threats against signature highway bridges in the 

U.S., it should be emphasized that worldwide historical data suggest that 

terrorists tend to attack typical, non-iconic transportation infrastructure with the 

greatest frequency. In the context of this dissertation, an iconic bridge refers to a 

one-of-a-kind structure exhibiting a unique design (e.g., true or tied arch, cable-
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stayed, or suspension) that compliments the surrounding landscape and carries a 

particular significance to the local community.  Between 1980 and 2006, the MTI 

database includes 53 terrorist attacks that specifically targeted public highway 

bridges, 20 of which occurred in industrialized nations (Jenkins and Gersten, 

2001). Of the 53 worldwide bridge attacks, 58 percent involved non-iconic 

structures. Furthermore, of the 20 bridge attacks occurring in industrialized 

nations, 35 percent involved non-iconic structures. These statistics are further 

illustrated in Figure 1.2 for the 20 bridge attacks occurring in the U.S., Europe, 

and Australia.   

The fact that terrorists frequently attack ordinary highway bridges closely 

aligns with their perceived objectives. While damaging or destroying a well-

known icon of a large metropolitan community is perhaps an obvious motive for 

a terrorist attack, security experts also believe they select targets based on the 

likelihood of success and potential for substantial human casualties and 

economic consequences. Transportation and related assets are attractive terrorist 

targets because of their accessibility and potential impact on human lives and 

economic activity (BRPBTS, 2003). Each year, U.S. public transportation systems 

service more than 8 billion users and employ almost 300,000 people (Boyd and 

Sullivan, 2000). Moreover, regardless of its iconic status, the loss of a critical 

bridge located at one of the numerous “choke points” in the U.S. highway system 

could result in hundreds or thousands of casualties, billions of dollars worth of 

direct reconstruction costs, and even greater socioeconomic costs (BRPBTS, 2003). 

The direct cost of repairing a major highway bridge alone can be crippling to a 

local community. Experience in reconstruction following major natural disasters 

[e.g., hurricanes Sandy (Freedman, 2012a) and Irene (Freedman, 2012b) in the  
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   Figure 1.2  Terrorist Attack Statistics between 1980 and 2006 Involving Highway 
Bridges Located in Industrialized Nations (data from Jenkins and Gersten, 2001) 

U.S. and the Tohoku earthquake in Japan (USGS, 2011)] suggests that expedited 

repair and replacement can significantly increase the total construction cost. 

Addressing any fatalities or environmental consequences and processing the 

attack site as a crime scene would all act to further exacerbate the total recovery 

cost. Additionally, the potential lost revenue from affected toll facilities and 

surrounding businesses or a sudden loss in area tourism would further devastate 

the local community. Experts believe that the loss of a critical bridge could 

exceed $10 billion (BRPBTS, 2003). Furthermore, a targeted attack on two or more 

transportation assets could result in a synergy where the total cost would be 

more than the sum of individual costs, especially when regional socioeconomic 

consequences are considered (BRPBTS, 2003). Though a large-scale terrorist 

attack against a major U.S. highway bridge has yet to occur, a number of non-
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terrorist-related domestic bridge collapses have highlighted the grave 

consequences associated with such an event. 

 On September 15, 2001, four days after the domestic terrorist attacks of 

9/11, four large barges and a tugboat lost control and collided with a reinforced 

concrete pier of the Queen Isabella Causeway located in southern Cameron 

County, Texas. The impact collapsed three 80-foot sections of the causeway, 

resulting in eight fatalities, three injuries, and rendering the only vehicular 

passageway between the mainland and South Padre Island inoperable for two 

months. A post-collapse picture of the causeway is shown in Figure 1.3.  More 

than 19,000 vehicles travel the causeway daily; thus, a temporary solution 

involving ferry transportation was put in place during the $4 million 

reconstruction effort (AP, 2001).  In a press release shortly following the 

collapse, Texas Governor Rick Perry stated that “…the collapse of the Queen 

Isabella Causeway has had a serious economic impact on businesses and 

communities located within the Rio Grande Valley.  Retail trade and services on 

  

 

Figure 1.3  Post-Collapse Photo of Queen Isabella Causeway (USCG, 2001)   
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both sides of the bridge—such as hotels, restaurants, and retail stores—suffered 

from a shortened tourist season brought about by the bridge collapse (Texas 

Office of the Governor, 2001).” 

In May of 2002, a towboat pushing two empty asphalt tank barges veered 

off course and collided with a reinforced concrete pier of the Interstate 40 

highway bridge near Webbers Falls, Oklahoma. The impact collapsed a 503-foot 

span of the bridge, causing eight passenger vehicles and three tractor-trailer 

trucks to fall into the Arkansas River. The accident resulted in 14 fatalities and 5 

injuries, and it caused an estimated $30.1 million in damage to the bridge and 

$276,000 in damage to the barges (NTSB, 2004). A picture of the collapsed span is 

shown in Figure 1.4. 

 

 

Figure 1.4  Post-Collapse Photo of Interstate Highway 40 Bridge (NTSB, 2004) 
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 On August 1, 2007 the I-35W Mississippi River Bridge—an eight-lane, 

steel truss arch bridge—in Minneapolis, Minnesota suddenly collapsed, killing 

13 people and injuring 145. A post-collapse picture of the I-35W Bridge is shown 

in Figure 1.5. The bridge was Minnesota’s fifth busiest, carrying 140,000 vehicles 

daily (MDOT, 2006). While the direct reconstruction cost of $234 million was 

quite staggering, the collateral economic and socioeconomic consequences added 

considerably to the total cost of the accident. The city of Minneapolis applied for 

$65 million in federal aid to cover the cost of losses attributed to the collapse. The 

federal aid covered future paving costs, lane re-striping, and other public works 

projects. The city of Minneapolis also applied for $1.2 million to cover lost 

parking meter revenue. To facilitate the reconstruction effort, the Minnesota 

Department of Transportation acquired a plumbing business, a day care, and a 

vacant lot for the project. These acquisitions pushed the total price tag for 

reconstruction to more than $400 million (Scheck, 2007). In addition, 35 people 

lost their jobs when a construction materials company cut production in the area.  

 

 

Figure 1.5  Post-Collapse Photo of Interstate Highway 35W Bridge (Wikipedia, 2009) 
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Business owners near the collapse lost between 25 and 50 percent of their 

income, and at least one business closed (Cormany, 2008; Anderson Jr., 2007). 

The stated goals of terrorism, combined with the recent trend of increasing 

worldwide attacks and identified vulnerabilities of public highway bridges, 

illustrate the real and imminent threat to U.S. public surface transportation 

infrastructure.  Motivated by the need to fortify such assets against a potential 

large-scale terrorist attack, researchers and highway transportation authorities 

have begun to apply risk management and risk-based threat mitigation 

methodologies (Ray 2007; Williamson and Winget, 2005; SAIC, 2002) to aid in the 

planning and design of new highway bridges and the retrofit of existing 

structures. A comprehensive approach to integrate protective design concepts 

and guidance into new highway bridges would include site layout 

recommendations, active and passive deterrence options, performance-based 

bridge design standards, blast load characterization options, structural analysis 

options, blast-resistant design concepts, and retrofit guidance (Winget et al., 

2005). Resources are limited, however, and the nation’s highway bridge 

infrastructure is too massive for a universal effort to mitigate terrorist threats.  

At the request of the American Association of State Highway and 

Transportation Officials (AASHTO), the National Cooperative Highway 

Research Program (NCHRP) developed an objective and logical procedure for 

identifying infrastructure in need of immediate security enhancement and for 

prioritizing threat mitigation for bridges (SAIC, 2002). The U.S. Army Engineer 

Research and Development Center combined the AASHTO-NCHRP 

methodology with concepts and procedures from natural hazard risk assessment 

to develop a risk-based procedure for prioritizing threat mitigation at the 
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component level (Ray, 2007). The proposed procedure assigns risk factors to 

individual bridge components to indicate importance and vulnerabilities. The 

importance primarily reflects a component’s contribution to structural stability, 

as well as the cost for its replacement or repair.  Vulnerability is a function of a 

threat’s type, size, and likelihood of being deployed, and it also depends on the 

component’s resistance to that threat. While such component-level vulnerability 

assessment procedures work well in theory, they have proved difficult to 

implement with an adequate level of accuracy and rigor in practice. The 

Transportation Security Administration (TSA) and other government agencies 

and contractors have begun using these procedures to conduct in-situ (i.e., in the 

field) vulnerability assessments of existing U.S. highway bridges. Currently, the 

importance and vulnerability of critical bridge components are being determined 

based primarily on engineering judgment and qualitative analysis. Conducting 

field assessments does not lend itself well to detailed calculations for the 

determination of a component’s resistance to a specified terrorist threat. Hence, 

there is a need for a fast-running and portable engineering tool to assist bridge 

assessment personnel with the calculations necessary to accurately predict the 

vulnerability of critical bridge components to potential terrorist threats, and the 

research presented in this dissertation aims to support the development of such a 

tool.   

Whereas recent government funding has gone to support the 

development of risk-based prioritization and vulnerability assessment 

procedures (Ray 2007; SAIC, 2002), various government agencies and other 

organizations have also funded research to extend the knowledge in blast load 

characterization, structural response to blast loads, and blast threat mitigation 
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retrofits. For example, researchers at the University of Texas at Austin recently 

conducted an experimental test program with the main objective to develop a 

national standard for the blast-resistant design of highway bridge columns 

(Williamson et al., 2010). Funded by NCHRP, the research involved large-scale 

blast tests in two phases. The first phase focused on characterizing the behavior 

of shock waves in the vicinity of slender structural components, such as bridge 

columns, and the second phase focused on the response of half-scale reinforced 

concrete column specimens subjected to small standoff and near-contact 

detonations. The Phase 1 results provided significant insight into blast load 

characterization for slender structural components, and the Phase 2 tests yielded 

information for developing design criteria for blast-resistant columns. 

Researchers at the State University of New York (SUNY) at Buffalo were funded 

by FHWA to investigate how seismically designed bridge columns perform 

during a blast event (Fujikura and Bruneau, 2011; Fujikura et al., 2008). Two test 

series were conducted, and the test matrices consisted of quarter-scale column 

specimens having different permutations of rebar detailing and steel jacketing.  

Additional experiments have undertaken blast testing of other critical bridge 

components, including prestressed concrete bridge girders (Cofer et al., 2012), 

structural steel bridge towers (Ray and Walker, 2010; Ray, 2006), reinforced 

concrete bridge towers (Chiarito et al., 2011a), and main stay and suspension 

cables (Chiarito et al., 2011b).   

Given the complexity and high cost associated with experimental blast 

testing, researchers have also used computational simulation tools to better 

understand the effects of blast on the structural performance of critical highway 

bridge components. For instance, researchers at the U.S. Army Engineer Research 



 
16

and Development Center used three different blast load prediction tools, each 

offering a different level of fidelity and associated computational expense, to 

estimate the transient overpressures delivered to the components of a typical 

highway bridge from a below-deck detonation (Ray et al., 2003). The findings 

indicated that drastically different blast loads can be predicted depending on the 

load characterization methodology. During the NCHRP-funded highway bridge 

column project, researchers from the University of Texas at Austin conducted a 

series of computational fluid dynamics and nonlinear finite element analyses to 

further investigate the Phase 1 and Phase 2 experimental blast tests (Williams, 

2009). The simulation results confirmed that slender structural components 

experience a reduced net blast load due to enhanced clearing and wrap-around 

pressure effects. Researchers at SUNY Buffalo carried out a similar 

computational study with the chief objective of investigating the behavior of 

shock waves in the vicinity of exposed structural steel wide flange sections 

(Ballantyne et al., 2009, 2010). Their conclusion of a net reduction in the blast load 

due to enhanced clearing and wrap-around pressure effects closely aligned with 

that from the NCHRP bridge column research. Computational research from the 

University of California at Berkeley investigating the effects of above-deck 

detonations on the performance of cable-stayed and suspension bridge decks led 

to the concept of a frangible deck panel designed to fail early to vent blast loads 

the structure would otherwise be required to resist (Son and Astaneh-Asl, 2009).    

While not an exhaustive list, the aforementioned experimental and 

computational research programs highlight the fact that the state-of-the-art in 

bridge-specific protective design has matured over the past decade. Nonetheless, 

the experimental results and findings from these research programs largely 
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remain fragmented throughout the academic community and open literature. To 

begin the important tasks of enhancing the security of existing highway bridges 

and ensuring the incorporation of essential protective design concepts into the 

design process of new highway bridges, the state-of-the-art must be synthesized, 

presented in a practical and applied form, and transitioned to the bridge 

engineering community and vulnerability assessment teams for immediate use.  

The research presented in this dissertation focuses specifically on these tasks. 

1.2 RESEARCH APPROACH 

In the previous section, the motivation for heightened protection of the 

nation’s public highway bridges against a large-scale terrorist attack was 

established, and the need to incorporate the state-of-the-art in bridge security 

technology into a practical engineering tool was identified. Such a tool will help 

to expedite the security enhancement of existing and future U.S. highway 

bridges and minimize the amount of time and resources needed to do so. The 

research presented in this dissertation aims to address this need. 

 The primary objective of the parent research is to advance the state-of-

the-practice in bridge security through the development of bridge-specific 

protective design software capable of characterizing blast loads on critical bridge 

components and providing an estimate of peak dynamic response and incurred 

damage. The software architecture, blast load drivers, and component response 

models were developed and integrated in such a way as to promote 

computational expedience without compromising the fidelity of the computed 

results. In the context of this dissertation, computational expedience refers to 



 
18

single component analysis times on the order of seconds to minutes while 

running the software on a standard PC-based computer having factory 

hardware. The software’s graphical user interface includes a user-friendly, 

menu-driven environment with 2-D and 3-D interactive graphics capabilities. 

The blast load drivers combine free-air empirical blast data with a physics-based 

ray-tracing algorithm to yield a versatile and fast-running utility for 

characterizing blast loads on a variety of critical bridge components. The 

component response models utilize a combination of experimental data, 

synthetically generated data, and structural mechanics theory to form fast-

running computational algorithms suitable for accurately and expediently 

assessing component performance for a variety of postulated terrorist threat 

scenarios.  

The U.S. highway bridge inventory represents a large array of bridge 

types and configurations, each of which comprises various structural 

components. Thus, determining which bridge components to address in this 

research proved challenging, as project resources did not support the treatment 

of all conceivable bridge components. Ultimately, the decision was based on the 

criticality of a given component to the overall structural integrity of the bridge 

and on the availability of experimental data with which to validate the associated 

component response model. Accordingly, reinforced concrete bridge columns, 

reinforced concrete bridge tower panels, structural steel bridge tower panels, 

main stay and suspension cables, and suspender/hanger cables were chosen for 

inclusion in the software. The main body of this dissertation focuses solely on the 

development of simplified dynamic response models for reinforced concrete 

bridge columns and tower panels. A brief overview of the additional bridge 
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component response models, as well as the software architecture, is provided in 

Appendix A of this dissertation.  

A detailed review of pertinent literature involving chemical explosions, 

introductory shock wave physics, blast load phenomenology, and structural 

response to impulsive loads is provided in Chapter 2. During the review, state-

of-the-art advances, identified limitations, and relevance to the subject research 

are addressed.  Chapter 3 includes a description of the blast load driver and 

component response model development for reinforced concrete bridge 

columns. The proposed model extends the state-of-the-art in nonlinear dynamic 

single-degree-of-freedom analysis of blast-loaded bridge columns. A 

computational study aimed at advancing the understanding of early-time 

dynamic shear behavior in impulsively loaded flexural members is also 

presented in Chapter 3. The blast load driver and component response model 

development for reinforced concrete bridge tower panels is described in Chapter 

4, along with the presentation of an uncoupled modeling approach for 

conducting high-fidelity nonlinear finite element analysis of blast-loaded 

reinforced concrete bridge tower legs. The term “uncoupled” is used to indicate 

that the effect of structural response on the blast load evolution is neglected. Also 

included in Chapter 4 is a discussion on the interpretation and use of the scaled 

standoff parameter for close-in detonation scenarios. A modified scaled standoff 

parameter is proposed, which provides direct correlation between charge weight, 

physical standoff, and absolute-peak reflected specific impulse. Chapter 5 

contains a summary and conclusions from the research presented in this 

dissertation, as well as recommendations for future research. Finally, a brief 

introduction of the Anti-Terrorist Planner for Bridges software is provided in 
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Appendix A, along with a general overview of how the reinforced concrete 

bridge column and tower panel response models were integrated into the 

software. 
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CHAPTER 2 

LITERATURE REVIEW 

The important thing in science is not so much to obtain 

new facts as to discover new ways of thinking about them. 

 2 -  William Lawrence Bragg 

 

The ignition of a highly explosive energetic material and its effects on 

nearby structures give rise to a complex and transient physical environment. 

This chapter is dedicated to developing an understanding of the origin of 

explosions and the behavior of affected structural elements and to identifying 

areas in need of further technical development. This chapter includes a review of 

past research and established scientific theories as well as an examination of the 

current state-of-the-practice as it relates to blast phenomenology and nonlinear 

wave mechanics, blast load characterization, and dynamic structural response 

prediction.    

While many references are cited herein, it should be noted that the 

following six publically available sources provide a useful compilation of the 

majority of the material presented in this chapter: Explosive Effects and 

Applications (Zukas and Walters, 1998), Structural Design for Physical Security: 

State of the Practice (Conrath et al., 1999), Modern Protective Structures 

(Krauthammer, 2008), Unified Facilities Criteria (UFC) 3-340-02 Structures to 
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Resist the Effects of Accidental Explosions (U.S. Department of Defense, 2008), 

Design of Blast-Resistant Buildings in Petrochemical Facilities 2nd Edition (ASCE, 

2010), and Handbook for Blast Resistant Design of Buildings (Dusenberry, 2010).  

2.1 THE NATURE OF EXPLOSIONS 

Defined in simple terms, an explosion is a sudden physical or chemical 

change to the state of a mass resulting in energy release and associated particle 

motion. Contrary to popular belief, extensive damage is not an inevitable bi-

product of all explosions. Baker et al. (1983) provides the following definition of 

an explosion: 

In general, an explosion is said to have occurred in the atmosphere if 

energy is released over a sufficiently small time and in a sufficiently small 

volume so as to generate a pressure wave of finite amplitude traveling 

away from the source. This energy may have originally been stored in the 

system in a variety of forms; these include nuclear, chemical, electrical, or 

pressure energy, for example. However, the release is not considered to be 

explosive unless it is rapid enough and concentrated enough to produce a 

pressure wave that one can hear. Even though many explosions damage 

their surroundings, it is not necessary that external damage be produced 

by the explosion. All that is necessary is that the explosion is capable of 

being heard. 

Explosions can be classified into the following broad categories: natural, 

physical, electrical, nuclear, and chemical.  
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Natural explosions are driven purely by forces of nature, and they include 

events such as volcanic eruptions, earthquakes, supernovas, meteorite impacts, 

thunder, geysers, and solar flares. A physical explosion is typically a result of a 

mechanical process, and the energy associated with its damaging effects is not 

self-contained (Zukas and Walters, 1998). Rather, the failing system inherits the 

energy needed to generate the explosion from an outside source. An example of 

a scenario wherein the potential for inducing a physical explosion exists is the 

heating of a sealed steel vessel designed for the hydrostatic pressure of a 

contained liquid. If the temperature is sufficiently raised to vaporize the liquid, 

the phase change will pressurize the vessel. If the internal vapor pressure 

exceeds the pressure capacity of the vessel then it will fail suddenly, creating a 

pressure pulse from the rapidly expanding gas and propelling steel fragments at 

high velocities. In this case, the externally supplied thermal energy induced the 

physical explosion.  

An electrical explosion is normally the result of a high current electrical 

fault. The presence of an electrical fault, such as a short circuit, gives rise to an 

unintentional secondary path of abnormally low impedance for electrons to flow. 

The low impedance of this secondary path results in excessive current that can 

cause circuit damage, overheating, and fire. In addition, if sufficient voltage and 

a path to lower voltage or ground exist in the electrical system, the excessive 

current may induce an arc flash electrical explosion. An arc flash explosion can 

be described as the rapid release of energy caused by the electrical breakdown of 

the resistance of air followed by the formation of a high current electrical arc. The 

high current electrical arc rapidly vaporizes the participating conductors and 

forcefully ejects molten metal and plasma into the surrounding environment. 
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Furthermore, a tremendous amount of multi-spectral radiation from infrared to 

ultraviolet rays is released; the thermal effects of which can cause extensive 

damage to nearby structures and/or personnel.  

Weapons capable of creating nuclear and chemical explosions are of 

utmost interest to national enemies, including foreign and domestic terrorists. As 

such, these types of weapons pose the greatest threat to major U.S. military, 

commercial, industrial, and transportation infrastructure.  

2.1.1 INTRODUCTION TO NUCLEAR EXPLOSIONS  

A nuclear explosion is perhaps the most destructive type of explosion due 

not only to its immense energy yield per unit mass of explosive material but also 

to its emission of harmful primary and residual ionizing radiation. Weight for 

weight, the energy produced in a nuclear explosion is millions of times as great 

as that in a chemical explosion (Glasstone, 1962). The energy released from a 

chemical explosion is derived from the breaking of atomic bonds and 

rearrangement of existing atoms to form new molecules, whereas the energy 

released from a nuclear explosion is derived from the breaking of subatomic 

bonds and rearrangement of existing protons and neutrons to form new atomic 

nuclei. The bond forces within atomic nuclei are vastly greater than those 

between the atoms themselves. For example, the complete fission of one pound 

of uranium or plutonium releases as much energy as the explosion of 8,000 tons 

of trinitrotoluene (TNT), and the fusion of all nuclei present in one pound of the 

hydrogen isotope deuterium would release roughly the same amount of energy 

as the explosion of 26,000 tons of TNT (Glasstone, 1962).  
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The immense amount of energy released during a nuclear explosion is 

manifested in the forms of air blast and shock, thermal radiation, initial nuclear 

radiation, and residual nuclear radiation.  

During a nuclear explosion, energy is released so quickly that the sudden 

expansion compresses the surrounding air into a dense layer of gas. This 

dense layer expands so fast that it forms a shock wave, the face of which 

is known as the shock front. The instantaneous rise of pressure at the 

shock front falls away and declines gradually to sub-atmospheric 

pressure (Bulson, 1997).  

The shock wave generated from a nuclear explosion imposes extremely large 

transient forces on nearby structures. Most of the material damage caused by a 

nuclear explosion is due mainly―directly or indirectly―to the shock wave 

which accompanies the explosion (Glasstone, 1962). The thermal radiation from a 

nuclear explosion consists mainly of visible, infrared, and ultraviolet rays. This 

extremely intense thermal radiation can generate temperatures reaching tens of 

millions of degrees Fahrenheit, causing fire related damage miles from ground 

zero. Initial nuclear radiation, derived explicitly from the nuclear reaction, 

consists mainly of so-called fast neutrons and high-energy electromagnetic 

waves known as gamma rays. Residual nuclear radiation―sometimes termed 

nuclear fallout―is an enduring bi-product of fission fragments that are forcefully 

ejected into the atmosphere during the explosion, and it consists of gamma rays, 

alpha particles, and beta particles. While the exposure to nuclear radiation poses 

no immediate threat to structures, such ionizing radiation can cause irreversible 

(and sometime fatal) damage to humans. 
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Another crippling effect of a nuclear explosion is the generation of an 

electromagnetic pulse (EMP). Chemical explosions have also been shown to 

generate electromagnetic signals, but of a comparably negligible magnitude. A 

high magnitude EMP precipitates from a nuclear explosion when electrons, 

produced from the emitted gamma rays through a phenomenon known as 

Compton scattering, are captured by Earth’s magnetic field. Once captured, the 

electrons begin to resonate producing an oscillating electrical current which, in 

turn, produces a short duration EMP. As the pulse propagates through the 

atmosphere it couples with electrical systems to produce extremely large voltage 

and associated current surges capable of damaging unprotected electronics and 

electrical wires. In addition, the temporarily ionized atmosphere will disrupt the 

transmission of radio waves. The severity of the EMP effects depend primarily 

on the energy yield of the explosion, the altitude of the explosion, the protective 

measures taken during the design of nearby electrical systems, and the local 

strength of Earth’s magnetic field. For a far more detailed treatment of nuclear 

explosions and their effects on the surrounding environment, Glasstone’s text, 

The Effects of Nuclear Weapons (1962), is recommended.    

2.1.2 INTRODUCTION TO CHEMICAL EXPLOSIONS 

A chemical explosion results from a sequence of exothermic chemical 

reactions between a fuel and an oxidant—commonly referred to as combustion. 

In general, a fuel is a material that can be readily utilized to generate energy. 

Fuels can exist in a solid, liquid, or gaseous state, and they are typically made up 

of organic chemical compounds consisting of various permutations of carbon, 
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hydrogen, nitrogen, sulfur, and oxygen atoms. Among all materials that can be 

used as fuel, hydrocarbons make up the bulk of the fuel supply simply because 

the complete oxidation of a hydrocarbon is usually accompanied by an 

appreciable amount of heat release (Law, 2006). For example, gasoline is the 

hydrocarbon fuel used to create the non-destructive chemical explosions that drive 

the pistons of internal combustion engines in most automobiles. An oxidant is a 

reactive and highly electronegative chemical entity that desires to reach a stable 

energy state by gaining valence electrons through covalent or ionic bonding with 

atoms of other chemical entities. Oxygen happens to be a fairly powerful and 

abundant oxidizing agent, and thus plays a major role in combustion. It should 

be noted that not all combustion reactions result in a destructive chemical 

explosion. Rather, the majority of daily processes that utilize combustion as a 

means to generate useable energy render relatively benign explosive effects.  

Combustion energy is widely used in a controlled manner to generate 

heat and power. Despite the large variety of alternate energy sources available, 

such as nuclear, solar, wind, hydroelectric, geothermal, and ocean thermal 

energy conversion, chemical energy derived from combustion of fossil fuels 

supplies a disproportionately large fraction of the total world’s energy needs—

around 85 percent as of 2006 (Law, 2006). Although proven to be a safe means of 

generating useable energy, combustion can also be employed in a destructive 

manner to create chemical explosions with the intent of inflicting physical 

damage and human injury. All combustion reactions involve an oxidation 

process that progresses from the point of initiation at a rate that depends on 

various parameters such as pressure, temperature, specific properties of the 

reactants, mixture properties, and so on (Krauthammer, 2008). Given the many 
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parameters that characterize a specific combustion reaction, the explosiveness of 

its effects is largely a function of the reaction rate. If the reaction rate increases, 

the burning process becomes increasingly violent and may result in the 

generation of a pressure wave, either in, or emanating from, the reactant. In the 

limit, the combustion may become so rapid that the pressure pulse ahead of the 

reaction front, which becomes steeper and steeper as the rate of pressurization 

increases, suddenly assumes a step condition, generating a shock wave (Zukas 

and Walters, 1998). Strictly speaking, when the chemical reaction zone 

progresses at subsonic velocities the combustion process is termed deflagration, 

and when the reaction zone progresses at supersonic velocities the combustion 

process is termed detonation. Slow burning deflagrations release energy in the 

form of thermal radiation and can be associated with controlled flame 

generation. Examples of slow burning deflagrations include the ignition of a 

combustible gas in a conventional gas grill or kitchen stove and the burning of 

wood in a fireplace. Faster burning deflagrations are more violent in nature and, 

in addition to the release of thermal radiation, may produce a pressure wave in 

the surrounding medium due to the rapidly expanding gas products. Faster 

burning deflagrations that produce explosive effects are generally associated 

with low explosive materials such as propellants and pyrotechnics.  

Detonations produce the most destructive explosive effects and are 

associated with high explosive materials. The chemical reaction zone of a 

detonation propagates through the reactants at velocities ranging from 22,000- to 

28,000-ft/sec for most high explosives, and pressures immediately behind the 

reaction zone can range from 2,700- to 4,900-ksi (U.S. Department of Defense, 

2002; U.S. Department of Defense, 2008). As will be further delineated in Section 
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2.2.2, many high explosive compositions are inherently oxygen deficient. 

Consequently, only a fraction of the available chemical energy is actually 

released during the initial detonation. Of the total energy available for complete 

combustion of an explosive, only about one-third is produced by the detonation 

(Kennedy, 1946). Additional energy is released in a slower “secondary 

combustion” or “afterburn” process as the detonation products mix with air and 

burn. As with explosive deflagrations, detonations release energy in the form of 

thermal radiation and air blast; however, the characteristics of the air blast 

produced by a detonation (i.e., shock wave) differ from those of a deflagration. 

Characteristic shapes of blast waves from both a detonation and explosive 

deflagration are illustrated in Figure 2.1. The most notable differences between 

the two blast waves are the magnitude of peak side-on pressure, Pso , the positive 

phase duration, td , and the time to reach the peak side-on pressure, or rise time. 

A thorough treatment of shock waves is presented in Section 2.4 of this 

dissertation.  

 

 

Figure 2.1  Characteristic Shapes of Blast Waves: (a) from Detonation, (b) from Rapid 
Deflagration (ASCE, 2010) 
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Explosive materials are designed to release large amounts of energy in a 

very short period of time with characteristic durations on the order of 

milliseconds. In the Explosives Act of 1875, the United Kingdom attempted to 

define the term explosive as, “…a substance used or manufactured with a view to 

produce practical effect by explosion.” Zukas and Walters (1998) go on to state 

that for an explosive to be of practical value it must be adequately safe and 

reliable, i.e., 
• Be stable under anticipated storage conditions, i.e., be unaffected 

by the environment or other materials stored with it; 

• Burn, explode, or detonate only when required in use; 

• Be sufficiently sensitive to be initiated as required and precisely 
when required; and 

• The initiation stimulus should be small compared with the output 
of the explosive 

A general classification of explosive materials is presented in Figure 2.2. In the 

eyes of foreign and domestic terrorists, the criterion by which explosives are 

deemed of practical value is most likely by their ability to convert thermal energy 

and compressed gas products derived from the oxidation process into kinetic 

energy such that the generation of a destructive shock wave and high velocity 

fragments is achieved. Terrorists attack targets where human casualties and 

economic consequences are likely to be substantial. Transportation and related 

assets are attractive terrorist targets because of their accessibility and potential 

impact on human lives and economic activity (BRPBTS, 2003). 

 The research presented herein focuses on extending the current body of 

knowledge with regard to the effects of high explosive detonations on the  
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Figure 2.2  Explosive Materials Classification (Zukas and Walters, 1998) 

behavior of critical bridge components. Accordingly, the remainder of this 

chapter specifically addresses chemical explosions involving the detonation of 

high explosives.  

2.2 HIGH EXPLOSIVES 

Detonations are most often facilitated by high explosives, whereas low 

explosives tend to deflagrate. It should be noted, however, that providing 

confining pressure under the proper conditions may cause a low explosive to 

detonate (Longinow, 2003; Krauthammer, 2008). Moreover, it has been 

documented that vapor cloud deflagrations that give rise to a pressure wave in 

the near-field may propagate as a shock wave, or “shock up,” in the far-field 

(ASCE, 2010). With high explosives, the rate of detonation is not markedly 
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affected by reactant particle size; however, with low explosives such as 

propellants, grain size is all-important (Longinow, 2003). Another notable 

difference between high explosives and low explosives is the means by which 

they access sufficient amounts of oxidizer to sustain the chain of chemical 

reactions during rapid oxidation. During a deflagration, the surrounding 

atmosphere provides an unlimited amount of oxidant. During a detonation, 

however, the explosive material oxidizes so quickly that it often must contain its 

own source of oxygen; either in the same molecule, as with most monomolecular 

military explosives such as TNT, or in a neighboring molecule, as in the intimate 

mixture of ammonium nitrate and fuel oil (ANFO) (Zukas and Walters, 1998). 

Hence, the ability to quantify how well a high explosive provides its own oxidant 

becomes crucial in determining the efficiency of the energetic material. The issue 

of explosive efficiency is further described in Section 2.2.2 of this dissertation.   

Based on stability and ease of ignition, high explosives can be categorized 

into three general groups: primary, secondary, and tertiary. Primary high 

explosives, sometimes termed initiators, primers, or catalysts, are relatively 

unstable energetic materials having a high sensitivity to stimuli such as heat, 

shock, electricity, and electromagnetic radiation. Primary high explosives are 

easily ignited by spark, flame, or impact, and are very likely to detonate. 

Examples of primary high explosives include lead azide, lead picrate, lead 

styphnate, diazodinitrophenol (DDNP), m-nitrophenyldiazonium perchlorate, 

tetracene, nitrogen sulfide (N4S4), copper acetylide, mercury fulminate, 

fulminating gold, nitrosoguanidine, and potassium chlorate with red 

phosphorus (P4) (Zukas and Walters, 1998).  
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Secondary high explosives, although still very volatile materials, are less 

likely to be readily initiated by spark or impact, thus lending themselves well to 

industrial and/or military applications. Examples of secondary high explosives 

include nitroglycerine, TNT, nitrocellulose, nitromethane, cyclotrimethylene 

trinitramine (RDX), dynamite, and pentaerithrytol tetranitrate (PETN). Volatile 

secondary high explosives are frequently used as boosters to help reinforce the 

detonation wave from the detonator (primary high explosive) into the main 

explosive charge.  

Tertiary explosives, sometimes referred to as blasting agents, are very 

insensitive to input stimuli. Consequently, they cannot be reliably detonated by 

practical quantities of primary explosive alone. Tertiary explosives often require 

intermediate secondary explosive boosters along with a primer to be reliably 

detonated. An example of a tertiary explosive is ANFO. The explosive content of 

a given weapon is typically proportioned as follows: (a) a very small quantity of 

primer, usually less than one gram, (b) the booster weight is typically on the 

order of a pound to a few pounds, and (c) the bulk of the weapon’s explosive 

content, the relatively insensitive main charge, may constitute over 99 percent of 

the total explosive material weight (Longinow, 2003). Table 2.1 provides 

summary information for a number of common high explosives currently in use. 
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Table 2.1  Approximate Characteristic Properties of Common High Explosives (data 
from U.S. Department of Defense, 1984; Bulson, 1997; Zukas and Walters, 1998; 

Krauthammer, 2008) 

Explosive 
Charge 

Density1 

(g/cm3) 

Det. 
Velocity2 
(km/sec) 

Det. 
Pressure2 

(GPa) 

Heat of 
Det. 

(kJ/g) 
Remarks 

Ammonium Nitrate 
(AN) 

1.73 
(TMD) 

8.51 - 1.59 
Considered an energetic salt; very effective 
oxidizing agent; typically combined with fuel 
oil to form ANFO; very insensitive to impact 

Nitroglycerin (NG) 
1.59 to 

1.60 
7.58 to 

7.65 
25.2 6.30 

Absorbed on to kieselguhr, a siliceous 
sedimentary rock, to form dynamite; very 
sensitive to friction and impact 

Nitrocellulose (NC) 
1.58 to 

1.66 
7.30 21.0 10.60 

Made from the nitration of wood or cotton; 
known as guncotton when used as a 
propellant; when dry, is very sensitive to 
impact, friction, heat, and spark (460% as 
sensitive as TNT) 

Pentaerithrytol 
Tetranitrate (PETN) 

1.67 to 
1.77 

7.98 to 
8.26 

31.0 
6.12 to 

6.32 

Relative to RDX – is slightly less powerful, 
more impact and friction sensitive, less stable 
to heat, and more expensive to manufacture; 
can be desensitized by forming a 
composition with other energetic metals; 
used primarily in military applications 

Cyclotrimethylene 
Trinitramine (RDX) 

1.76 to 
1.80 

8.65 to 
8.75 

33.8 
5.13 to 

6.19 

Known as an explosive nitroamine; forms the 
base material for many military explosives 
such as Composition A (RDX with 
plasticizing wax), Composition B (castable 
mixtures of RDX and TNT), Composition C, 
Composition D, HBX, H-6, Semtex, PBX, and 
Composition CH-6; considered highly stable 

Trinitrotoluene 
(TNT) 

1.62 to 
1.64 

6.95 to 
7.05 

18.9 
4.10 to 

4.55 

Manufactured by a three-stage nitration 
process; less efficient than other explosive 
materials based on Oxygen Balance; 
relatively insensitive to impact and friction; 
relatively stable to heat; considered to be the 
standard measure of explosive strength and 
brisance 

Composition C-4 1.59 8.04 25.7 5.86 
Military plastic explosive typically composed 
of 91% RDX and 9% plasticizer material 

Pentolite (50/50) 1.70 7.53 25.5 5.86 
Castable military explosive composed of 50% 
PETN and 50% TNT; typically used as a 
booster charge 

Note 1:  TMD refers to the explosive’s Theoretical Maximum Density 
Note 2:  Detonation velocity and pressure vary with charge density 
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2.2.1 EXPLOSIVE PERFORMANCE 

It was mentioned in Section 2.1.2 that the primary mode by which slow 

burning deflagrations release energy is via thermal radiation. While the 

explosiveness of a deflagration can be enhanced by increasing the oxidation 

reaction rate, performance is generally related to the amount of heat release. 

Conversely, detonation performance tends to have a less direct relationship with 

heat release than deflagration performance, and it is more strongly influenced by 

detonation velocity, material density, and total product gas yield than 

deflagration performance. Detonation velocity itself depends on a multitude of 

parameters such as material density, charge diameter, confinement, and particle 

size. Consequently, detonation performance cannot be adequately expressed by 

merely a single characteristic. The current state-of-the-practice characterizes 

detonation performance based on two terms; namely, brisance and strength.  

Brisance is a description of the destructive fragmentation effect of an 

explosive charge upon its immediate vicinity (Zukas and Walters, 1998). Simply 

put, brisance refers to the shattering capability of an explosive. If placed beneath 

a large boulder and detonated, a highly brisant explosive would pulverize the 

boulder into many fragments. In the context of military applications, brisance is 

of major practical importance for determining an explosive’s ability to fragment 

shells, bomb casings, grenades, structural members, etc. The “shattering” effect 

of a detonation is derived from the steepness of the pressure gradient associated 

with the shock front; hence, it is primarily dependent on detonation velocity. The 

brisance of an explosive is often reported with respect to TNT, the brisance of 

which is taken to be unity. Various methods for quantifying the brisance of a 
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high explosive have been documented in the literature. Three common methods 

are the sand test, the plate dent test, and the copper cylinder test (U.S. 

Department of Defense, 1984). In the sand test, 0.40 grams of an explosive is 

placed in approximately 200 grams of sand. The explosive is detonated, and the 

amount of crushed sand is reported as the measure of brisance. In the plate dent 

test, a sample of explosive is detonated in close proximity to a metal plate, and 

the brisance is evaluated as a function of the metal plate deformation. In the 

copper cylinder test, a sample of explosive is placed on top of a copper cylinder 

and detonated. The brisance is reported as a function of the copper cylinder’s 

axial contraction. Measures of brisance for various high explosives are given in 

Table 2.2. 

Strength refers to an explosive’s power output; thus, it can be thought of 

as a measure of the explosive’s ability to do work on surrounding matter. If 

placed beneath a large boulder and detonated, a very strong explosive would 

Table 2.2  Measures of Brisance for Various High Explosives (data from U.S. 
Department of Defense, 1984) 

 
Explosive Brisance Testing Method 

TNT 1.00 - 
Dextrinated Lead Azide 0.40 Sand Test 

Ammonium Nitrate 0.54 Lead Cylinder Compr. Test 
HMX 1.25 Sand Test 

PETN 
1.27 – 1.41 

1.27 
1.30 – 1.37 

Sand Test 
Plate Dent Test 

Lead Block Compr. Test 

Composition C-4 
1.16 

1.15 – 1.30 
1.25 – 1.45 

Sand Test 
Plate Dent Test 

Sand Test 

RDX 
1.41 
1.25 

1.35 – 1.41 

Fragmentation Test 
Plate Cutting Test 

Plate Dent Test 
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hurl the boulder many meters away from the detonation site. A detonating high 

explosive generates a tremendous power density compared to deflagrating 

materials. A slow burning deflagration creates a power density on the order of 

102 W/cm3, an explosive deflagration creates a power density on the order of 106 

W/cm3, and a detonating high explosive creates a power density on the order of 

1010 W/cm3 (Zukas and Walters, 1998). Because explosive power output is 

associated with product gas expansion, strength is primarily related to the heat 

of detonation and the total product gas yield. Moreover, past research has 

identified a correlation between oxygen balance (refer to Section 2.2.2) and 

power output. Explosive materials having adequate oxygen balances tend to 

exhibit greater power output. As with brisance, the strength of an explosive is 

often reported with respect to TNT, the strength of which is taken to be unity. 

There exist many methods for measuring explosive strength. The three most 

common methods are the Trauzl lead block test, the ballistic pendulum test, and 

the ballistic mortar test (U.S. Department of Defense, 1984). In the Trauzl lead 

block test, a sample of explosive is detonated in a cavity within the lead block. 

The expansion of the cavity is reported as the measure of strength. In the ballistic 

pendulum and ballistic mortar tests, a heavy weight is accelerated by the 

detonation of an explosive. The swing distance of the pendulum or the 

displacement of the mortar’s weight is reported as the measure of strength. 

Measures of strength for various high explosives are given in Table 2.3.  
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Table 2.3  Measures of Strength for Various High Explosives (data from 
U.S. Department of Defense, 1984) 

Explosive Strength Testing Method 
TNT 1.00 - 

Dextrinated Lead Azide 0.40 Trauzl Lead Block Test 

Ammonium Nitrate 0.75 
0.79 

Trauzl Lead Block Test 
Ballistic Mortar Test 

HMX 
1.70 
1.50 

1.59 – 1.65 

Ballistic Pendulum Test 
Ballistic Mortar Test 

Trauzl Lead Block Test 

PETN 
1.37 – 1.45 
1.61 – 1.89 

Ballistic Mortar Test 
Trauzl Lead Block Test 

Composition C-4 1.30 Ballistic Mortar Test 

RDX 1.51 – 1.70 
1.50 – 1.61 

Trauzl Lead Block Test 
Ballistic Mortar Test 

2.2.2 EXPLOSIVE EFFICIENCY 

Detonations and deflagrations are similar in that they both involve a chain 

of exothermic chemical reactions during which an oxidation process ensues. The 

most significant difference between the two phenomena is the rate at which the 

chemical reactions progress through the energetic material. It was previously 

stated that, in general, the explosiveness of an energetic material is primarily 

governed by reaction rate. In Section 2.3.2 it will be shown that the post-

detonation state of the product gases depends on the reaction rate. It turns out 

that reaction rate also plays a major role in the oxidation process itself. In order 

for the chemical reaction to completely consume all of the available fuel (i.e., 

utilize all of the useable internal energy stored in the fuel molecules), there must 

exist a sufficient amount of accessible oxidizer to ensure complete oxidation. 

During a deflagration, the reaction rate is slow enough that oxygen from the 

surrounding atmosphere can be used to facilitate complete oxidation. In this 
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case, there is essentially an unlimited supply of oxidizer available to the chemical 

reaction. This fact is precisely why instructions are often given to “smother” an 

unintentional fire by means of a blanket or fire extinguisher. Doing so effectively 

deprives the fire of the oxygen necessary to drive the oxidation process to 

completion, thus eventually arresting the combustion reaction and putting out 

the fire. During a detonation, however, the chemical reactions progress at such 

high velocities that the atmospheric oxygen is rendered inaccessible. 

Consequently, to ensure complete oxidation, the explosive material must supply 

its own oxidizer. In the case of monomolecular explosives, the oxidizer is self-

contained. In the case of composite explosives, such as ANFO, the oxidizer may 

be contained within one reactant and shared with the other reactant. If a high 

explosive does not contain enough oxidizer to allow for complete oxidation then 

it is deemed inefficient because all of its useable internal energy cannot be 

liberated. The current state-of-the-practice for quantifying this inefficiency is to 

determine the explosive’s oxygen balance (OB).  

A typical high explosive is composed of various quantities of carbon, 

hydrogen, nitrogen, sulfur, and oxygen atoms, thus admitting the generalized 

chemical representation given in Equation (2-1). 

 
            CcHhNnSsOo→ cC + hH + nN + sS + oO (2-1)

where  C = carbon  c = number of carbon atoms 

 H = hydrogen h = number of hydrogen atoms 

 N = nitrogen  n = number of nitrogen atoms 

 S = sulfur  s = number of sulfur atoms 

 O = oxygen  o = number of oxygen atoms 
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It follows from the chemistry of the governing oxidation process that the 

chemical equation for the complete stoichiometric oxidation of a generic high 

explosive can be expressed as shown in Equation (2-2) (Krauthammer, 2008). 

 
             CcHhNnSsOo + c + h 4 + o 4 + s⁄⁄ O2 →

            cCO2 + (h  2⁄ ) H2O + (n 2⁄ ) N2 + sSO2 + Q
(2-2)

where  Q = heat of detonation 

In examining the chemical products of Equation (2-2), it can be realized that, in 

order to ensure complete oxidation, the high explosive must contain two oxygen 

atoms for every carbon atom, half an oxygen atom for every hydrogen atom, and 

two oxygen atoms for every sulfur atom. Accordingly, the OB can be derived by 

multiplying the difference between the existing oxygen atoms and the total 

number of required oxygen atoms by the ratio of the atomic weight of oxygen to 

the molecular weight of the given explosive, as shown in Equation (2-3) (Smith 

and Hetherington, 1994; Krauthammer, 2008).  

              OB(%) = 100 (o - h 2 ⁄ - 2c - 2s) AWo

M  (2-3)

where   AWo = atomic weight of oxygen ≅ 16 g/mol 

 M = molecular weight of high explosive 

Equation (2-3) was used to calculate the OB for a sample of common high 

explosives, the results of which are presented in Table 2.4. Oxygen balances for 

many other high explosives have been published by the U.S. Department of  

Defense (1984). 
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 In examining Table 2.4, it can be seen that TNT happens to be a relatively 

inefficient high explosive from an OB point of view. This inefficiency is precisely 

why TNT is frequently combined with other oxygen-rich energetic materials to 

form more efficient composite high explosives such as Composition B and 

Pentolite. It can also be observed from Table 2.4 that a 94/6 mixture of ANFO 

makes for a relatively efficient composite explosive, and nitroglycerin actually 

contains more oxygen than is necessary to facilitate full oxidation. While a high 

explosive’s OB provides useful insight with respect to explosive efficiency, many 

other factors such as strength, brisance, and sensitivity should be considered in 

the determination of the overall usefulness and expected performance of a 

particular high explosive. 

Table 2.4  Calculated Oxygen Balances for Common High Explosives 

Explosive Chemical Formula Mol. Wt. (g/mol) OB (%) 
TNT C7 H5 N3 O6 227 -74.01 

ANFO (94/6) C0.365 H4.713 N2 O3 85.093 -1.63 
NG C3 H5 N3 O9 227 3.52 

RDX C3 H6 N6 O6 222 -21.62 
HMX C4 H8 N8 O8 296 -21.62 
PETN C5 H8 N4 O12 316 -10.13 

2.2.3 TNT EQUIVALENCY 

Extensive research has been previously conducted on free-field shock 

wave behavior as well as the interaction of propagating shock waves with planar 

reflecting surfaces. Many of these past research programs utilized bare, spherical 

TNT explosive charges for the purpose of generating shock waves. It will be 

shown in Section 2.5.2 that many of the state-of-the-practice blast load 
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characterization techniques make use of empirical data compiled from these 

extensive research efforts. As such, the concept of an equivalent TNT charge 

weight was developed to allow for reasonable extrapolation of the TNT-based 

empirical data to bulk explosive threat scenarios involving explosives other than 

TNT.  

An equivalent TNT charge weight is the weight of TNT required to 

produce a selected shock wave parameter of a magnitude equal to that produced 

by a unit weight of the explosive charge in question. In reality, the effects from 

the detonation of a given explosive charge vary as a function of many parameters 

such as physical standoff, charge geometry (more so in the near-field), charge 

configuration, the packing or manufacturing quality of the charge, the location of 

detonation initiation within the charge, and local atmospheric conditions. The 

most accurate way to derive an equivalent TNT charge weight is to conduct two 

live blast tests; one with TNT and one with the explosive charge in question. 

During each test, the shock wave parameter of interest (usually the incident 

pressure) should be measured at precisely the same physical standoff. Upon 

completion of both tests, an equivalent TNT charge weight can be calculated 

from the gathered field data. Conducting live blast tests, however, is not always 

a feasible option. For situations where live blast tests are not warranted, there 

exist two additional options for approximating equivalent TNT charge weights.  

The first option is to make use of averaged equivalent TNT charge weights 

based on incident pressure and specific impulse measurements gathered from 

previously conducted live blast tests. In using averaged equivalent TNT charge 

weights, it should be understood that they are only considered valid for the 

pressure ranges over which they were averaged. In general, averaged equivalent 
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TNT charge weights apply to moderate or large physical standoff scenarios and 

not to relatively close-in detonations. Furthermore, it should be realized that they 

most likely do not represent the actual charge geometry, physical standoff, 

and/or local atmospheric conditions of the specific threat scenario being 

considered. Accordingly, these averaged values should be considered as 

approximate. Table 2.5 provides a limited collection of publically available 

averaged TNT equivalences. A more exhaustive collection of averaged TNT 

equivalences is maintained by the U.S. Department of Defense (2002); however, 

the document containing this information is for official use only (FOUO). 

Consequently, this additional data will not be provided herein. 

When actual blast test data do not exist for a particular explosive, 

comparative values of heats of detonation for TNT and the explosive in question 

can be used to approximate TNT equivalence (Baker et al., 1983; Conrath et al., 

1999; U.S. Department of Defense, 2002, 2008; Krauthammer, 2008). Equation 

(2-4) provides the calculation necessary to approximate an equivalent TNT 

charge weight based on heats of detonation.  

                       W =
QEXP
QTNT

WEXP (2-4)

where  W = equivalent TNT charge weight 

 QEXP = heat of detonation of explosive in question 

  QTNT = heat of detonation of TNT 

  WEXP = charge weight of explosive in question 
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Table 2.5  Averaged TNT Equivalences (data from Krauthammer, 
2008; Conrath et al., 1999) 

Explosive 
Avg. Equiv. TNT Charge Weights

Pressure Range1 (psi) 
Pressure Specific Impulse 

TNT 1.00 1.00 Standard 
ANFO (94/6) 0.82 - 1 – 100 
Comp. A-3 1.09 1.076 5 – 50 

Comp. B 
1.11 
1.20 

0.98 
1.30 

5 – 50 
100 – 1,000 

Comp. C-4 1.37 1.19 10 – 100 
Cyclotol (70/30) 1.14 1.09 5 – 50 

HBX-1 1.17 1.16 5 – 20 
HBX-3 1.14 0.97 5 – 25 

H-6 1.38 1.15 5 – 100 
Minol II 1.20 1.11 3 – 20 

PBX-9404 
1.13 
1.70 

- 
1.20 

5 – 30 
100 – 1,000 

PBX-9010 1.29 - 5 – 30 
PETN 1.27 - 5 – 100 

Pentolite (50/50) 
1.42 
1.38 
1.50 

1.00 
1.14 
1.00 

5 – 100 
5 – 600 

100 – 1,000 
Picratol 0.90 0.93 - 
Tetryl 1.07 - 3 – 20 

TNETB 1.36 1.10 5 – 100 
TRITONAL 1.07 0.96 5 – 100 

Note 1:  1 kPa = 6.89 psi 

 Theoretical heats of detonation for various explosives, along with 

equivalent TNT charge weights, can be found in Appendix A of U.S. Department 

of Energy (1992) A Manual for the Prediction of Blast and Fragment Loadings on 

Structures. In addition, measured heats of detonation for various explosives can 

be found in U.S. Department of Defense (1984) Military Explosives.  
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2.3 DETONATION PHYSICS – AN OVERVIEW 

When a high explosive is first ignited, the initial chemical reaction takes 

place so quickly near the initiation zone that heat exchange with the surrounding 

medium cannot occur—an adiabatic thermodynamic process (Henrych, 1979). 

This initial product heat subsequently acts as the thermal stimulus to ignite the 

adjacent explosive material, expand the gaseous combustion products, and 

ultimately progress the reaction front. As this chain of events ensues, product 

gases begin to compress due to their inability to evade the reaction front fast 

enough, and the resulting pressure gradient becomes increasingly steep. At some 

point, the pressure gradient associated with the reaction front becomes so steep 

that a step condition is reached, giving rise to a shock wave in the explosive 

material, or a detonation wave. The detonation wave then moves through the 

rest of the unreacted explosive material at a constant supersonic velocity termed 

the detonation velocity. 

The events leading up to the initial generation of a stable detonation wave 

in a high explosive are collectively referred to as the non-steady state or non-

stationary detonation mode. Whereas, the propagation of an established and 

stable detonation wave within the high explosive is termed the steady state or 

stationary detonation mode. In principle, for properly proportioned high 

explosive charges capable of accommodating detonation, it can be stated that the 

non-stationary detonation mode always becomes the stationary detonation mode 

(Henrych, 1979). While theories and techniques of initiation are important facets 

of the overall detonation process, the behavior and effects of a stable detonation 

wave within the explosive material are deemed of greater importance to this 
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research effort. Accordingly, the following discussion will briefly address the 

non-steady state detonation mode, but will focus mainly on the steady-state 

detonation mode. 

2.3.1 NON-STEADY STATE DETONATION MODE 

Various initiation mechanisms exist for explosive materials, some of 

which are more suitable for detonation than others. A few examples of 

commonly employed initiation mechanisms include heat, friction or stabbing, 

flash or flame, percussion, electrical, and coherent light (Zukas and Walters, 

1998). The initiation of any explosive material requires input energy delivered to 

the reactants. The injection rate of the input energy must be commensurate with 

the desired level of output. Hence, explosive deflagrations are typically initiated 

by thermal processes and detonations by shock. It is possible, however, for 

explosive deflagrations initiated by thermal processes to transition to detonation 

by virtue of self-confinement provided by the bulk of the reactant or passive 

confinement provided by an explosive casing. This form of non-steady-state 

detonation is referred to as deflagration–detonation transition (DDT). There are 

relatively few, if any, thermal initiation techniques pertinent to high explosives 

because deflagrative output of high explosives is not sought due to its 

instabilities and unpredictable nature (Zukas and Walters, 1998). Shock–

detonation transition (SDT), or prompt detonation, is the customary form of non-

steady-state detonation for high explosives, whereby the explosive is initially 

shocked to relatively high pressures. At this point it should be noted that 

deflagration, or rapid burning, is still the immediate consequence of shock. Even 
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during a so-called prompt detonation, there is a period of time during which the 

reaction processes transition from being controlled by the decomposition kinetics 

of the energetic material to the physics of a shock wave (Zukas and Walters, 

1998). Given a properly proportioned high explosive charge capable of 

accommodating detonation, the higher the intensity of the initial shock the more 

rapidly the explosive reaches steady-state detonation. Conversely, the lower the 

intensity of the initial shock the slower and more unpredictable the growth to 

steady state detonation. Accordingly, high intensity SDT facilitated by primer 

and booster material is the ideal form of non-steady-state detonation for high 

explosives.  

2.3.2 STEADY-STATE DETONATION MODE 

Once steady-state detonation is reached, four unique characteristics 

pertaining to the detonation wave exist for all high explosives: 

1) The wave velocity is greater than the sound speed of the unreacted 
material 
 

2) The wave velocity is proportional to the explosive material’s initial 
density 
 

3) The wave velocity is constant in a given specimen of explosive 
material 
 

4) The wave velocity decreases as the charge diameter decreases, and 
propagation ceases altogether below a minimum critical diameter 
 

As is the case with many complex engineering processes, simplifications and 

idealizations are made to facilitate an accurate quantitative description of the 
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actual detonation phenomenon.  Past research has led to the development of a 

relatively simple, yet extremely insightful, model based on first principle physics 

to describe the behavior of a steady-state detonation wave. This model was 

independently proposed by Zel’dovich, von Neumann, and Döring in the 1940s 

and, as such, is commonly referred to as the ZND model. The model is based on 

one dimensional shock flow and utilizes the following assumptions: (1) the wave 

front is discontinuous, (2) the product gases are in chemical and thermodynamic 

equilibrium, and (3) the chemical reaction is complete. 

Figure 2.3 graphically depicts the idealized one-dimensional shock flow 

concept wherein the wave front is considered to be planar with no lateral 

boundaries. In addition, the direction of propagation is taken to be perpendicular 

to the wave front. The width of the transition zone is exaggerated for clarity. In 

reality, the transition zone—that which represents the shock front and reaction 

zone—is of very small width (typically a fraction of a millimeter). Moreover, the 

chemical reaction is assumed to occur within the transition zone where the 

explosive material burns, the resulting gas products are formed, and the thermal 

energy is released in the form of the heat of detonation (Krauthammer, 2008). In 

interpreting Figure 2.3, the transition zone should be envisioned as traversing 

from left to right through the explosive material. As the detonation wave 

progresses through the explosive, changes to both the physical and chemical 

state of the material occur. Indices (a) and (b) both correspond to the initial, 

unreacted chemical state of the material; however, index (a) represents the 

unshocked physical state whereas index (b) represents the highly pressurized, 

shocked physical state just prior to detonation. Index (c) represents the product  
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Figure 2.3  Schematic Representation of One Dimensional Shock Flow 

gases just after detonation. A further simplification commonly employed with 

the ZND model is to neglect the Von Neumann Spike and assume that the 

chemical reaction occurs instantly. This additional simplification implies a 

transition zone of infinitesimal width, and it also implies that a single jump 

condition exists between state (a) and state (c). An alternate, and perhaps more 

useful, way to visualize the situation is by examining the detonation wave 

profile. 

Figure 2.4 illustrates the typical pressure profile of a detonation wave. 

Note that the initial, unshocked, and unreacted explosive material lies ahead of 

the infinitely steep pressure front. Upon arrival of the front, the explosive 

material is instantly shocked to state (b). This shocked but unreacted state is 

commonly referred to as the Von Neumann spike, and it is this shock state that 

initiates detonation. The exothermic chemical reaction occurs within the 

transition zone yielding physically and chemically altered materials, or product    
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Figure 2.4  Detail of Detonation Wave Profile (adapted from Cooper, 1996) 

gases. The state of the product gases immediately following the transition zone is 

termed the Chapman–Jouguet (C-J) state. The product gases at the C-J state are at 

a slightly lower pressure but larger specific volume than the unreacted materials 

at the Von Neumann shock state. From the C-J state, the product gases are 

brought to their fully expanded state at ambient pressure by the action of a 

rarefaction wave; the expansion process by which is isentropic (i.e., constant 

entropy) in nature. In general, a rarefaction wave forms when a large pressure 

differential exists in a fluid. Rarefaction waves seek equilibrium, and their main 

function is to facilitate relatively gradual expansion from a highly compressed 

state to ambient conditions. While rarefaction waves are introduced here in the 

context of steady-state detonation within a high explosive material as described 

by the idealized ZND model, it will be shown in Section 2.4.2 that they also play 

Propagation Distance
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Pc-j

Detonation 
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an important role in shock wave behavior in the vicinity of structural 

components.  

 The ZND model equilibrium constraint requires that the shock front, 

transition zone, and leading edge of the rarefaction wave all propagate at the 

same velocity—the detonation velocity. Consequently, the shape of the 

detonation wave, as shown in Figure 2.4, does not change with time as long as 

the steady-state detonation mode is maintained. To understand what the 

detonation velocity must be in order to maintain steady-state detonation, it is 

helpful to view the ZND model from a thermodynamic perspective as illustrated 

in Figure 2.5. The indices shown in Figure 2.5 correspond to the previously 

defined indices depicted in Figure 2.3 and Figure 2.4, where index (a) represents   

 

 

Figure 2.5  Detonation Process on the P-v Plane (adapted from Cooper, 1996) 
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the unshocked, unreacted state of the explosive, index (b) represents the shocked 

but still unreacted Von Neumann state, and index (c) represents the initial state 

of the detonation products, or the C-J state. In general, a Hugoniot curve 

represents the locus of all attainable shock states of a particular material given 

single shock waves of various strengths. The Rayleigh line is a straight line 

connecting the initial and final states of a material on its Hugoniot curve, thus 

providing a unique solution for that particular shock state.  

 For the case of a detonation, two Hugoniots must be considered as shown 

in Figure 2.5. This is because the chemical composition of the reactants is altered 

during the detonation process, thus rendering new gaseous material. Chapman 

and Jouguet independently studied the behavior of detonation products, and 

they both concluded that the wave velocity just behind the detonation front must 

be at the detonation products’ local sonic velocity. It should be pointed out that 

the local sonic velocity of the detonation products is greater than that of 

theunreacted explosive material, thus the detonation velocity is supersonic 

relative to the unreacted explosive material. Chapman and Jouguet also 

determined that if steady-state detonation is to be maintained, the sonic velocity 

of the detonation products must also be the minimum permissible velocity for 

the given shock conditions. Chapman’s and Jouguets’ conclusions can be seen in 

Figure 2.5 by realizing the tangency of the Rayleigh line to the detonation 

product Hugoniot curve. If the shock condition was such that the Rayleigh line 

intersected the detonation product Hugoniot curve at any other angle, then two 

physical states would technically be possible (i.e., two points of intersection on 

the detonation product Hugoniot curve). In this case, neither of the physical 

states would be capable of maintaining steady-state detonation. The state 
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corresponding to the intersection on the upper portion of the Hugoniot would 

represent the situation wherein the rarefaction wave velocity is in excess of the 

shock front velocity, thus resulting in the shock front being overtaken and 

eventually nullified. The state corresponding to the intersection on the lower 

portion of the Hugoniot would represent the converse situation wherein the 

shock front velocity is in excess of the rarefaction wave velocity, thus resulting in 

a continuously spreading reaction zone. A continuously spreading reaction zone 

would eventually become incapable of sustaining the combustion reaction, and 

detonation would consequently cease. Neither of the aforementioned post-

detonation physical states obey the equilibrium requirement necessary to 

maintain steady-state detonation. Therefore, it follows that the only feasible 

shock condition exists at the detonation product Hugoniot’s point of tangency.  

Assuming the steady-state detonation velocity as well as the material and 

thermodynamic properties of the unreacted explosive material are known, 

Figure 2.3 suggests four unknown C-J state parameters. Accordingly, four 

independent equations must be utilized to completely define the C-J state. The 

initial and C-J state particle velocities, densities, and pressures can be related by 

making use of the conservation laws applied across the shock front. Doing so 

within the constraints of the one-dimensional shock flow model gives rise to 

Equations (2-5) to (2-7), which are collectively referred to as the Rankine–

Hugoniot jump equations (Henrych, 1979; Baker et al., 1983; Zukas and Walters, 

1998; Krauthammer, 2008). 

 

Conservation of Mass:  ρc
(U - uc) = ρa

(U - ua) (2-5)
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Conservation of Momentum: Pc - Pa = ρaU(uc - ua) (2-6)

Conservation of Energy:  hc +
uc

2

2 = ha +
ua

2

2    (2-7)

 

where  ρ = material density   h = enthalpy  

 u = particle velocity   U = detonation velocity 

 P = pressure     

In addition to the Rankine–Hugoniot jump equations, an equation of state (EOS) 

capable of describing the isentropic expansion of the detonation products must 

be utilized to completely define the C-J state.  

Perhaps the simplest and most familiar EOS is that for an ideal gas. The 

ideal gas EOS “idealizes” a gas as a collection of point particles. An inherent 

assumption associated with this idealization is that the gas molecules are far 

removed from one another relative to their own dimensions. Owing to the 

extremely high initial density of the compressed detonation products, 

particularly at the C-J state, the ideal gas approximation fails to provide an 

accurate description of detonation products. However, due solely to its 

mathematically simplistic form, the ideal gas approximation is used in certain 

instances to fit portions of experimental data by adjusting the ratio of specific 

heats at constant pressure and volume, γ, for purposes of gaining qualitative 

information regarding system behavior. By and large, the ideal gas EOS is 

deemed an inadequate descriptor of typical detonation products at or near the C-

J state.  
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As past research has shown, a more accurate approach to describing the 

isentropic expansion of detonation products is through the use of empirically 

derived equations of state calibrated from experimental data for specific 

explosive materials. The main drawback to these empirically derived expressions 

is their lack of general applicability. Some examples include the Becker-

Kistiakowski-Wilson (BKW), the Jacobs-Cowperthwaite-Zwisler (JCZ), and the 

Jones-Wilkins-Lee (JWL) equations of state. The BKW EOS estimates detonation 

states based on the molecular composition of a particular explosive. The 

expression itself takes the form of the basic ideal gas formulation with an 

additional empirically derived exponential term. Mader (1979) provides a 

comprehensive treatment of initial calibration efforts as well as the application of 

the BKW EOS to calculating detonation states for various explosives. More 

recently, Hobbs and Baer (1993) conducted a BKW calibration study that 

considered a large number of detonation product species from a database 

containing empirical data from recent experimental test programs. The JCZ EOS 

also estimates detonation states based on the molecular composition of a 

particular explosive, but, unlike the BKW EOS, it was developed based on the 

hypothesis that the molecular interactions among the high density detonation 

products are so strong that the gaseous material can be better described by a 

solid-type EOS. Accordingly, Cowperthwaite and Zwisler (1974) utilized 

empirically calibrated “approximate” solid equations of state termed JCZ2 and 

JCZ3 (collectively referred to as the JCZ EOS) to describe the initial high density, 

high pressure behavior of the detonation products. JCZ2 and JCZ3 incorporate a 

molecular-level model whereby the molecules of the detonation products are 

assumed to be held together in a lattice structure and their interaction described 
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by a repulsive/attractive potential function. McGee, Hobbs, and Baer (1998) 

developed a database for use with the JCZ3 EOS to determine thermo-chemical 

equilibrium for detonation and expansion states of energetic materials.  

The JWL EOS is versatile because it is capable of describing the entire 

isentrope of the detonation products, and it can be easily recalibrated for 

different explosive materials. The JWL EOS is a pressure–specific volume 

relationship consisting of a summation of empirically calibrated functions, each 

of which holds a particular importance to a different pressure region of the 

isentrope. The JWL EOS takes the general form of Equation (2-8) shown below.   

  P = Ae
-R1v

vo + Be
-R2v

vo + C
v

vo 

- ( 1 + ω)
(2-8)

 
where  P = pressure  

 v = specific volume at the post-detonation state of interest 

 vo = specific volume at the initial, unreacted state 

 R1, R2, A, B, C, and ω = empirically derived constant parameters 

The ratio  R1 R2  ≈ 4⁄  is typically chosen to allow the first exponential term to 

dominate the high pressure region and the second exponential term to dominate 

the moderate pressure region. Assuming ω = γ - 1 results in JWL pressures that 

asymptotically approach the ideal gas pressures for large volumes (Alia and 

Souli, 2006). This observation by Alia and Souli aligns well with previous 

statements regarding the validity of the ideal gas EOS; namely, as the detonation 

products reach their fully expanded state at ambient pressure their molecules 

become far enough apart that the point particle idealization inherent in the 
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derivation of the ideal gas EOS can be justified. Dobratz (1981) provides a 

comprehensive discussion on the JWL EOS as well as several sets of JWL 

constants which have been fitted to experimental data for several different 

explosives.  

Due to their lack of general applicability, extreme caution must be 

exercised when implementing any empirically derived EOS. The assumptions 

and limitations of a particular EOS must be well understood before it is chosen 

for a specific application. For example, the BKW and JCZ equations of state are 

both capable of approximating the behavior of detonation products at their early 

high density, high pressure states (i.e., at the C-J state); however, they should not 

be relied upon to provide an accurate performance assessment of an explosive at 

the latter stages of the detonation products’ isentropic expansion. Likewise, 

before employing the JWL EOS, care must be taken to ensure the appropriate 

selection of JWL constants based on the explosive material being analyzed.  

Having defined and discussed the Rankine-Hugoniot jump equations, it is 

now possible to revisit the P - v plane of Figure 2.5 from a quantitative 

perspective. In general, a Hugoniot curve can be mathematically described on 

the P - v plane by manipulating the Rankine–Hugoniot jump equations to yield 

Equation (2-9), the general Hugoniot expression.  
 

hfinal - hinitial -
1
2 Pfinal + Pinitial

1
ρ

initial

- 
1
ρ

final

= 0 (2-9)

In examining Equation (2-9), it should be realized that  1 ρ = v⁄ , where v is the 

specific volume. Historically, Hugoniot curves have either been generated 

experimentally via shock testing or generated analytically by utilizing Equation 
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(2-9) along with an appropriate EOS in an iterative computational algorithm 

designed to solve for the shocked state parameters of an explosive material given 

initial state parameters and shock wave properties. When experimental shock 

tests are conducted for the purpose of developing a Hugoniot curve, a two-step 

process is usually followed. The first step consists of conducting a series of shock 

tests and recording the shock front and particle velocities for each test. Plotting 

the resulting velocity data on a  U - u plane typically results in a linear trend 

(Zukas, 2004). Hence, the velocity data are then fitted with a line of the form 

given by Equation (2-10). 

          U = Co + su (2-10)

where  Co = zero pressure intercept (also referred to as the bulk sound  

          speed) 

 s = velocity plane Hugoniot slope 

The second step consists of combining Equation (2-10) with the mass and 

momentum conservation equations to yield an experimentally derived  P - v 

plane Hugoniot expression as shown in Equation (2-11). Finally, the Rayleigh 

line can be mathematically described by utilizing the conservation equations for 

mass and momentum to yield Equation (2-12). 

 

                           Pfinal = Co 
2 vinitial - vfinal

vinitial - s vinitial - vfinal
2 (2-11)

ρ
initial

U 2 =
Pfinal - Pinitial

vinitial - vfinal
(2-12)
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In this section, the fundamental physical and thermodynamic principles 

governing steady-state detonation were explored within the framework of the 

idealized one-dimensional ZND model. While this approach allowed for 

sufficient treatment of the primary concepts related to steady-state detonation, it 

should be understood that many intricate details related to specific explosive 

charge configurations were not addressed. For instance, as alluded to in the 

beginning of this section, detonation velocity depends on charge diameter 

(Cooper, 1993; Gibbs and Popolato, 1980). Specifically, the detonation velocity is 

lower in smaller diameter specimens of the same explosive material and 

propagation completely fails below a minimum critical diameter (Zukas and 

Walters, 1998). Past experiments (Mader, 1982; Dobratz, 1981) have also shown 

that detonation velocity tends to be linearly proportional to explosive charge 

density. In addition, charge shape and confinement (e.g., a cased charge or 

partially buried charge) can influence the shape of the rarefaction wave shown in 

Figure 2.4. Ultimately, it is the resulting shock wave that emanates from the 

explosive charge and impinges upon critical structural components that is of 

utmost interest to this research. Accordingly, the following section of this 

dissertation provides a thorough review of both free-field and near-field shock 

wave behavior.  

2.4 SHOCK WAVE BEHAVIOR   

The most destructive primary effect of a high explosive detonation is the 

shock wave that emanates from the explosive charge, propagates through the air 

at supersonic velocities, and impinges upon nearby structures. In order to 
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establish blast load characterization methodologies for use in evaluating the 

dynamic response of affected structures, a thorough understanding of nonlinear 

shock wave behavior, both in the free-field and in the vicinity of a structure (i.e., 

the near-field), must first be developed. As such, the following subsections focus 

on free-field and near-field shock wave behavior, with a concluding discussion 

on the complexities associated with near-field detonations. 

2.4.1 FREE-FIELD CHARACTERISTICS 

Free-field shock wave behavior pertains to a propagating shock wave that 

is free from any local obstructions such as a nearby structure that would 

otherwise disrupt the shock flow and temporarily alter the wave’s behavior. Just 

as large rocks and debris disrupt the open channel flow of a river and tall 

buildings alter wind flow, the local behavior of shock waves is significantly 

influenced by the presence of obstructions. While the local near-field behavior of 

shock waves in the vicinity of a target is certainly of interest, it is beneficial and 

perhaps essential to first gain an understanding of shock wave behavior in the 

free-field. It will be shown in Section 2.5 that the predominant state-of-the-

practice blast load characterization methodology relies on the peak side-on 

pressure―a free-field shock wave parameter―to estimate various near-field  

shock wave parameters.  

Figure 2.6 illustrates the pressure-time history of an ideal free-field shock 

wave, where the ordinate axis represents incident overpressure (i.e., gauge 

pressure relative to ambient atmospheric pressure) and the abscissa axis 

represents time after detonation. Incident overpressure is often referred to as 
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side-on overpressure. Figure 2.6 can be thought of as the overpressure history an 

observer would experience if oriented parallel to the propagation direction at a 

fixed location in the free-field as the shock wave passes―hence the term “side-

on.” An ideal free-field shock wave can be characterized as a nearly 

instantaneous rise in pressure followed by a rapid decay with time. The time of 

arrival, ta, represents the time after detonation at which the shock front 

encounters a particular point in space. Upon arrival, a steep rise in pressure up to 

the peak side-on pressure, Pso, occurs followed by a rapid time dependent decay. 

The duration of the pressure decay to the steady-state ambient condition is on 

the order of milliseconds, and it is often decomposed into a positive phase 

duration, tpos, and a negative phase duration, tneg. Over-expansion of the 

detonation products creates a vacuum in the explosive source region and a 

reversal of gas motion. This negative pressure region expands outward causing a 

negative gauge pressure to trail the positive phase (Dusenberry, 2010). Henrych 

(1979) explains that after detonation the pressure of the product gases gradually 

decreases until it is equal to the atmospheric pressure. The shock wave is then no 

longer driven by the gases and continues to propagate independently. Due to 

inertia, the explosive gas particles continue moving, their pressure falls below 

the atmospheric value, and an explosive dilatational wave (i.e., rarefaction wave) 

propagates behind the shock wave. The positive phase portion of the pulse is 

typically of higher peak pressure but shorter duration than the negative phase. 

Additionally, as the shock wave propagates away from the explosive source, the 

peak side-on pressure and wave speed decrease, while the total pulse duration 

increases.  An additional parameter that will be shown to be of great importance 

to the dynamic response analysis of blast-loaded structural components is the  
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Figure 2.6  Pressure-Time History of Ideal Free-Field Shock Wave 

positive phase specific impulse, which is defined as the area under the positive 

phase portion of the pressure-time history curve.   

Given various shock wave parameters, it is possible to mathematically 

describe the entire pressure-time history curve. Rigorous dynamic analysis 

procedures for blast-loaded structural components require a time dependent 

description of the blast load; thus, the ability to derive a closed-form 

mathematical expression that closely approximates a pressure-time history is of 

particular interest to this research. Baker (1973) offers eight different 

mathematical expressions that can be used to describe a pressure-time history, 

each of which possesses a different level of mathematical complexity. The three 

most commonly employed expressions are discussed herein, as they are 

collectively sufficient for most practical applications. The first and least 

mathematically intensive expression results in linear pressure decay. This 
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triangular pulse with zero rise time can be mathematically represented using 

Equation (2-13). Equation (2-14) describes exponential pressure decay, where α is 

a decay coefficient that can be adjusted to meet certain curve-fit criteria. Finally, 

the so-called Friedlander curve is presented in Equation (2-15), where α and β are 

both curve-fit adjustment coefficients. 

  

(linear)        P(t) = Pso 1 – t - ta
tpos

,   ta ≤ t ≤ ta + tpos  (2-13)

(exponential)        P(t) = Pso e
-α t - ta ,    t ≥ ta (2-14)

(Friedlander)        P(t) = Pso 1 – t - ta
β

e-α t - ta ,    t ≥ ta (2-15)

Figure 2.7 illustrates the ability of the aforementioned mathematical 

expressions to approximate a free-field pressure-time history. In Figure 2.7, the 

solid curve represents an experimental pressure-time history that was measured 

in the free-field during a live blast test. Note that the peak positive pressure is 

greater than the peak negative pressure, and the positive phase duration is 

considerably less than the negative phase duration. The dashed curve represents 

the linear pressure decay approximation. In formulating this expression, the 

positive phase duration was allowed to vary in order to preserve the peak side-

on pressure and positive phase specific impulse. Although these two shock wave 

parameters are adequately represented by this approximation, the linear function 

does a poor job of capturing the shape of the experimental curve during the  
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Figure 2.7  Mathematical Approximations of a Free-Field Pressure-Time History  

positive phase, and it completely neglects the negative phase. The dash-dot curve 

represents the exponential pressure decay approximation. In formulating this 

expression, the decay coefficient was set such that peak side-on pressure and 

positive phase specific impulse were preserved. In addition to an accurate 

representation of peak pressure and impulse, this approximation captures the 

positive phase pressure decay reasonably well. However, the negative phase is 

again completely neglected. The dot curve represents the Friedlander expression, 

which essentially combines the features of both the linear and exponential decay 

approximations to yield a relatively flexible mathematical expression that is able 

to accurately capture all significant characteristics of the pressure-time history. 
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While the Friedlander approximation may seem like the most suitable choice, the 

linear and exponential decay approximations find extensive use in many 

practical situations. 

2.4.2 NEAR-FIELD CHARACTERISTICS 

Near-field shock wave behavior pertains to a propagating shock wave 

whose characteristics are temporarily altered due to the presence of and 

interaction with a local flow obstruction. The local obstruction can be of finite 

geometry such as a building or bridge, or it can have relatively infinite spatial 

dimensions such as the ground surface. While the interaction of a shock wave 

and a structure is of great interest to this research, it is deemed beneficial to first 

discuss a somewhat simpler scenario involving a shock wave impinging upon a 

“rigid,” planar surface of infinite extent such as the ground surface. 

Impedance is a material property that can be simply defined in this 

context as the product of mass density and compression wave speed. If a shock 

wave encounters an interface between two media of different impedances, in this 

case air and a rigid, planar surface of infinite extent, then a reflected wave is 

generated. The peak pressure and impulse of the reflected wave are greater than 

the corresponding incident values because of the pressure enhancement caused 

by arresting flow behind the reflected shock wave (Conrath et al., 1999). Figure 

2.8 illustrates the difference between a side-on and normally reflected (i.e., the 

shock front normal is perpendicular to the reflecting surface) pressure history, 

where the enhanced peak pressure and positive phase specific impulse of the 

normally reflected wave are apparent. It can also be observed that the normal 
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reflection process has a negligible effect on the temporal characteristics of the 

pressure history. Glasstone (1962) suggests an upper limit on the peak reflected 

pressure enhancement of eight times the peak side-on pressure. Glasstone’s 

conclusion is based on a theory that treats the air medium as a perfect gas despite 

the extremely high pressures and temperatures associated with strong shock 

conditions. Baker (1973) and Mays and Smith (1995) suggest that the upper limit 

on peak reflected pressure enhancement can actually be much greater than eight 

if real gas effects such as dissociation and ionization of the air molecules are 

taken into account. This substantial pressure enhancement is quite a departure 

from typical acoustic wave behavior, where the reflection coefficient is constant 

and equals two. In addition to a normal reflection, shock waves can undergo a 

regular oblique reflection and a mach reflection. 

 

Figure 2.8  Comparison of Normally Reflected and Side-On Pressure-Time Histories 
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A regular oblique reflection can occur when a shock front strikes a 

reflecting surface at some angle of incidence, θi, as shown schematically in Figure 

2.9.  Unlike the case of a typical acoustic wave, the angle of reflection, θr, will not 

be the same as the angle of incidence. In fact, the angle of reflection has been 

shown to be a monotonically increasing function of the angle of incidence. The 

difference in the angles of incidence and reflection is chiefly due to the transient 

state of the air adjacent to the reflecting surface. As noted in Figure 2.9, the air 

through which the reflected wave propagates is not in the same state as when the 

incident wave first passed through it. The incident shock flow increases the 

pressure and temperature of the air. As a result, the reflected shock wave is 

forced to propagate through air at a free-field shock state rather than ambient 

atmospheric conditions. Kennedy (1946) made the interesting observation that, 

for a given incident shock strength, there exists a critical angle of incidence, θcrit, 

  

 

Figure 2.9  Schematic of Regular Oblique Reflection of Planar Shock Wave 
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above which a regular oblique reflection cannot occur. Baker (1973) and Mays 

and Smith (1995) go on to explain that when this situation occurs the reflected 

shock wave catches up and coalesces with the incident shock wave to form a 

highly reinforced third shock wave—termed a Mach wave after Ernst Mach, who 

proposed this phenomenon back in 1877.  

 Once a Mach wave is formed, it grows rapidly and tends to quickly 

overtake the initial two-shock system. The junction between the incident, 

reflected, and Mach fronts is termed the triple point. Furthermore, the nearly 

vertical Mach wave front is typically referred to as the Mach stem. A schematic 

illustrating the evolution of a Mach reflection is given in Figure 2.10 for a realistic  

 

 

Figure 2.10  Schematic of Mach Reflection Evolution 
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threat scenario involving a spherical charge that is detonated above a reflecting 

surface. In reviewing Figure 2.10, it can be seen that (a) the shape of the incident 

shock front is spherical, whereas the shape of the reflected shock front is not (a 

direct consequence of the variable state of the air), and (b) regular oblique 

reflections take place until the critical angle of incidence is achieved. Over the 

years, many experimental blast tests have been conducted for the sole purpose of 

gaining a better understanding of shock wave reflection. The results of these 

experiments have been compiled by the U.S. Government and utilized to derive 

empirical curves that relate the reflected pressure coefficient (Pr / Pso) to the angle 

of incidence for a number of different shock strengths. The resulting set of 

empirical curves is provided in Figure 2.11. The transition from a regular oblique 

reflection to a Mach reflection is clearly discernable by the peculiar humps in the  

 

Figure 2.11  Empirical Reflection Coefficient Curves as a Function of Angle of 
Incidence (U.S. Department of Defense, 2008) 
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various curves of Figure 2.11. It is interesting to note that the critical angle of 

incidence appears to vary with peak incident pressure, with the greater critical 

angles of incidence being associated with the lower peak incident pressures. In 

addition, for large peak incident pressures, the reflection coefficient for a 

normally reflected wave (α = 0-deg) can be greater than ten. In practice, these 

empirical reflection coefficient curves are often used to account for reflection 

effects as part of empirical blast load characterization procedures (U.S. 

Department of Defense, 2008; ASCE, 2010; Dusenberry, 2010). The preceding 

discussion dealt with the interaction of shock waves with planar reflecting 

surfaces of relatively infinite extent. The level of complexity associated with near-

field shock wave behavior increases dramatically in going from a local 

obstruction of infinite extent to one having finite geometry. 

The fluid-structure interaction between a propagating shock wave and a 

local obstruction, such as a building or bridge, gives rise to a highly complex and 

transient environment. Structural components not oriented parallel to the shock 

wave’s propagation direction will act as a reflecting surface for the impinging 

shock wave. As the shock wave passes over the structure, turbulent flow and 

vortex generation occur near convex corners. Figure 2.12 shows a screen capture 

of a high-fidelity computational fluid dynamics simulation, where vortex 

formation occurs as the shock front diffracts around a convex corner of an 

obstruction. In addition, drag forces are imparted to the structure due to trailing 

gas particles that have been set in motion by the shock wave. Gas particles move 

at the particle velocity, which is lower than the shock wave velocity. The particle 

velocity is associated with dynamic pressure, which is caused by the “wind” 

generated from the blast shock front (Krauthammer, 2008). A schematic of this  
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Figure 2.12  Vortex Formation around Convex Corner (adapted from Britt et al., 2010) 

fluid-structure interaction process is illustrated in Figure 2.13 for a threat 

scenario involving a bulk explosive detonation that occurs far enough away from 

the target such that the assumption of a planar shock front is valid. Threat 

scenarios involving small standoff detonations and consequently non-planar 

shock fronts are addressed in Section 2.4.3. 

The left image in Figure 2.13 represents the time at which the shock front 

first strikes the front face of the target. The front face pressure is decomposed in 

the image to include a stagnation pressure, Pstag, and a reflected pressure, Pr. The 

stagnation pressure is the sum of the side-on pressure and the drag pressure 

from the trailing gas particles. In general, the drag pressure is defined as the 

product of the dynamic wind pressure and a drag coefficient. The dynamic wind 

pressure depends on the side-on pressure of the shock wave, and the drag 

coefficient depends on the shape of the obstruction and (to a lesser extent) the 

peak dynamic wind pressure. Open-frame structures and small buildings, where  

Flow 
ObstructionReflected 

Wave

Vortex 
Formation

Propagation 
Direction

Rarefaction 
Wave



 
72

 

Figure 2.13  Schematic of Planar Shock Front Interaction with Building Structure 

a shock wave will produce quick envelopment, are most sensitive to dynamic 

wind pressures (Dusenberry, 2010). For the case of a rectangular structure’s 

windward wall, the drag coefficient is taken as unity (U.S. Department of 

Defense, 2008; ASCE, 2010). The reflected pressure is a direct consequence of the 

wave reflection phenomenon precipitated by the impedance mismatch between 

the target material and the surrounding air. The right image of Figure 2.13 is a 

snapshot later in time when the shock front has progressed over a portion of the 

target. Side face pressures, Pside, are now present in addition to front face 

pressures. The side face pressure represents the sum of the side-on pressure and 

the drag pressure, where now the drag pressure is negative in sense (i.e., acting 

away from the target surface) and a fraction of the full dynamic wind pressure in 

magnitude. The U.S. Department of Defense (2008) provides a table of drag 

coefficients as a function of peak dynamic wind pressure to be used for roof and 

side wall pressure calculations. For rectangular buildings, the drag coefficient 

may be conservatively taken as -0.40 for side walls, leeward walls, and roofs 

(ASCE, 2010). The side pressures are shown to decrease with distance away from 
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the target front face because the side-on pressure decreases with increasing 

distance from an explosive source. It should also be noted that the spatial 

distribution of the front face reflected pressure is shown to change as the shock 

front traverses over the target, alluding to the presence of a phenomenon 

commonly referred to as clearing.    

Clearing is a process in which reflected pressure seeks relief toward lower 

pressure regions, and it occurs when a shock wave strikes a reflecting surface 

having “finite” in-plane dimensions. Clearing initiates from the free edges of a 

finite reflecting surface where an initial pressure differential exists between the 

reflected pressure acting on the edge of the target and the adjacent side-on 

pressure in the free air. The free-edge reflected pressure expands outward 

toward the lower side-on pressure, ultimately resulting in a reduced free-edge 

pressure equal to the stagnation pressure (illustrated in the right image of Figure 

2.13). This clearing process propagates toward the center of the reflecting surface 

in the form of a dilatational (or rarefaction) wave. Clearing is a time-dependent 

process that may or may not have a significant influence on the resulting blast 

load imparted to a target surface. The time it takes for the reflected pressure at a 

specific point on a planar reflecting surface to be completely relieved to the 

stagnation pressure can be estimated per the three-transits-to-the-edge 

expression given by Equation (2-16) (U.S. Department of Defense, 2002). If the 

clearing time is greater than the positive phase duration of the reflected pressure 

pulse, clearing will have a negligible effect on the pressure-time history at the 

point of interest on the reflecting surface. From a physical point of view, this 

situation arises when the reflected pressure decays to atmospheric pressure 

before the rarefaction wave reaches the point of interest on the reflecting surface.  
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  tc = 
3S
U  (2-16)

where  S = shortest distance from the point of interest to a free edge 

 U = shock front velocity 

Figure 2.14 provides two different graphical representations of the 

clearing effect on the reflected pressure pulse for a given point of interest. Figure 

2.14a illustrates a simplified linear representation that is often adopted in 

empirical blast load characterization procedures (U.S. Department of Defense, 

2008; ASCE, 2010; Dusenberry, 2010), where clearing time is calculated per 

Equation (2-16). In Figure 2.14a, the solid line represents the fully reflected 

pressure history that would occur in the absence of clearing, and the dotted line 

represents the stagnation pressure history. The dashed bi-linear curve depicts the 

effect of clearing on the reflected pressure history at the point of interest. At the 

time of arrival, the peak reflected pressure is attained, followed by a linear decay 

to the stagnation pressure that occurs over the clearing time. It should be noted 

that the linear pressure decays and instantaneous onset of clearing depicted in 

Figure 2.14a are consistent with simplified empirical blast load characterization 

procedures commonly employed in practice (e.g., U.S. Department of Defense, 

2008). In reality, however, overpressure decays exponentially and clearing does 

not always initiate instantaneously. Because rarefaction waves initiate at free 

edges of a target surface and propagate inward, the onset and significance of 

clearing is highly dependent on the specific point of interest on a target surface. 
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(a) 

 

 

(b) 

Figure 2.14  Effect of Clearing on Pressure-Time History: (a) Simplified Linear 
Representation, (b) Results from Semi-Empirical BlastX Code 
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 Figure 2.14b shows the positive phase duration of three different pressure-

time histories (solid curves) and associated specific-impulse-time histories 

(dashed curves) that were computed using the BlastX code (Britt et al., 2001). In 

the BlastX code, an empirical model (Britt et al., 2010), based on synthetic data 

generated using the high-fidelity computational fluid dynamics codes SAGE 

(Gittings et al., 2005) and SHAMRC (Crepeau et al., 2002), is used to capture the 

effects of clearing on reflected pressure-time histories. The capabilities of BlastX 

are further delineated in Section 2.5.3 of this dissertation. In Figure 2.14b, the 

overpressure histories decay exponentially, and the onset of clearing does not 

take place instantaneously. Generally speaking, BlastX is capable of providing a 

more accurate representation of complex airblast environments than simplified 

empirical blast load characterization procedures, as is further illustrated in 

Section 2.5 of this dissertation. In reviewing Figure 2.14, the following 

conclusions can be made about the effect of clearing on reflected pressure-time 

histories: 

• The magnitude of the peak reflected pressure attained upon shock 

front arrival is not affected by the presence of clearing 

• Clearing acts to reduce the positive phase specific impulse (i.e., 

reduces the area under the positive phase portion of the pressure-time 

history curve) 

• The onset and influence of clearing is highly dependent on the specific 

location of interest on a target surface 

The three-transits-to-the-edge concept adequately captures the clearing 

phenomenon and consequent reflected impulse reduction exhibited by planar 

reflecting surfaces of typical building structures. However, results from recent 
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research (Ballantyne et al., 2010; Ballantyne and Whittaker, 2009; Williams, 2009; 

Fujikura et al., 2008; Shi et al., 2007; Winget et al., 2005) suggest that such a 

concept alone is not adequate for predicting reflected impulse reduction of blast-

loaded slender structural components such as exposed girders and columns. In 

addition to the short clearing time due to the relatively small width of the 

structural component’s blast-loaded face, overpressure tends to build up along 

the component’s leeward face as it quickly becomes engulfed by the shock flow. 

If the leeward face overpressure develops prior to the end of the front face 

reflected pressure’s positive phase, the structural component realizes a net 

reduction in the transversely applied blast load. Thus, the leeward face 

overpressure partially nullifies the front face reflected pressure, resulting in a net 

blast load reduction. Further complexities associated with slender structural 

components of circular cross section—a prevalent shape for reinforced concrete 

bridge columns—are the difficulty in defining a “free edge” from a clearing 

perspective and the variable angle of incidence and physical standoff around the 

circumference of the circular section. Although a unified impulse reduction 

theory has yet to be put forth in the open literature, various researchers have 

acknowledged and/or observed the complex shock flow behavior experienced by 

slender structural components.  

During a computational study of blast-loaded reinforced concrete bridge 

columns of circular cross section, Winget et al. (2005) proposed a constant 

impulse reduction factor of 0.80 on the basis of classical theory on fluid flow 

around circular obstructions. Shi et al. (2007) performed a series of 

computational fluid dynamics simulations to investigate shock wave behavior in 

the vicinity of rectangular and circular columns. During the study it was found 
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that leeward face overpressures tend to develop quicker for circular columns 

because their smooth circumference minimizes flow separation as the shock 

wave diffracts around the section. In addition, it was found that rectangular 

column width (normal to shock propagation direction) was more influential on 

the resulting blast load than column depth. The wider the rectangular section, 

the more drastic the flow separation and the longer it takes to generate leeward 

face overpressures. In studying the performance of circular concrete-filled steel 

tube bridge columns subjected to blast loads, Fujikura et al. (2008) proposed an 

impulse reduction factor of 0.85 based on computational results obtained using 

the AT-Blast (ARA, 2004) code. In Fujikura’s study, the impulse reduction was 

attributed solely to the constantly changing angle of incidence around the 

circumference of the circular section. Ballantyne et al. (2009, 2010) carried out a 

computational study focused on shock wave behavior in the vicinity of wide 

flange structural steel shapes using the Air3D (Rose, 2006) code, where clearing 

and wrap-around pressure effects were found to contribute to impulse reduction 

factors as large as 0.50. As part of a large research effort for the National 

Cooperative Highway Research Program (Williamson et al., 2010) to develop 

blast-resistant design provisions for reinforced concrete bridge columns, 

Williams (2009) conducted a detailed experimental and computational study 

aimed at characterizing the behavior of shock waves in the vicinity of slender, 

non-responding structural components of both square and circular cross sections. 

During Williams’ study, clearing and wrap-around pressure effects were found 

to contribute to a reduction in the applied blast load; however, it was also 

observed that (a) the impulse reduction factor depends on the ratio of physical 

standoff to section width (or diameter in the case of a circular section), and (b) 
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given a circular column with a diameter equal to the width of a square column, 

the circular column tends to experience a lower net blast load. Williams’ findings 

are graphically summarized in Figure 2.15. 

The pressure distributions on the square and circular sections represent a 

snapshot in time, where the solid-arrow pressure distributions are the clearing-

affected reflected pressures, the dash-arrow pressure distributions are the 

leeward face overpressures due to shock flow engulfment, and the hollow-arrow 

pressure distributions are the incident pressures. The point of interest where the 

angle of incidence and reflection are shown on both sections is located at the 

same horizontal distance away from the charge center of gravity (CG). For the 

specified point of interest, the angle of incidence and physical standoff are both 

greater for the circular section than the square section. In fact, this is the case for 

every point along the front half of the circular section’s circumference except for 

the point directly in front of the charge CG where the section experiences a 

  

 

Figure 2.15  Effect of Section Shape on Physical Standoff and Angle of Incidence 
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normal reflection. While the difference in physical standoff is inconsequential for 

large-standoff threat scenarios, it can have a significant influence on the blast 

load resulting from a small-standoff detonation—a likely threat scenario for a 

reinforced concrete bridge column. Another contributing factor to the lower net 

blast load experienced by the circular section could potentially be the minimized 

flow separation and hence quicker leeward face overpressure generation 

afforded by its smooth geometry, as pointed out previously by Shi et al. (2007). It 

should also be mentioned that the circular section in Figure 2.15 inscribes the 

square section, implying that the circular section is comprised of less 

construction material than the square section. Consequently, the circular section 

affords less inertial resistance to a blast load than the square section, perhaps 

marginalizing the difference in net blast load between the two section 

geometries.  

Based on the results of Williams' study, empirical impulse reduction 

expressions for both square and circular sections were proposed, and they are 

given in Equations (2-17) and (2-18) respectively. These expressions represent a 

lower bound, and hence conservative, estimate of impulse reduction based on 

the available data. Furthermore, the proposed expressions are valid for (R/D) 

ratios less than 4.5. 

 ζs = 0.013
R
D + 0.49 (2-17)

 ζc = 0.019
R
D + 0.39 (2-18)

where  ζs = impulse reduction factor for square sections 

 ζc = impulse reduction factor for circular sections 
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 R = physical standoff distance [ft.] 

            D = section diameter or edge width [ft.] 

2.4.3 COMPLEXITIES ASSOCIATED WITH CLOSE-IN DETONATIONS 

In practice, a detonation is often assumed to initiate from an explosive 

point source that generates a spherically radiating shock front and delivers a 

spatially uniform overpressure distribution to incident target surfaces. These 

assumptions allow for the use of common blast scaling laws and empirical blast 

load characterization techniques, and they greatly simplify subsequent dynamic 

structural analysis. In subscribing to these assumptions, the following two 

implications are made: 

1) For the case of a surface burst, the ratio of physical standoff, R, to 

target height, h, is large enough to justify the approximation of a 

planar shock front upon impingement of an incident target surface. For 

the case of an air burst, the height of the triple point is greater than the 

target height. 

2) The ratio of physical standoff, R, to characteristic charge dimension, D, 

is large enough to render charge shape inconsequential with respect to 

shock front geometry. 

The first implication is graphically depicted in Figure 2.16 for the case of a 

spherical surface-tangent burst, which represents a spherical charge positioned 

such that its bottom surface is tangent to the ground plane. In Figure 2.16a, it can 

be seen how the spherical shock front essentially interacts with the incident 

target surface as a planar wave if the ratio of physical standoff to target height is  
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Figure 2.16  Influence of Standoff to Height Ratio on Blast Load Resulting from 
Spherical Surface Burst: (a) Far-Field Detonation, (b) Near-Field Detonation 

sufficiently large. Given such a threat scenario, the spatial distribution of the 

applied overpressure can be taken as uniform, and the resulting blast load need 

only depend on time. Conversely, Figure 2.16b depicts a threat scenario where 

the actual geometry of the spherical shock front must be accounted for in the 

resulting definition of the blast load.  

While investigating the performance of reinforced concrete bridge 

columns subjected to close-in detonations, Williams (2009) pointed out that 
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significant spatial biasing of peak load quantities can result due to the increasing 

physical standoff and angle of incidence along the column height. This 

observation is further illustrated in Figure 2.17 for the case of a close-in 

detonation of a spherical air burst. In the graph of Figure 2.17a, the solid curves 

with symbols represent pressure-time histories, and the dashed curves represent 

specific-impulse-time histories. The different curve symbols in Figure 2.17a 

correspond to different locations along the column height, as indicated in the 

graph legend as well as in Figure 2.17b. Perhaps the most apparent observation 

that can be made from the graph of Figure 2.17a is that, unlike the case of a 

planar shock front, the overpressure and specific impulse histories vary along the 

column height. With regard to spatial load biasing, the peak overpressure occurs 

at the column base, whereas the peak specific impulse occurs at the elevation of 

the charge CG. Both peak load quantities are well in excess of those delivered to 

the top of the column. Upon closer inspection of the Figure 2.17a pressure-time 

history curve at the height of the charge CG, it can be seen that two overpressure 

peaks occur. As indicated in the graph, the second peak can be attributed to the 

trailing ground-reflected shock wave that results from a regular oblique 

reflection. Because the charge is located in such close proximity to the column, 

the critical angle of incidence is never achieved. Consequently, the incident and 

ground-reflected shock waves never coalesce to form a Mach stem, and the two 

waves strike the column at different times. This near-field reflection behavior is 

also manifested in the pressure-time history at the top of the column (i.e., the 

solid curve with square symbols in the graph of Figure 2.17a).  
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(a) 

 

 

(b) 

Figure 2.17  Blast Load Characterization for Reinforced Concrete Column Subjected to 
Close-In Detonation of Spherical Air Burst: (a) Overpressure and Specific Impulse 

Histories, (b) Variability in Overpressure Distribution with Time 
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The three elevation sketches in Figure 2.17b aim to emphasize the 

transient nature of a close-in detonation. The three blast load states depicted in 

the three elevation sketches correspond to the roman numerals in the graph of 

Figure 2.17a. The roman numerals identify snapshots in time where the three 

pressure gauges experience their peak overpressure. In Figure 2.17b, the hatched 

areas represent piecewise linear approximations to the spatial distribution of 

overpressure acting along the column height. Note that over a time interval of 

roughly two milliseconds, the spatial distribution of overpressure exhibits 

significant variation. For the given threat scenario, the assumption of a uniform 

spatial distribution of applied overpressure or specific impulse would result in a 

poor representation of the true blast load.   

The second implication associated with the assumption of an explosive 

point source and uniform blast load distribution deals with the effect of charge 

shape on the shock front geometry. For close-in explosions, charge shape could 

be important because it defines the shock front geometry (Krauthammer, 2008). 

An example of this effect for a cylindrical charge oriented with its longitudinal 

axis normal to the ground surface is shown in Figure 2.18. As discussed in 

Section 2.4.1, the shock wave associated with the detonation of an explosive is 

initially driven by the forceful expansion of gases. Recalling that these gases are 

bi-products of the supersonic combustion reaction that progresses through the 

explosive material, it stands to reason that the nature of the gas expansion—and 

hence the initial shape of the shock front—is heavily influenced by the shape of 

the explosive charge. Once the shock wave breaks free from the gaseous bi-

products and begins to propagate in a free and stable manner, the shock front 

transitions to a nearly spherical geometry. Other explosive charge characteristics 



 
86

that can be important for threat scenarios involving close-in detonations are the 

charge orientation and the point of initiation (i.e., center-detonated, end-

detonated, etc.), as illustrated in Figure 2.19. For instance, a cylindrical charge 

oriented with its longitudinal axis normal to the ground surface and top-

detonated would deliver less severe blast loads to a nearby target than a 

cylindrical charge oriented with its longitudinal axis parallel to the ground 

surface and initiated at the end farthest from the target (i.e., the detonation 

progresses toward the target). 

  

 

Figure 2.18  Effect of Charge Shape on Initial Shock Front Geometry 
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Figure 2.19  Effect of Charge Orientation and Point of Initiation on Blast Load 
Severity   

 A related topic of interest concerns loads caused by fragments. In general,  

fragments are pieces of matter that get propelled through the air during a 

detonation event. Fragments can be particles produced by the airblast via 

destruction and disintegration of nearby objects, or they can be pieces of the 

explosive casing. When a fragment strikes a target, it imparts an impulse that is 

additive to that delivered by the shock wave. The magnitude of the additional 

impulse is a function of the fragment’s mass and velocity upon impact. While 

seemingly simple in theory, it often proves difficult to quantify such loading 

because fragments are typically irregular in nature and hard to predict a priori 

(Conrath et al., 1999). Furthermore, typical casings for terrorist weapons (i.e., 

vehicle parts, sheet metal, and plastic) are not massive, especially relative to 

cased military weapons (Conrath et al., 1999). As such, although they still pose 

aserious risk of human injury to nearby personnel, fragment loads are deemed 

negligible for the performance assessment of critical bridge components 

subjected to terrorist threat scenarios involving bulk explosives. 



 
88

2.5 BLAST LOAD CHARACTERIZATION 

Given a bulk explosive threat scenario and structural component of 

interest, the chief objective is to conduct a dynamic structural analysis to 

determine its response to the specified threat. Before such analyses and 

assessments can be performed, however, the transient loads imparted to the 

component must first be characterized. Not only must the loads be characterized, 

but they must be cast in a form that is compatible with the desired dynamic 

analysis approach. In general, blast load characterization procedures accept 

threat and target parameters as input. The output can range in complexity from 

individual blast load parameters, such as peak reflected overpressure and 

specific impulse, to detailed pressure-time histories defined at various locations 

over multiple target surfaces. In increasing complexity, blast load 

characterization procedures can be broadly classified into three categories: 

empirical chart-based methods, semi-empirical ray-tracing methods, and high-

fidelity computational fluid dynamics (CFD) methods. Each category possesses 

certain limits of applicability as well as both strengths and weaknesses with 

regard to accuracy, complexity, and computational expedience. Therefore, the 

decision to employ a particular blast load characterization procedure should be 

based on many factors including the nature of both the threat scenario and 

target, the amount of time and computing power available, the competency of 

the analyst, the level of fidelity required, and the type of dynamic response 

analysis for which the loads are being developed. Before discussing each 

category in greater detail, it is necessary to first review the important concept of 

blast scaling. In addition to its vital role in empirical chart-based blast load 
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characterization procedures, blast scaling can be used to predict shock wave 

properties from large-scale explosions based on results from experimental blast 

tests of much smaller scale. 

2.5.1 BLAST SCALING 

A precision experimental blast test can be complicated to administer and 

relatively expensive to conduct, especially for large-scale tests. Accordingly, the 

concept of blast scaling was conceived with the intent of expanding the 

applicability of experimental blast test results. Baker (1973) provides a detailed 

examination of the various blast scaling laws that have been proposed over the 

years. The cube-root scaling law, first formulated by Hopkinson (1915) and 

independently re-derived by Cranz (1926), is perhaps the most well-known and 

widely used blast scaling law. As is discussed in Section 2.5.2 of this dissertation, 

the cube-root scaling law forms much of the basis for the prominent state-of-the-

practice empirical blast load characterization procedure and, therefore, is 

described in detail herein. This law states that self-similar blast waves are 

produced at identical scaled distances when two explosive charges of similar 

geometry and of the same explosive, but of different sizes, are detonated in the 

same atmosphere. In employing this law, it is customary to make use of the 

dimensional scaled distance parameter given in Equation (2-19). A graphical 

representation of cube-root scaling is provided in Figure 2.20. 
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 Z = λR =
R

W 1  3⁄ (2-19)

where  Z = scaled standoff 

            λ = scale factor = 1
W 1  3⁄   

 W = explosive charge weight 

            R = physical standoff 

 

 

 

Figure 2.20  Graphical Depiction of Hopkinson-Cranz Cube-Root Blast Scaling 
Concept 
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In Figure 2.20, the base scenario, comprising an explosive charge of 

characteristic dimension D located at a physical standoff R from a free-field 

pressure gauge, produces a free-field pressure-time history of peak pressure P, 

time of arrival ta, positive phase duration tpos, and positive phase specific impulse 

Ipos. The self-similar scenario, consisting of an explosive charge of scaled  

characteristic dimension λD located at a scaled standoff of λR from a free-field 

pressure gauge, produces a pressure-time history of similar form as that from the 

base scenario. The peak overpressure of the self-similar pressure-time history is 

identical to that of the base scenario; however, the time and impulse values are 

scaled. The following hypothetical situation further illustrates the concept of 

cube-root scaling. Consider a threat scenario involving an explosive charge of 

weight W1 and physical standoff R1 from some free-field pressure gauge that 

produces a measured peak overpressure of magnitude P1. The cube-root scaling 

law states that, for a second threat scenario involving identical atmospheric 

conditions and a similar explosive charge of weight W2, a measured peak 

overpressure of magnitude P1 will be achieved at the same free-field pressure 

gauge if the charge is located at a physical standoff of R2 such that Expression 

(2-20) holds.     

 

 R2

R1
=

W2

W1

1 3⁄
(2-20)

In general, for cube-root scaling, pressure and velocity quantities between 

two self-similar pressure-time histories remain unchanged at homologous times; 

whereas, time of arrival, duration, impulse, and distance quantities are scaled. 

The driving principle behind cube-root scaling is that the magnitudes of the 
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various shock wave parameters are proportional to the specific energy (i.e., 

energy per unit volume) released during a detonation. The volume of a sphere is 

proportional to the cube of its radius; thus, for a shock front of spherical 

geometry, the scale factor contains a cube root―hence the term “cube-root 

scaling.” Results from past experimental blast tests have confirmed the cube-root 

blast scaling law for charge weights ranging from a few pounds up to several 

thousand pounds (Baker, 1973). Because cube-root scaling is based on a spherical 

shock front, it should be emphasized that it is only valid for bulk explosive threat 

scenarios where either the point source approximation holds or a truly spherical 

explosive charge exists. Cube-root scaling should be employed with extreme 

caution when considering threat scenarios involving a close-in detonation, where 

the charge shape dictates the initial shock front geometry. For example, for a 

close-in explosive line or cylindrical charge, square-root scaling should be used 

because the energy will propagate with the expanding cylindrical shock front 

(Krauthammer, 2008). 

An interesting characteristic of the cube-root blast scaling law is that two 

self-similar pressure-time histories (i.e., derived from two different threat 

scenarios having identical scaled standoffs) will, in theory, possess identical peak 

overpressures and scaled specific impulses. The actual specific impulses can be 

determined by multiplying the scaled specific impulses by the cube root of their 

associated charge weights. In order for two different threat scenarios to have 

identical scaled standoffs, they must involve different physical standoffs―that is, 

the actual distance from the explosive charge center to the incident target 

surface―and charge weights. As such, the actual specific impulses for the two 
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different threat scenarios will not be the same. This observation gives rise to an 

additional curiosity with regard to structural performance.  

It will be demonstrated as part of this research that the mass and stiffness 

of a given structural component largely influence which blast parameters 

dominate the component’s dynamic response. In some cases either the peak 

overpressure or peak specific impulse govern the component’s response, and in 

other cases both peak overpressure and specific impulse, as well as pulse shape, 

influence the component’s response. In practice, scaled standoff is often 

interpreted as a measure of blast load severity. This interpretation alone is 

justifiable given that a decrease in scaled standoff results from either a decrease 

in physical standoff, an increase in charge weight, or a combination of both; all of 

which yield a larger peak overpressure and specific impulse. The extension of 

this interpretation that is not as well justified is that scaled standoff can serve as a 

general indicator of structural performance. In Section 2.4.3, the influence of 

physical standoff on the spatial distribution of the resulting blast load was 

described. Given two different threat scenarios possessing identical scaled 

standoffs, it is possible for one threat scenario to represent a far-field detonation 

while the other represents a near-field or close-in detonation. The spatial and 

temporal nature of the two different blast loads could be such that they promote 

different modes of structural response associated with different dynamic failure 

capacities. Thus, it stands to reason that two different threat scenarios having 

identical scaled standoffs could result in markedly different structural 

performance. Consequently, it is not entirely clear whether scaled standoff is an 

appropriate general indicator of structural performance. As part of this research 
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effort, the following questions will be addressed as they relate to the 

performance of critical bridge components subjected to bulk explosive threats: 

• Is scaled standoff an appropriate measure of structural performance? 

• Can the cube-root scale factor be modified to yield self-similar 

pressure-time histories of identical actual peak specific impulses? This 

modified scale factor would potentially prove useful in correlating 

scaled standoff with the performance of structural components whose 

response is driven primarily by peak specific impulse rather than peak 

overpressure. 

2.5.2 EMPIRICAL METHODOLOGY 

Although research into the effects of explosions dates back to 1870, most 

development to determine the blast loading on buildings and other similar 

structures was started in the 1950s and 1960s by the U.S. military (Dusenberry, 

2010); the main impetus for such development being World War II. Much of the 

empirical data and experimental observations from this mid-century blast effects 

research was compiled and formulated into Technical Manual 5-856, Design of 

Structures to Resist the Effects of Atomic Weapons (U.S. Department of Defense, 

1965), which provided comprehensive empirical blast load characterization and 

structural design procedures for nuclear blast threats. In addition to nuclear blast 

effects, significant research efforts commenced in the area of blast effects from 

high-rate chemical explosions, or detonations (Goodman, 1960; Jack Jr. and 

Armendt Jr., 1965; Kingery, 1966; Reisler et al., 1966, 1967).  
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Perhaps the most seminal work in this area was put forth by Kingery and 

Bulmash (K-B) (1984), where they developed high-order polynomial curve fits to 

empirical data relating various shock wave parameters to scaled standoff for 

both idealized spherical TNT free air bursts and hemispherical TNT surface 

bursts. The empirical data utilized during the least-squares polynomial curve fit 

analyses were compiled from various sources that included charge weights 

ranging from less than 2.2-lb [1-kg] to over 881,848-lb [400,000-kg] (Kingery and 

Bulmash, 1984). Hopkinson-Cranz and Sachs scaling laws were employed to 

scale all shock wave parameters to one kilogram mass at standard atmospheric 

sea level conditions (Kingery and Bulmash, 1984). Results from the curve fit 

analysis are shown in Figure 2.21 for the case of a spherical TNT free air burst. 

Note the limits of scaled standoff presented in Figure 2.21. The lower limit of 

0.136-ft/lb1/3 represents the radius of a 1-lb TNT sphere of density 98-lb/ft3 (i.e., 

shock wave parameters on the scaled charge surface). While the data do include 

such small scaled standoffs, it will be shown in Section 2.5.3 that K-B blast 

parameters in these close-in ranges should be used with caution. The upper limit 

of 100-ft/lb1/3 represents an approximate limit of applicability beyond which the 

shock wave properties become seriously affected by atmospheric conditions. 

Exceeding this upper bound limit may result in overpressures that can greatly 

deviate from those that would otherwise exist if transmitted through an “ideal” 

homogeneous atmosphere (U.S. Department of Defense, 2008). As an aside, blast 

load enhancement caused by “real” atmospheric conditions is typically referred 

to as blast focusing. A graph similar to that shown in Figure 2.21 was also 

produced by K-B for the case of a hemispherical TNT surface burst.  
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Figure 2.21  Positive Phase Shock Wave Parameters for a Spherical TNT Explosion in 
Free Air at Sea Level (U.S. Department of Defense, 2008) 

The K-B graphs―often referred to as the spaghetti charts due to their 

highly nonlinear nature―and the empirically-based reflection coefficient graph 

provided in Figure 2.11 form much of the basis for what is arguably the most 

utilized state-of-the-practice empirical blast load characterization procedure for 

threat scenarios involving external detonations. The source document for this 

methodology currently exists as a culmination of empirically-based blast effects 

and structural design guidance from the U.S. Army, Navy, and Air Force. The 
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title of the document is the Unified Facilities Criteria (UFC) document 3-340-02, 

Structures to Resist the Effects of Accidental Explosions (U.S. Department of 

Defense,2008). In addition to the source document itself, there exist a number of 

related texts that provide blast load characterization examples based on the UFC 

methodology (e.g., Krauthammer, 2008; Dusenberry, 2010; ASCE, 2010, 2011). 

Figure 2.22 illustrates the three primary external detonation scenarios addressed 

by the UFC methodology. The significant advantages afforded by this 

methodology are computational expedience and simplicity. Empirically-based 

tables, graphs, and equations are first utilized to determine key shock wave 

parameters for the various envelope surfaces of a target structure. The impinging 

shock front is usually taken to be planar in nature, and clearing effects are 

accounted for via the three-transits-to-the-edge concept. Pressure-time histories 

are then generated using one of the approaches presented in Section 2.4.1 (a 

linear pressure decay is typically employed) to allow for subsequent component-

level dynamic response analysis. For simple rectangular structures, the entire 

load characterization process can be carried out manually and in a fairly short 

amount of time. Software such as ConWep (U.S. Army Corps of Engineers, 2001) 

and AT-Blast (ARA, 2004) can be used to further expedite the calculations. These 

programs essentially automate the K-B and reflection coefficient graphs to yield 

reflected shock wave parameters and associated linear-decay pressure-time 

histories. The primary disadvantage to empirical blast load characterization 

procedures, such as that described in UFC 3-340-02, is the lack of flexibility in 

application. Most of the data that support purely empirical procedures are based 

on ideal spherical charges and rectangular target structures located in open 

terrain (Dusenberry, 2010). These procedures are not well suited to handle the  
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(a)                                                               (b) 

 

 

(c) 

Figure 2.22  External Detonation Scenarios Addressed by UFC 3-340-02: (a) Spherical 
Free-Air Burst, (b) Spherical Air Burst, (c) Hemispherical Ground Burst 

complexities associated with close-in detonations of non-spherical charges. 

Furthermore, they are not able to account for the presence of multiple reflecting 

surfaces or the enhanced clearing and wrap-around pressure effects realized by 

slender structural components. Despite these limitations, purely empirical blast 

load characterization procedures have found much practical use over the years.   
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2.5.3 RAY-TRACING METHODOLOGY 

Ray-tracing algorithms were developed to provide a more accurate 

representation of the airblast environment arising from complex target 

geometries than can be achieved by purely empirical methods. A few examples 

of threat scenarios warranting the use of ray-tracing algorithms include internal 

detonations, external detonations in urban environments, and external 

detonations beneath a bridge deck. Blast load characterization tools that make 

use of these algorithms have been primarily developed by defense-related 

agencies, thus many of them are restricted in use to the U.S. Government and its 

contractors (Dusenberry, 2010). Ray-tracing algorithms typically comprise a ray 

path model, a free-air explosive source model, and a shock addition model.  

Given a threat scenario and specified number of permissible wave 

reflections, the ray path model is used to determine the collection of physically 

admissible ray paths and associated path lengths that (a) originate at the 

explosive source, (b) terminate at a point of interest (POI) on a target surface, and 

(c) include up to the number of permissible wave reflections. In theory, there are 

an infinite number of reflection combinations and associated ray paths that can 

be defined for a given threat scenario, target geometry, POI on a target surface, 

and order of reflection. Thus, to make the problem geometrically tractable, a 

constraint must be placed on the ray reflection behavior. Most ray path models 

subscribe to the same physical law that governs specular reflections in optics, 

where the angle of reflection equals the angle of incidence (Britt, 2013). Such a 

simplification yields a unique ray path for a given order of reflection and POI on 

a target surface, and it lends itself well to the use of the image source concept as 
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described in the following paragraph. It was discussed in Section 2.4 of this 

dissertation that reflections involving strong shocks are not well represented by 

specular physics. Specifically, for the case of strong shocks, it was shown that the 

angle of reflection is not equal to the angle of incidence and that a Mach 

reflection can occur at some critical angle of incidence. As such, sophisticated 

ray-tracing algorithms often employ a hybrid approach where low-order 

reflections are treated with a mach reflection model and higher-order reflections 

involving relatively low “incident” pressures are treated with specular physics 

and the image source concept.  

In applying the image source concept, the effect of a reflecting surface is 

represented by a second explosive source of the same yield and at the same standoff 

as the original explosive source, but located on the opposite side of the reflecting 

surface. In other words, the reflecting surface is replaced by a symmetric image 

of the actual explosive source. Physical and image source representations of first-

order and second-order reflections are illustrated in Figure 2.23. In Figure 2.23a, 

the reflected airblast environment at POI 1 due to a spherical explosive source 

located at a standoff of R1 and horizontal offset of X is desired. In following the    

image source concept, the left wall is removed from the problem and Image 1, a 

second spherical explosive source (i.e., an image source), is introduced at an 

identical standoff of R1 and horizontal offset of X units to the left of POI 1. Free-

air blast parameters at POI 1 are then independently calculated for the original 

and image sources using a free-air explosive source model (e.g., the spherical K-B 

equations from Section 2.5.2 of this dissertation). Finally, the uncoupled, free-air 

blast parameters for the two sources are combined using a nonlinear shock 

addition model to yield reflected blast parameters at POI 1. For completeness in  
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(a) 

 

 

(b) 

Figure 2.23  Illustration of Typical Ray Path Model Utilizing Image Source Concept: 
(a) First-Order Reflection, (b) Second-Order Reflection 
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the aforementioned discussion, it was deemed necessary to make high-level 

mention of free-air explosive source models, nonlinear shock addition rules, and 

the role they play in applying the image source concept. It should be noted that a 

detailed treatment of explosive source models and nonlinear shock addition 

rules is provided later in this section of the dissertation. 

 A first-order reflection is the most straightforward application of the 

image source concept; however, it can be extended to higher orders of wave 

reflections. Figure 2.23b illustrates the application of the image source concept 

for a second-order reflection. In Figure 2.23b, the reflected airblast environment 

at POI 2 due to a spherical explosive source located at a standoff of R3 and 

horizontal offset of X is desired. In this case, POI 2 is exposed to a first-order 

reflection due to ray R3 and a second-order reflection due to ray R2. Before 

elaborating on the details of this problem, it should be understood that the R1-R2 

ray path describing the physical representation of the second-order reflection 

experienced at POI 2 is the only physically admissible second-order reflection for 

POI 2. In subscribing to the specular reflection constraint, any first-order ray 

originating from the original explosive source and reflecting off the left wall at a 

point other than POI 1 will generate a second-order reflection on the upper 

horizontal wall at a different location than POI 2. As mentioned previously, the 

enforcement of specular reflections results in unique ray paths and ultimately a 

geometrically tractable ray path model.  

 In Figure 2.23b, the determination of the airblast environment at POI 2 

begins where the first-order reflection solution from Figure 2.23a left off. Image 

1, which is located at a physical standoff of R1 + R2 from POI 2, is now considered 
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to be the “original” explosive source for the second-order reflection at POI 2. The 

Image 1 dashed ray R1 + R2 is taken to be the “incident” shock wave impinging on 

POI 2, and its reflection effect is taken into account by removing the upper 

horizontal wall and introducing Image 2—an image source of Image 1—at the 

same physical standoff as Image 1, but at a vertical offset of Y above POI 2. In 

addition to the second-order reflection, the first-order reflection from solid ray R3 

of the original explosive source must also be taken into account in determining 

the reflected airblast environment at POI 2. The first-order ray R3 is handled 

identically to the example of Figure 2.23a, where Image 3 is introduced at the 

same physical standoff as the original explosive source, but at a vertical offset of 

Y above POI 2. Free-air blast parameters for the original explosive source at a 

standoff of R3, Image 1 and Image 2 at a standoff of R1 + R2, and Image 3 at a 

standoff of R3 are calculated using a free-air explosive source model. Finally, the 

uncoupled blast parameters for all four explosive sources are combined using a 

nonlinear shock addition model to yield the reflected airblast environment at POI 

2.     

 Most shock addition models require incident pressure, density, and 

particle velocity waveforms to fully describe a reflected airblast environment. 

The free-air explosive source model provides a utility for calculating such 

waveforms. The two most common types of free-air explosive source models are 

those based on the K-B empirical equations for spherical TNT free-air bursts and 

those based on synthetically generated data from high-fidelity computational 

fluid dynamics simulations―often referred to as tabular source models. In 

employing the former, key incident shock wave parameters are first determined 

using the K-B empirical equations. These parameters are then combined with the 
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Friedlander expression to yield an incident pressure waveform. Because the K-B 

relationships don’t address density and particle velocity, simplifying 

assumptions are required to obtain these parameters at and behind a shock front. 

Alternatively, a digitized collection of standoff-dependent pressure, 

density, and particle velocity waveforms for a specific explosive shape and 

composition can be derived using synthetically generated data from 

computational simulations. These tabular data can then be directly utilized by a 

ray-tracing algorithm. The main difficulty with this approach is the complexity 

involved with conducting the detonation simulations, as elaborated on further in 

Section 2.5.4 of this dissertation. The simulation models must consist of 

extremely fine meshes capable of capturing the steep pressure gradients 

associated with a strong shock, and the explosive material formulation must 

include an appropriate equation of state and detonation model. Extreme care 

must be taken to ensure a high level of accuracy with the computational 

simulations, as they ultimately dictate the quality of the resulting tabular source 

model. Nonetheless, such an approach is extremely versatile. Tabular source 

models can accommodate non-spherical charge shapes, non-traditional explosive 

compositions, and high-fidelity shock parameter predictions near the charge 

surface. While seemingly simplistic and computationally inexpensive, the K-B 

empirical approach is much more restrictive in its applicability than tabular 

source models.    

 Strictly speaking, the K-B empirical equations pertain solely to spherical 

TNT charges. These equations cannot be used to develop pressure waveforms 

resulting from the close-in detonation of non-spherical charges. Furthermore, 

results from recent computational research involving spherical TNT charges 
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suggest the K-B equations are not capable of accurately representing the 

extremely intense airblast environment near the charge surface (Britt and 

McMahon, 2008). Figure 2.24 illustrates this finding, where K-B predictions of 

pressure and impulse are compared to those obtained from a tabular source 

model for a range of standoffs. While it is difficult (if not nearly impossible) to 

experimentally validate tabular source models for severe, close-in threat 

scenarios, it is clear from Figure 2.24 that they are in fact capable of capturing an 

important phenomenon that is not inherently present in the K-B equations. As 

was discussed in Section 2.4 of this dissertation, near the charge surface the 

detonation bi-products expand outward with the shock wave. Consequently, for  

 

 

Figure 2.24  Pressure and Impulse Predictions using the K-B Equations and a Tabular 
Source Model from BlastX (Britt and McMahon, 2008) 
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close-in targets, the detonation bi-products actually contribute to the blast load. 

In Figure 2.24, it is likely the contribution of the detonation bi-products that 

causes the observed discrepancies in peak overpressure and specific impulse. 

While the K-B equations do not inherently account for the effect of detonation bi-

products on the resulting blast parameters, it is possible to include such detail in 

computational fluid dynamics simulations through the use of an appropriate 

equation of state and detonation model.  

 For explosive compositions other than TNT, the charge weight must be 

modified using an equivalency factor. As was discussed in Section 2.2.3, 

equivalency factors tend to be highly variable, providing an approximate 

representation of the true explosive composition. Figure 2.25 shows pressure and  

 

 

Figure 2.25  Computational Results Showing Decreased Accuracy in Constant 
Equivalency Factors for Decreasing Standoff (Britt and McMahon, 2008) 
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impulse predictions from tabular source models for ANFO, TNT, and 

Composition C-4. The variation in pressure and impulse differences among the 

various explosive compositions highlights the approximate nature of constant 

equivalency factors, particularly in the high-pressure region.  

The shock addition model typically comprises a set of nonlinear addition 

rules that allow for the construction of a waveform at a given point which sees 

the effects of two or more impinging shock waves. The LAMB addition rules, 

named after Sir Horace Lamb and the Low Altitude Multiple Burst model, are 

perhaps the most widely used nonlinear shock addition rules, and they are 

loosely based on the laws of conservation (Needham, 2010). The LAMB nonlinear 

shock addition rules are given in Equations (2-21) through (2-23). Equation (2-21) 

states that the air density at the point of interest is equal to the ambient air 

density plus the sum of the over-densities from all contributing shock waves. 

Equation (2-22) relates the total momentum at the point of interest to the vector 

sum of the momenta from all contributing shock waves, preserving the vector 

nature of momentum. Equation (2-23) is nonlinear in nature, and it states that the 

resulting pressure at the point of interest is equal to the ambient air pressure plus 

the sum of the overpressures from all contributing shock waves plus 1.2 times 

the difference in the total specific dynamic pressure and the dynamic pressure of 

the combined shocks as determined from Equations (2-21) and (2-22). The LAMB 

shock addition rules cannot be derived from first principles. Nonetheless, they 

have proved to be accurate in comparisons with measurements and hydrocode 

calculations for many shock-combining situations (Britt et al., 2001).   
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Conservation of Mass ρ = ρo + Δρi

N

i = 1

 (2-21)

Conservation of 
Momentum V =

∑ ρiVi
N
i=1

ρ  (2-22)

Conservation of 
Energy 

 P = P o+ ΔPi 

N

i = 1

+
1
2 1.2ρi Vi

2
N

i = 1

- 
1
2ρ V

2
 (2-23)

where  ρo = ambient air density 

            Δρi = over-density associated with ith shock wave 

 N = number of shock waves impinging upon the point of interest 

 ρ = resulting air density at the point of interest 

 ρi = air density associated with ith shock wave 

 Vi = particle velocity associated with ith shock wave 

            V = resulting particle velocity at the point of interest 

 Po = ambient air pressure 

       ΔPi = overpressure associated with ith shock wave 

            P = resulting pressure at the point of interest  

 One of the most well-known and versatile ray-tracing codes in practice is 

BlastX (Britt et al., 2001). The code is owned and maintained by the U.S. Army 

Engineer Research and Development Center, and its use is restricted to U.S. 

Government agencies and its contractors. In general, BlastX is a fast-running, 

engineering-level code that is capable of accurately predicting both shock and 

gas environments resulting from internal or external detonations. The code’s ray 

path model follows a hybrid approach, where low-order reflections are treated 
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with a highly modified version of the LAMB mach reflection model and high-

order reflections involving relatively low “incident” pressures are treated with 

image sources. BlastX contains an empirical K-B free-air explosive source model 

and an extensive collection of tabular source models for a wide variety of 

military and fertilizer-based explosive compositions. The tabular source models 

include spherical and hemispherical charges, cylindrical charges of various 

length-to-diameter ratios (either center or end-detonated), and several 3-D truck 

bomb configurations (Britt and McMahon, 2008). In addition, the code contains 

an empirically-based clearing model to account for the effect of rarefaction waves 

arising from finite reflecting surfaces as well as a shock diffraction model to 

predict the behavior of shock waves around convex corners (Britt et al., 2010). 

The LAMB nonlinear shock addition rules are used to combine multiple shock 

waves at a point of interest. Most importantly, the code has been extensively 

validated with experimental data gathered from live blast tests involving both 

internal and external detonations (Britt et al., 2001). Given its computational 

expedience, extensive validation, and ability to handle complex threat scenarios, 

BlastX was deemed well suited for inclusion in this research as the baseline blast 

load driver for the bridge-specific protective design software. Accordingly, part 

of the research described in this dissertation involved extensive collaboration 

with the U.S. Army Engineer Research and Development Center to devise a 

specially tailored dynamic link library file designed to programmatically employ 

BlastX to characterize blast loads on various bridge components.      
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2.5.4 COMPUTATIONAL FLUID DYNAMICS 

Shock propagation through air is a challenging specialization of 

compressible fluid flow, and the Navier-Stokes partial differential equation 

(PDE) for compressible flow of Newtonian fluids provides the mathematical 

basis for which to describe such a phenomenon. While a rigorous strong form 

derivation of the Navier-Stokes PDE is not warranted here, it is important to 

point out that its formulation is based on the combination of the mass, 

momentum, and energy conservation laws with an equation of state that relates 

pressure, temperature, and density (Zienkiewicz and Taylor, 2000). Just as the 

governing PDEs of solid mechanics problems can be reduced to a weak form and 

solved in an approximate manner using numerical solution techniques, the same 

can be done with fluid flow problems governed by the Navier-Stokes PDE. The 

main differences between the numerical treatment of solid mechanics and fluid 

flow problems are the description of the field variables (e.g., displacement, 

velocity, acceleration) and the preferred solution technique.    

A computational domain consists of both spatial coordinates and material 

coordinates. A spatial (Eulerian) coordinate specifies the location of a point 

within the computational domain, irrespective of what occupies the point’s space 

over time. A material (Lagrangian) coordinate specifies the location of a 

particular material point within the computational domain. At the outset of an 

analysis, spatial and material coordinates almost always coincide with one 

another. When numerically solving a solid mechanics problem, spatial 

coordinates are typically expressed in terms of material coordinates, and thus 

field variables are related to the spatial coordinates. This type of computational 
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domain description is often referred to as a Lagrangian mesh, and it results in 

mesh motion and deformation as the spatial coordinates follow the material 

points. Finite element solution techniques are normally utilized in conjunction 

with Lagrangian meshes. Such mesh descriptions are particularly attractive to 

solid mechanics problems because they are able to handle complicated 

boundaries and follow material points, thus allowing for history-dependent 

materials to be treated accurately (Belytschko et al., 2000). Lagrangian meshes 

work well for problems involving relatively small deformations; the solution 

accuracy can be significantly degraded as increasing distortion is realized within 

the mesh. Because fluid flow generally involves significant material 

deformations, Lagrangian meshes are not well suited for solving such problems. 

Rather, fluid flow problems are typically solved using an Eulerian mesh 

description. Contrary to a Lagrangian mesh, Eulerian mesh descriptions express 

material points as a function of spatial coordinates, and thus field variables are 

related to material coordinates. This type of a computational domain description 

results in material flowing through a fixed mesh. As such, Eulerian meshes do 

not suffer from numerical inaccuracies due to excessive mesh distortion; 

however, they do not handle complex boundary conditions well, and they are 

computationally expensive due to the calculations needed to track material flow 

through the fixed computational domain. Finite difference or finite volume 

numerical solution techniques are generally utilized in conjunction with Eulerian 

meshes. Zukas (2004) provides the following useful analogy to aid in the 

understanding of Lagrangian and Eulerian mesh descriptions:  

In a Lagrangian system, the calculation follows the motion of fixed 

elements of mass. An example often cited is that of a policeman following 
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a single vehicle on a busy highway. His focus is on that one vehicle, and 

he tracks its motion with accuracy. By contrast, in a purely Eulerian 

system, a fixed grid is established, and mass flows through the grid. In the 

policeman analogy, the traffic cop is now sitting behind a billboard 

watching cars drive by. He sees the general pattern of traffic flow past 

some observation point, but he can say little about the motion of an 

individual car over time. In the Lagrangian case, we have fine detail and 

time history data for all the cars being observed. In the Eulerian case, there 

is an appreciation of the overall flow pattern, but at the loss of some detail 

for individual cars.  

In an attempt to minimize the negative consequences from using purely 

Eulerian or Lagrangian mesh descriptions, researchers have begun to employ a 

hybrid approach that makes use of desirable features from both mesh 

descriptions. This hybrid approach is commonly referred to as the Arbitrary 

Lagrangian-Eulerian (ALE) mesh description. In terms of mesh motion, 

Lagrangian and Eulerian descriptions constitute the extremes. Lagrangian 

meshes move with material points, and Eulerian meshes are entirely fixed in 

space. The ALE description allows for an arbitrary amount of prescribed mesh 

motion. Each analysis time increment consists of a Lagrangian step followed by 

an advection step (Hallquist, 2006). The Lagrangian step computes deformations 

within the computational domain just as would be done for a typical solid 

mechanics simulation. The advection step updates nodal locations based on the 

prescribed mesh motion, calculates mass and momentum transport, and updates 

the velocity field. In short, the advection step remaps material coordinates from 

the distorted Lagrangian mesh to a new undeformed mesh for subsequent use in 
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the next analysis increment. A lucid coverage of the second-order-accurate Van 

Leer advection algorithm, the predominant advection algorithm implemented in 

the commercial finite element code LS-DYNA (LSTC, 2012), is given by Sovinec 

(1991) for specific application in the U.S. Air Force’s MACH2 computer code. An 

ALE simulation with zero prescribed mesh motion reduces to a purely Eulerian-

based simulation. There exist a number of commercially available software 

programs that offer ALE capabilities. The three most common amongst the blast 

effects community are LS-DYNA (LSTC, 2012), AUTODYN (ANSYS, Inc., 2009), 

and Dytran (MSC Software, 2008). The literature mentions additional high-

fidelity computational fluid dynamics (CFD) codes, such as SHMRC (Crepeau et 

al., 2002), CTH (Bell et al., 2003), SAGE (Gittings et al., 2005), and Air3D (Rose, 

2006); however, such codes reside in the government and/or research sectors, and 

thus are somewhat restricted in use. Various researchers in the blast effects 

community have experimented with different ALE modeling approaches for 

simulating detonation events and predicting pressure-time histories in the free 

air and on rigid reflecting surfaces. Pressure-time histories acting on rigid 

reflecting surfaces can be mapped to a detailed finite element model of a 

structural element, and an uncoupled dynamic analysis can be performed. Fully 

coupled ALE simulations involving both an air mesh and a Lagrangian structural 

mesh are warranted in certain situations, and this type of rigorous analysis 

approach is discussed in Section 2.6.3.2 of this dissertation. 

French researchers from the Laboratoire de Mecanique de Lille used LS-

DYNA’s ALE multi-material formulation to simulate the free-air detonation of a 

spherical Composition C-4 charge (Alia and Souli, 2006). The multi-material 

formulation was used to allow for more than one fluid to occupy a single mesh 
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element at any given time during the analysis. This capability is necessary to 

accurately represent the burning and detonation of the explosive material within 

the computational domain. An ideal gas equation of state was used to represent 

the air, and the JWL equation of state (refer to Section 2.3.2 for more details on 

the JWL EOS) was used to represent the C-4 explosive material. A quarter-

symmetry spherical mesh was employed, and a number of simulations were 

conducted to investigate the effect of mesh density on the computed peak 

pressures. The computed pressure-time histories were found to reasonably 

match those measured during an experimental blast test. Mesh density was 

found to play a major role in the fidelity of the computed results. To accurately 

capture the steep pressure gradients associated with the shock front, an 

exceptionally fine mesh was needed―especially within and near the explosive 

material. Realizing that a globally fine mesh can be prohibitive from a 

computational resource point of view, Knight and Barsotti (2002) experimented 

with LS-DYNA’s adaptive mesh (sometimes referred to as “delayed Eulerian”) 

capabilities. An adaptive mesh automatically decreases its own discretization in 

local regions of the computational domain where high pressure gradients exist. 

Knight and Barsotti reported that the adaptive mesh technique afforded 

significantly improved simulation accuracy while also permitting modest mesh 

densities. An illustration of a simulated detonation event using the adaptive 

mesh capability is shown in Figure 2.26. 

In addition to mesh density, researchers have observed that mesh shape 

can have a significant influence on the accuracy of detonation simulations. 

Schwer et al. (2008) conducted a series of ALE simulations involving a spherical 

TNT free-air burst and using AUTODYN, CTH, and LS-DYNA. Both rectangular  
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(a)                                                                    (b) 

Figure 2.26  Illustration of LS-DYNA Adaptive Mesh Capability [Knight and Barsotti, 
2002]: (a) Pre-Detonation State, (b) Post-Detonation State with Local Mesh 

Constriction Near the Shock Front 

and spherical meshes were investigated, and computed load predictions were 

compared to those given by ConWEP (U.S. Army Corps of Engineers, 2001). The 

results of the study showed that simulating a spherical detonation in a 

rectangular air mesh can lead to severe directional dependence with respect to 

peak pressure and specific impulse quantities. In contrast, the spherical air mesh 

was shown to provide nearly direction-independent peak pressure and specific 

impulse quantities. Thus, it was concluded that the air mesh geometry should 

follow that of the explosive charge in order to minimize artificial errors in 

computed blast load quantities. During a computational study aimed at 

characterizing the behavior of shock waves in the vicinity of slender, non-

responding structural elements, Williams (2009) showed that air mesh geometry 

should not only follow that of the explosive charge but it should also be as 

uniform as possible. During Williams’ study, he showed that artificial pressure 

differentials perpendicular to the direction of shock front propagation can arise 

in non-uniform meshes because the uniformly expanding shock front is forced to 
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distribute fluid among uneven element widths. As a result, pressure tends to 

migrate from the coarse mesh region to the fine mesh region, causing under-

predicted and over-predicted pressures, respectively. An illustration from 

Williams’ study showing artificial pressure biasing due to a non-uniform air 

mesh is given in Figure 2.27.  

Detonation modeling using high-fidelity CFD codes offers enhanced 

solution resolution relative to empirical and ray-tracing blast load 

characterization methods. Detailed ALE simulations are able to capture 

diffraction and drag phenomena, clearing effects, pressure stagnation in partially 

vented regions of a structure, the effects of multiple reflections and gas bi- 

     

 

(a) 

 

(b) 

Figure 2.27  Effect of Mesh Uniformity on Shock Front Pressures [Williams, 2009]: (a) 
Uniform Mesh, (b) Non-Uniform Mesh 
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product build-up during internal detonations, as well as many other complicated 

aspects of shock wave behavior. Ray et al. (2003) clearly demonstrated the 

benefits of sophisticated CFD simulations, where they utilized SHAMRC to 

analyze a below-deck detonation of a bulk explosive beneath a typical 

prestressed concrete girder bridge. The analysis was able to capture pressure 

stagnation near the bridge abutments as well as blast flow channeling between 

the girders, causing pressure “hot spots” in local regions beneath the bridge 

deck. While the detailed simulation provided significant insight into shock wave 

behavior beneath a typical girder bridge, it should be noted that the SHAMRC 

analysis required a Compaq SC45 super computer with multiple processors 

running in a parallel architecture. Sophisticated CFD simulations are 

computationally expensive, and they require considerable modeling expertise. 

As highlighted previously, the accuracy of an Eulerian or ALE simulation can be 

heavily influenced by the geometry and general construction of the mesh(s). In 

addition, careful attention must be paid to the modeling of explosive materials. 

An accurate CFD simulation for a particular explosive composition and charge 

shape requires input for equations of state for both the reacted and unreacted 

phases of the explosive, input for a time-dependent detonation model such as 

ignition and growth, and input for an afterburn model (Britt and McMahon, 

2008). In deciding whether to employ a high-fidelity CFD code for the purposes 

of blast load characterization, the availability of adequate computational 

resources and modeling expertise, as well as the need for exceptionally detailed 

load information, should be considered along with the benefits afforded by such 

an analysis approach.  
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2.6 STRUCTURAL RESPONSE TO BLAST LOADS 

When a shock wave strikes a structural component, it imparts an intense 

pressure pulse having little to no rise time and a duration that is typically on the 

order of milliseconds. Such a loading scenario is a drastic departure from the 

common static and low-rate dynamic (e.g., wind and seismic) loads that are 

routinely considered in structural engineering practice. The application time of 

“static” loads and the duration of low-rate dynamic loads are typically orders of 

magnitude larger than body wave transit times within a structural component, 

thus leading to the perception of nearly immediate global component response 

upon load application. In actuality, the perceived immediate global response is 

the result of countless wave reflections occurring throughout the body of a 

structural component. Consider a fixed-free rod subjected to a “static” axial tip 

load at its free end. Regardless of the load rate or magnitude of the applied tip 

load, compression waves must travel back and forth from the free end to the 

fixed end at the rod’s compression wave speed until a steady-state 

condition―static equilibrium in this case―is eventually achieved. For all 

practical purposes, the inertial term of the governing differential equation for 

such a problem would likely be ignored. Nonetheless, from a strictly physical 

point of view, a structural component must always undergo a transient state of 

response before steady-state behavior can be achieved. In general, the effects of 

individual wave transits from static and low-rate dynamic loads tend to be 

relatively benign. As such, they are rarely (if ever) considered in the analysis and 

design of structural components. Furthermore, structural response to static loads 

is normally governed by flexural deformations, and the response to low-rate 
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dynamic loads is often driven by the component’s lowest harmonics―also 

flexurally dominated. Results from experimental and computational research on 

short-duration load effects reveal a number of unique material and component-

level behavioral aspects that greatly differ from the norm and that have the 

potential to govern a component’s response and failure capacity. The following 

subsections of this dissertation review some of the unique facets of material and 

structural response to blast loads as they relate to this research.    

2.6.1 EFFECTS OF STRAIN RATE ON MATERIAL RESPONSE 

Materials behave differently under high rates of loading than they do 

under conventional structural design conditions (U.S. Department of Defense, 

2002). In general, it has been found that common construction materials, such as 

reinforced concrete and structural steel, can temporarily sustain dynamic stresses 

well in excess of their static strength when subjected to high-strain-rate loading. 

This temporary strain-rate-dependent strength enhancement is a highly desirable 

material characteristic for blast-resistant design. Accordingly, this phenomenon 

has been given considerable experimental attention over the years (e.g., Schuler 

et al., 2006; Lee and Liu, 2004; Malvar, 1998; Malvar and Ross, 1998; Campbell 

and Ferguson, 1970).  

Figure 2.28 presents experimental results illustrating the effect of strain 

rate on the behavior of tension-loaded steel reinforcing bars. The data for 

nominal Grade 60 steel shown in Figure 2.28a reveal a threshold strain rate of 

approximately 2 sec-1, beyond which drastic yield stress enhancement ensues. 

Figure 2.28b highlights the interesting observation that lower grade steels tend to  
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(a) 

 

(b) 

Figure 2.28  Experimental Results Showing Increased Yield Stress with Increased 
Strain Rate for Tension-Loaded Steel Reinforcing Bars [Malvar, 1998]: (a) Results for 

Nominal Grade 60 Steel, (b) Effect of Static Yield Stress on Strain Rate Sensitivity 
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realize larger yield stress enhancement than higher grade steels. In general, 

typical strain rate effects on the behavior of structural steel include an increase in 

yield strength; an increase in ultimate strength, albeit smaller than for yield 

strength; and a reduction in the elongation at rupture (i.e., decreased ductility) 

(Dusenberry, 2010). The elastic modulus is not as strain-rate sensitive as strength; 

therefore, the strain rate can easily be converted to a stress rate because the 

modulus is often assumed to be constant with strain rate (Tedesco et al., 1999).  

 Figure 2.29 presents experimental data for tension-loaded and 

compression-loaded concrete at different strain rates. The two curves in Figure 

2.29 exhibit a similar threshold characteristic as that observed in Figure 2.28a, 

     

 

Figure 2.29  Experimental Results Showing Increased Concrete Compressive and 
Tensile Strength with Increased Strain Rate (Tedesco et al., 1999) 
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where the strain-rate threshold for concrete response in tension is approximately 

2.5 sec-1 and the strain-rate threshold for concrete response in compression is 

approximately 30 sec-1. Similarly to steel, strain-rate effects on concrete response 

include increased strength and decreased ductility. However, unlike steel, 

experimental results suggest that concrete’s elastic modulus increases slightly 

with increasing strain rate (U.S. Department of Defense, 2008). This finding is 

consistent with experimental data showing the dependence of elastic modulus on 

unconfined compressive strength (Wight and MacGregor, 2009). In comparing 

the curves shown in Figure 2.28a and Figure 2.29, an interesting observation can 

be made. The tension-loaded steel and concrete curves show a similar strain-rate 

threshold of approximately 2-sec-1, whereas the strain-rate threshold for 

compression-loaded concrete is an order of magnitude greater at approximately 

30-sec-1. In terms of governing failure modes, tension-loaded steel and concrete 

ultimately fail due to unstable crack propagation and subsequent fracture, while 

compression-loaded concrete ultimately crushes. Most of the data supporting 

material sensitivity to high-rate loading are purely experimental, and therefore 

the physical cause is not completely understood. Nonetheless, a number of 

hypotheses linking strain-rate threshold to material response modes have been 

proposed.  

Some researchers believe that, for materials whose failure is likely 

governed by brittle fracture (e.g., concrete in tension), a limited crack velocity 

phenomenon is the primary cause of rate-dependent strength enhancement. If an 

attempt is made to force the crack to propagate at velocities greater than the 

limiting crack velocity then fracture will not occur, allowing local stresses to 

exceed the material’s “static” strength (Tedesco et al., 1999). Similarly, for ductile 
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metals that exhibit plastic deformation by way of molecular dislocation motion, a 

similar limiting dislocation velocity is believed to occur.  

For compression-loaded concrete, a phenomenon known as inertial 

confinement is often suggested as the main cause for the apparent strength 

increase. It is well known that concrete is a pressure-dependent material (Kupfer 

and Hisdorf, 1969; Richart et al., 1928). Consider an unconfined compression test 

of a cylindrical concrete specimen. If the load is applied quasi-statically, the 

lateral surface of the cylindrical specimen is free to expand due to Poisson’s 

effect, and the specimen remains in a state of uniaxial stress. However, if the 

same test is performed under high-rate dynamic loading, a delay in the radial 

expansion occurs while the material is accelerated in the radial direction. The 

delay in the lateral surface reaching a static equilibrium position (i.e., zero radial 

stress) results in an effective confining pressure on the lateral surface of the 

specimen, hence the term inertial confinement (Schwer, 2009). Zukas (2004) goes 

on to explain that, for high-rate phenomena where the material does not have 

time to deform laterally, a condition of uniaxial strain occurs. Later in time, as 

rarefaction waves arrive from the lateral surfaces and lateral deformations begin 

to occur, stresses will decrease and a condition approaching uniaxial stress may 

occur. By virtue of the pressure-sensitive nature of concrete, the effective 

confining pressure acts to temporarily increase the concrete compressive strength 

(Kupfer and Hisdorf, 1969; Richart et al., 1928).  

Some researchers argue that because concrete crushing is a result of 

extensive micro-cracking, the strength enhancement of compression-loaded 

concrete is actually a result of a limited crack velocity and not of inertial 

confinement. Despite the inability of the structural engineering community to 
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reach a consensus on the origin of material sensitivity to strain rate, the evidence 

of such a phenomenon is clearly discernible in experimental results. As a result, 

empirically based constant dynamic increase factors (DIFs) and strain-rate-

dependent DIF equations have been developed for use in the analysis and design 

of structural components subjected to high-rate loading such as airblast.  

A simple and conservative approach to including strain-rate effects in the 

analysis and design of blast-loaded structural components is to modify key 

material properties using empirically-based constant DIFs. Table 2.6 presents 

DIFs for reinforced concrete and structural steel that have been recommended by 

the U.S. Department of Defense (2008). These DIFs are categorized into modes of 

structural response and strain rate levels based on data and observations from  

Table 2.6  Constant Dynamic Increase Factors [Adapted from U.S. Department of 
Defense, 2008]: (a) Reinforced Concrete, (b) Structural Steel 

RESPONSE MODE 
LOW PRESSURE REGION HIGH PRESSURE REGION 

Reinforcing Bars Concrete Reinforcing Bars Concrete
Yield Tensile Compr. Str. Yield Tensile Compr. Str. 

Flexure 1.17 1.05 1.19 1.23 1.05 1.25 
Diagonal Tension 1.00 - 1.00 1.10 1.00 1.00 

Direct Shear 1.10 1.00 1.10 1.10 1.00 1.10 
Bond 1.17 1.05 1.00 1.23 1.05 1.00 

Compression 1.10 - 1.12 1.13 - 1.16 

(a) 

ASTM 

MATERIAL 

LOW PRESSURE REGION HIGH PRESSURE REGION 
Flexure Tension / Compr. Flexure Tension / Compr.

Yield Ultimate Yield Ultimate Yield Ultimate Yield Ultimate 
A36 1.29 1.10 1.19 1.10 1.36 1.10 1.24 1.10 

A588* 1.19 1.05 1.12 1.05 1.24 1.05 1.15 1.05 
A514 1.09 1.00 1.05 1.00 1.12 1.00 1.07 1.00 

* These values are estimated 
(b) 
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experimental tests. The values given in Table 2.6a for flexure assume a strain rate 

of 0.10-sec-1 and 0.30-sec-1 for both steel reinforcing bars and concrete in the low- 

pressure and high-pressure ranges, respectively. For reinforced concrete 

members in compression, the corresponding strain rates are 0.02-sec-1 and 0.05-

sec-1, respectively (U.S. Department of Defense, 2008). Compression members 

(i.e., columns) are associated with smaller DIFs than flexural members because 

dynamic effects of the blast load are most often filtered through supported 

members (i.e., beams, girders, and slabs) during load transfer. These filtered 

pressure histories tend to have longer rise times, resulting in lower strain rates. 

Moreover, DIFs for shear and bond are smaller than those for flexure and 

compression in order to prevent brittle failure and to account for uncertainties in 

the design process for such modes of response (Dusenberry, 2010). While 

constant DIFs are simplistic and conservative, they do not represent the true, 

variable dependence on strain rate, and they can occasionally produce overly 

conservative designs. A refined approach to the inclusion of strain-rate effects in 

the analysis of blast-loaded structural components is to utilize a rate-dependent 

constitutive model that makes use of an empirically based DIF expression. 

A number of researchers have proposed strain-rate-dependent DIF 

expressions for both steel reinforcing bars and structural steel shapes. For 

instance, Malvar (1998) established the empirical DIF expression given in 

Equation (2-24). Malvar’s expression can be used to determine yield and ultimate 

strength DIFs for steel reinforcing bars of specified static yield strength. Johnson 

and Cook’s (1983) strain-rate sensitive plasticity model is often employed in 

finite element simulations as a rate-dependent constitutive model for ductile 

metals, and the model’s flow stress rule is given in Equation (2-25). The     
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 DIF=
ε

10 -4

α

 (2-24)

where  α = 0.074 - 0.040 fy
60

       (DIF for yield strength) 

                            =0.019 - 0.009 fy
60

       (DIF for ultimate strength) 

fy = yield stress [ksi] 

ε = strain-rate [sec-1] 

DIF = dynamic increase factor 

 

 
 σy = A + B εp

n  1 + c ln
ε
εo

 (2-25)

where  A, B, c, n = empirical correlation constants 

           εp = effective plastic strain  

             ε = effective strain rate 

            εo = reference strain rate 

                    σy = yield strength  

bracketed term in Equation (2-25) incorporates the DIF in a logarithmic manner. 

This constitutive model is particularly useful because its empirical correlation 

coefficients allow for the model to be calibrated to specific material data. Another 

widely used DIF expression for the yield strength of structural steel is that 

proposed by Cowper and Symonds (1958) and given in Equation (2-26). Rather 

than a logarithmic dependence of yield strength on strain rate, Cowper and 

Symonds proposed an exponential dependence. As with the Johnson-Cook flow 

stress rule, the Cowper-Symonds expression can be calibrated to specific material 

data.  
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 DIF = 1 + 
ε
c

1 p
 (2-26)

where  c, p = empirical correlation coefficients 

                εcs = strain rate 

 The development of strain-rate-dependent DIF expressions for the tensile 

and compressive strength of concrete has also found interest among various 

researchers. One of the most well-known DIF expressions for concrete tensile 

strength is that proposed by Malvar and Ross (1998) and given in Equation 

(2-27). For rate-dependent concrete compressive strength enhancement, the 

Comite Euro-International de Beton (CEB, 1993) recommends the empirical DIF 

expression presented in Equation (2-28). It can be observed that Equations (2-27) 

and (2-28) are consistent with the data presented in Figure 2.29, where the breaks 

in the expressions closely match the aforementioned strain-rate thresholds. These 

expressions are well suited for explicit use in engineering-level dynamic analysis 

models that track strain history. While they also lend themselves well to the 

direct integration with complex constitutive models for use in high-fidelity finite 

element analyses, results from recent computational research suggest that 

explicitly accounting for concrete compressive strength enhancement in a first-

principles computational model can lead to erroneous results.  
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  DIF = εmr

10 -6
δmr

       for   εmr ≤ 1 sec-1 

         = β
εmr

10 -6

1
3

    for  εmr > 1 sec-1 
(2-27)

where  εmr = strain rate in the range of 10-6 to 160 [sec-1] 

      δmr = 1 1 +  8 fc
ʹ  1,450  

                    fc
ʹ  = static unconfined compressive strength of concrete [psi] 

                    β = 10 6 δmr - 2  

 
  

 
 DIF = εceb

30 × 10 -6

1.026 δceb

       for εceb ≤ 30 sec-1 

         = γ εceb

30 × 10 -6

1
3

            for εceb > 30 sec-1 

(2-28)

where  εceb = strain rate in the range of 30 × 10-6 to 300 [sec-1] 

                      δceb = 1 5 + 9 fc 
ʹ 1,450  

                        γ = 10 6.156 δceb - 2  

 

Concrete is known for exhibiting undesirably low tensile strengths—

roughly ten percent of its compressive strength (Wight and MacGregor, 2009). 

Concrete cracks when its tensile capacity is exhausted, and the true physics of 

such brittle, discrete behavior is not well represented in common finite element 

formulations. In subscribing to the limiting crack velocity hypothesis, the onset 

and time-dependent behavior of local mesh discontinuities (i.e., physical 

discontinuities between adjacent finite elements) must be accommodated in 

order to capture tensile-stress-induced strength enhancement. While most (if not 
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all) commercial finite element analysis codes lack the ability to adaptively 

consider this level of complexity, they are likely capable of calculating strain rate 

throughout a dynamic analysis. As such, the explicit inclusion of an empirical 

DIF expression for concrete tensile strength is often warranted in finite element 

simulations.  

Conversely, concrete’s pressure dependency―the cornerstone of the 

inertial confinement hypothesis―is often accounted for in finite element 

simulations through the use of a complex plasticity-based constitutive model. 

Researchers who subscribe to the concept of inertial confinement argue that the 

explicit inclusion of an empirical DIF expression for concrete compressive 

strength is redundant and incorrect because the increase in apparent 

compressive strength is already captured by the pressure-dependent constitutive 

model. For example, researchers at the University of Missouri, Kansas City 

simulated concrete cylinder compression tests performed at different strain rates 

using three different pressure-dependent concrete constitutive models 

(Thiagarajan, 2010). For each constitutive model, the simulation was conducted 

with and without explicit use of strain-rate-dependent DIFs. The numerical 

results support the claim that enhanced concrete compressive strengths can be 

realized at high load rates without explicitly accounting for strain rate effects in 

computational simulations involving a pressure-dependent concrete constitutive 

model. Schwer (2009) derived numerically-based DIFs from finite element 

simulations of confined and unconfined concrete compression tests using a 

pressure-dependent concrete material model that did not explicitly include strain 

rate effects. Schwer’s results were found to closely align with experimental 
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results from Split Hopkins Pressure Bar (unconfined) and confined concrete 

compression tests.   

2.6.2 RESPONSE EVOLUTION 

Unlike structural components subjected to quasi-static or low-rate 

dynamic loads, a blast-loaded structural component undergoes a complex 

response evolution involving early-time local material response followed by 

global component response. An illustrative sketch depicting this local-to-global 

response evolution is provided in Figure 2.30. Local response refers to early-time 

material behavior that occurs prior to the time at which the entire component is 

set in motion, and it is chiefly driven by the effects of the impinging shock wave 

as it propagates through the component material and interacts with cross- 

sectional bounding surfaces. Conversely, global response refers to dynamic 

modes of response, such as flexure and dynamic shear, which engage the entire 

component and depend on characteristics such as boundary conditions, stiffness, 

mass, and blast pulse duration. A simple “thought experiment” can be used to 

further illustrate the unique characteristics associated with the dynamic response 

of blast-loaded structural components. 
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Figure 2.30  Illustration of Local Response versus Global Response   

Consider an elevator full of passengers that is stopping at a floor to pick 

up an additional passenger. The elevator stops at the floor, and its doors open. If 

the oncoming passenger is slow to enter the elevator, the existing passengers 

have time to maneuver around to make room for the additional passenger. 

Although the existing passengers are forced to displace from their original 

positions and ultimately make do with less personal space, no one is personally 

injured, and everyone is able to work together to accommodate the additional 

passenger. This scenario is analogous to the response of a structural component 

subjected to quasi-static loading, where global component action dominates its 

response. Now consider that the oncoming passenger gets a running start so that 

when the elevator doors open there is no prior warning of entry. Early in time, 

after the elevator doors open, the oncoming passenger impacts the existing 
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passengers nearest the elevator doors. The impacted passengers do not have time 

to react as they are forcefully shoved into adjacent passengers, potentially 

causing personal injury and prompting those who are severely affected to exit 

the elevator in distress. This early-time behavior is locally devastating to those 

passengers near the elevator doors; however, the elevator passengers located 

away from the elevator doors are initially unaffected by the event. Later in time 

the rest of the passengers eventually react to the situation, and the manner in 

which this takes place may be influenced by the effects of the early-time events. 

This scenario represents the response evolution associated with blast-loaded 

structural components, where the local intensity from an airblast may precipitate 

early-time material damage that, in turn, can affect the ensuing global 

component response. The following subsections further illustrate the local and 

global response characteristics associated with blast-loaded structural 

components. 

2.6.2.1 Local Material Response 

The interaction of an impinging shock wave with a target surface gives 

rise to a reflected wave and body waves within the target material. As described 

in Section 2.4.2, the reflected wave, resulting from either a regular, oblique 

reflection or a mach reflection, propagates away from the target and acts to 

increase the imparted blast load by reinforcing the incident wave. The body 

waves, consisting of compression and shear waves, propagate through the target 

material until they encounter an interface of different material density (i.e., a 

target bounding surface). When an interface is encountered, the wave 
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reflection/refraction process takes place again. Over time, these successive body 

wave reflections culminate in global component response (Zukas, 2004). For 

structural components subjected to quasi-static or low-rate dynamic loads, the 

effects of individual wave transits on the component’s material response are 

almost always neglected. Quasi-static and low-rate dynamic loads are associated 

with relatively long rise times (i.e., time to peak load magnitude) and 

characteristic durations that are several orders of magnitude larger than the body 

wave transit times. Such load characteristics allow for stress and deformation 

fields to develop in a relatively slow manner. In contrast, blast pulse 

characteristics include extremely short rise times and durations on the order of 

milliseconds. The intense and highly transient nature of shock-wave-induced 

blast pulses demand an appreciation for the difference between the propagation 

speed of the disturbance (i.e., wave speed) and that of the imposed deformation 

(i.e., particle velocity).  

When a shock wave strikes a target, the initial target body waves 

propagate at hypersonic speeds—that is, faster than the sound speed of the target 

material. However, the speed at which the affected material points deform due to 

the disturbance is slower. The difference between the wave speed and particle 

velocity can be attributed to inertial effects. A particle at rest subjected to an 

unbalanced force will move, but not instantly. It may need to overcome its own 

inertia, or it may need to wait until neighboring particles move and constraints 

on its own motion are freed (Zukas, 2004). Recalling the extremely short rise time 

and duration of a typical shock pulse, it can be inferred that the hypersonic body 

waves deliver the peak shock pulse pressure and impulse to nearby material 

points faster than they can deform and distribute the effects throughout the 
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entire component. This is a drastic departure from the slow stress and 

deformation evolution associated with quasi-static and low-rate dynamic loads. 

Such a quick “load dump” can result in temporary dynamic stresses that far 

exceed the target material’s static strength. The early stages of material response 

can be viewed as hydrodynamic in nature, where inertia initially governs the 

process and material strength is a second-order effect (Zukas, 2004). As the initial 

body waves encounter bounding surfaces, wave reflections and refractions occur, 

resulting in energy dissipation and decreasing wave speed until the sound speed 

of the material is eventually reached. These early-time individual wave transit 

effects can cause severe localized material damage that may, in turn, influence 

the ensuing global component response and/or reduce the component’s capacity 

to resist residual loads. As such, it is deemed necessary to consider early-time 

wave propagation effects in the analysis of blast-loaded structural components.  

Recent experimental research has been undertaken with the intent to 

provide further insight into the unique, early-time material behavior of blast-

loaded structural components. For example, Marchand and Plenge (1998) 

utilized experimental results from live blast tests of RC panel specimens having 

symmetrical reinforcing steel layouts and varying concrete thicknesses to 

develop empirical expressions for the prediction of local concrete spall and 

breach damage. Panel specimens, having large in-plane dimensions relative to 

their thickness dimension, provide useful target geometry for studying the 

effects of individual wave transits on early-time material response. Because the 

wave transit time from the center of the panel’s front face to a lateral bounding 

surface is much greater than that from the center of the panel’s front face to its 

back face (i.e., through-thickness direction), the panel geometry essentially 
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mimics an early-time state of uniaxial strain. Such a strain state distills out a 

majority of the complex multi-dimensional wave propagation effects and allows 

for a clear distinction among local spall, crater, and breach damage. Local spall 

damage can be described as tensile-stress-induced concrete failure precipitated 

by wave reflections off non-incident bounding surfaces of the concrete section. 

When a shock wave strikes an RC panel, a compressive body wave propagates 

through the thickness of the panel and reflects off its back face. In order to satisfy 

equilibrium and kinematic compatibility requirements at the back face, the 

reflected wave must be tensile in nature. If the tensile stress at the back face of 

the specimen exceeds the dynamic tensile strength of the concrete, then it fails 

and spalls off. Local cratering occurs when an impinging shock front induces 

incident-face compressive stresses in excess of the concrete’s dynamic 

compressive strength, causing the concrete to crush. Complete section breach 

occurs if the local zones of spall and crater damage overlap within the concrete 

section. Figure 2.31 provides post-test pictures from a sample of the specimens 

comprising Marchand and Plenges’ experimental database. Figure 2.31a shows a 

specimen that exhibited back-face spall damage while sustaining no front-face 

damage. Figure 2.31b shows a specimen that sustained front-face cratering and 

back-face spall damage, and Figure 2.31c illustrates a complete section breach. 

Akers et al. (2011) approached the RC panel breaching problem from an 

offensive point of view, where he and his colleagues at the U.S. Army Research 

and Development Center worked on a joint experimental/computational research 

program focused on the development of an efficient one-step procedure for 

creating a man-sized breach hole in an RC wall. Given the heightened amount of 

urban warfare in which the U.S. Military has been recently engaged, explosive 
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Figure 2.31  Spall and Breach Behavior of Blast-Loaded RC Panels [adapted from 
Marchand and Plenge, 1998]: (a) Spall Damage, (b) Crater and Spall Damage, (c) 

Section Breach 

wall breaching is becoming an increasingly important war-fighter capability for 

dismounted soldiers. In particular, the ability to employ a breaching method that 

can produce a completely cleared, man-sized opening through an RC wall in a 

single step, thus reducing the overall time-on-target, is of utmost interest. While 

previous researchers have been able to demonstrate the ability to breach the 

concrete material, a procedure has yet to be devised that can remove both the 

concrete and reinforcing bars with a single explosive charge. The main objectives 

of the research program were to develop a one-step breaching procedure for RC 

walls and to identify a computational approach that is able to simulate and 

ultimately predict such a breach event. The particular contact charge 
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configuration considered during the research program was not able to meet the 

first research objective; however, a computational approach capable of predicting 

the early-time material response with reasonable accuracy was identified. The 

computational simulations utilized Zapotec (Bessette et al., 2003), which 

integrates the CTH (Bell et al., 2003) Eulerian shock physics code with the 

Pronto3D (Attaway et al., 1998) Lagrangian solid dynamics code. Figure 2.32 

compares experimental breach results with response predictions from the 

Zapotec computational code.  

During a two-phase research program that studied the performance of RC 

bridge columns subjected to close-in detonations (Williamson et al., 2010), 

peculiar side-face spall damage was observed. This observation is illustrated in 

Figure 2.33 for two 30”×30” square column specimens. After conducting a 

number of computational simulations to further explore this observation, 

Williams (2009) concluded that side-face spall damage was a result of Poisson’s 

 

 

Figure 2.32  Comparison of Experimental Breach Results with Computational Zapotec 
Predictions (Akers et al., 2011) 
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Figure 2.33  Side-Face Spall Damage of RC Bridge Columns Subjected to Close-In 
Detonations (Williamson et al., 2010) 

effect. The incident shock wave compresses the section in the shock propagation 

direction, causing lateral expansion and associated tensile stresses to develop 

near the side-face bounding surfaces. While such a hypothesis is certainly 

plausible from a physical point of view, it begs the question as to whether such a 

phenomenon can develop quick enough and with adequate intensity to 

contribute to the observed early-time spall behavior. Schwer (2009) and Zukas 

(2004) point out that lateral expansion is delayed due to inertial effects, and that 

such delayed expansion can actually lead to temporary confinement early in 

time. An equally plausible explanation for the observed side-face spall damage 

follows a concept that was originally put forth by Rinehart (1975), wherein he 

states that material failure under stress wave loading is markedly affected by 

geometry. Rinehart proposes that early-time tensile-stress-induced material 

failure in shocked sections can occur due to constructive interference of second-

order tension waves generated from compression wave interaction with section 
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bounding surfaces. Rinehart’s hypothesis is graphically depicted in Figure 2.34. 

Although Rinehart’s study focused primarily on tensile fracture of steel plates, 

the idea of second-order tension wave reinforcement and consequent tensile-

related material failure translates well to concrete—a relatively brittle material 

possessing low tensile strength. 

 Other relevant experimental test programs have involved RC and steel 

bridge tower panels (Chiarito et al., 2011; Ray and Walker, 2010). Chiarito et al. 

(2011) extended the findings of Marchand and Plenge (1998) by investigating the 

performance of blast-loaded RC bridge tower panels. Unlike the specimens from 

Marchand’s and Plenges’ research, the RC bridge tower panels were constructed 

with orthotropic reinforcing steel layouts. Such rebar layouts are typical of cable- 

stayed bridge tower panels due to the large service axial loads imposed on them 

from the vertical force component of the main stay cables. The experimental 

 

 

Figure 2.34  Early-Time Material Failure Caused by Constructive Interference of 
Reflected Tension Waves (Rinehart, 1975) 
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results revealed that, for constant center-to-center rebar spacing, the panels with 

larger rebar performed worse than those with smaller rebar. When rebar size and 

spacing were varied to maintain a constant reinforcement ratio, the 

aforementioned influence of rebar size on panel performance was not nearly as 

evident. Concrete fragment velocities were found to be slightly higher for the 

panels containing larger rebar, but the overall panel response was not markedly 

affected. It was hypothesized that, as the reinforcement ratio increases (i.e., 

decreasing “void” space in the plane of a rebar curtain), more of the early-time 

damaged concrete is contained by the rebar curtains. Consequently, more blast 

energy is harnessed resulting in exacerbated flexural response. During Ray’s and 

Walkers’ (2010) experimental test program on blast-loaded steel suspension 

bridge towers, they observed local breaching of the incident tower panel. The 

breach holes were found to be circular and elliptical in geometry. During 

multiple tests, the failed “plug” was accelerated into the interior of the tower 

section at a residual velocity. These experimental results highlight the fact that, 

while early-time material response should certainly be considered in the 

performance assessment of blast-loaded structural components, the importance 

of global component response on the overall performance of the blast-loaded 

structural component should not be underestimated. 

2.6.2.2 Global Component Response 

The global response of structural components to quasi-static and low-rate 

dynamic loads is typically governed by flexural behavior, where the sectional 

moment and diagonal tension―commonly referred to as one-way shear, beam 
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shear, or diagonal shear―capacities dictate component strength. Flexural 

behavior can also play a role in the global response of blast-loaded components; 

however, due to the extremely transient nature of shock-induced blast pulses, 

high-frequency, shear-dominated modes of response have also been observed. 

This mode of response is highly localized to zones of either geometric or load 

discontinuity, is not associated with flexure, and is thought to be caused by high 

shear inertia forces that do not exist under static or low-rate dynamic loads 

(Conrath et al., 1999). Dynamic shear behavior of blast-loaded structural 

components has been observed and reported in the literature by various 

researchers over the past few decades. 

During the Cold War, the U.S. Government became concerned with the 

vulnerability of shallow-buried military bunkers to a nuclear attack. These 

underground bunkers were RC box structures with one-way spanning roofs 

supporting a shallow layer of soil overburden. In response to the vulnerability 

concern, experimental research was undertaken at the U.S. Army Engineer 

Waterways Experiment Station―now called the U.S. Army Engineer Research 

and Development Center―to investigate the shallow-buried RC box structure’s 

performance when subjected to above-ground blast loads representative of a 

nuclear explosion (Slawson, 1984; Kiger et al., 1980). The experimental tests 

revealed that the bunker roofs were particularly susceptible to direct shear 

failure near the supporting side walls. An exaggerated schematic of the RC box 

structure’s observed flexural and direct shear modes of response is provided in 

Figure 2.35, where the solid free-hand lines and dashed lines represent the 

typical crack pattern and deformed shape associated with each global response 

mode, respectively. The flexural response mode involved significant curvature in 
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the blast-loaded roof element accompanied by flexural cracks near mid span and 

web-shear cracks near the supporting side walls. This type of global response 

evolved over time and ensued well beyond the duration of the applied load. 

Conversely, the direct shear response mode took place early in time before any 

appreciable curvature could develop (i.e., no flexural response). High early-time 

direct shear forces near the supporting side walls were thought to be the cause of 

an accumulation of shear cracks that coalesced to form a slip plane. Once the 

plane of weakness was formed, the roof element’s resistance to the applied load 

diminished, and significant, localized shear slip was observed. Taking interest in 

this unique experimental observation, a number of researchers embarked on 

computational studies to further investigate early-time shear behavior of blast-

loaded RC box structures. 

    

 

Figure 2.35  Schematic of Global Response Modes for Blast-Loaded Shallow-Buried 
RC Box Structures 
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In 1982, the Defense Nuclear Agency funded researchers from the Naval 

Civil Engineering Laboratory to develop a computational approach to predict the 

direct shear behavior observed during the RC box structure experimental tests 

(Murtha and Holland, 1982). The researchers idealized the RC box structure roof 

as a one-way, fixed-fixed slab using elastic-plastic equivalent beam elements. In 

an attempt to capture the observed early-time shear behavior, a nodal tie element 

was derived based on an empirical shear slip model. The nodal tie elements were 

integrated with the ends of the equivalent beam model to include so-called 

“shear ductility.” Murtha and Holland’s inclusion of shear ductility through the 

use of nodal tie elements was shown to predict the observed direct shear 

behavior with reasonable accuracy.  

In 1983, a researcher from Kirtland Air Force Base used a Timoshenko 

beam formulation to investigate the early-time support shear force and moment 

histories arising from uniformly distributed blast loads (Ross, 1983). During the 

study, support shear force and moment histories were normalized to their 

respective section capacities and recorded for various support conditions, pulse 

amplitudes, and pulse durations. When comparing the normalized shear force 

histories to the corresponding normalized moment histories, a general trend of 

early-time shear dominance was identified. Figure 2.36 illustrates this observed 

trend for two considered load scenarios involving a fixed-fixed beam and a 

triangular pulse with zero rise time (i.e., peak pressure occurs when time equals 

zero). In both cases shown in Figure 2.36, the pulse duration is one millisecond, 

and the support shear force increases at a higher rate than the support moment 

early in time. In Figure 2.36a, for a peak pressure of 5,000 psi, the support direct 

shear capacity is reached prior to the support moment reaching half of its  
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(a) 

 

 

(b) 

Figure 2.36  Results from Analytical Timoshenko Beam Study Showing Early-Time 
Support Shear Dominance [Ross, 1983]: (a) Direct Shear Failure, (b) Flexural Failure 

capacity. In Figure 2.36b, for a peak pressure of 2,000 psi, the support moment 

capacity is exceeded first. Ross found that, while shear forces tend to always 

dominate early in time, the support moment begins to increase at a much higher 

rate than the support shear force later in time. Moreover, the transition in 
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behavior from shear dominance to moment dominance was found to be 

influenced by the characteristics of the blast pulse and the support conditions of 

the beam. 

 In 1986, researchers from the University of Minnesota devised a single-

degree-of-freedom (SDOF) nonlinear dynamic analysis model to predict the 

response of blast-loaded RC box structure roofs (Krauthammer et al., 1986). The 

proposed SDOF nonlinear dynamic analysis model loosely coupled the flexural 

and direct shear modes of response by using the dynamic support shear history, 

determined from the flexural analysis, as input to the support direct shear 

response model. While the results of the proposed model were deemed 

reasonable with respect to Kiger et al. and Slawson’s experimental results, the 

assumption that direct shear forces derive from flexural behavior contradicts the 

notion that direct shear behavior occurs early in time and prior to the 

development of appreciable flexural response. 

 In 2010, researchers from Purdue University carried out a two-part 

research program focused on the initial response of beams subjected to blast and 

fluid impact (Giraldo, 2010). As part of the research effort, Giraldo conducted 

computational simulations of Menkes’ and Opat’s (1973) blast-loaded aluminum 

beams. The aluminum beam specimens were fixed at both ends and subjected to 

uniform blast loads of varying intensity. As shown in Table 2.7, a clear transition 

from flexure dominance to early-time shear dominance was observed as the peak 

pressure and impulse of the blast load increased. Unlike the flexure-dominated 

cases that exhibited significant mid-span curvature, the shear-dominated 

specimens experienced early-time failure near the fixed supports before any 

appreciable curvature could be realized along the beam length. Based on this  
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Table 2.7  Comparison of Experimental and Computational Results for Blast-Loaded 
Aluminum Beams (Giraldo, 2010) 

 

observation, Giraldo devised a dynamic single-degree-of-freedom (SDOF) 

analysis approach involving a time-dependent equivalent beam stiffness 

parameter. Giraldo’s analysis approach begins with a three-element 

discretization of the blast-loaded beam. The two elements nearest the supports 

are flexible, whereas the middle element is taken to be rigid. The length of the 

flexible end elements increases towards the beam mid span with time and in 

accordance with the time-dependent equivalent stiffness parameter. The initial 

magnitude of the time-dependent equivalent stiffness parameter and length of 
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the flexible end elements were calibrated based on the computational results of 

Table 2.7. Over time, the equivalent stiffness parameter and deflected shape of 

the blast-loaded beam approach those corresponding to classical flexural 

behavior, and the rest of the SDOF dynamic analysis is carried out assuming 

flexural response (Tedesco et al., 1999; Biggs, 1964). The proposed early-time 

response model was shown to be in reasonable agreement with the experimental 

results of fixed aluminum beams subjected to uniform blast loads. However, it is 

uncertain whether such analysis approach can be readily applied to beam or 

column members having non-idealized boundary conditions and subjected to 

non-uniform blast loads. Perhaps a useful next step would be to generalize the 

proposed analysis approach to accommodate structural components of other 

construction materials and boundary conditions as well as other possible threat 

scenarios.    

Early-time, localized shear deformations have also been reported by 

researchers investigating the performance of blast-loaded RC columns. 

Researchers from the University of Texas at Austin (UT-Austin) conducted an 

extensive research program with a main objective of developing level protective 

design guidance for blast-loaded RC bridge columns (Williamson et al., 2010; 

Williams, 2009; Holland, 2008). Part of the program involved subjecting half-

scale RC column specimens to small-standoff bulk explosive detonations. Post-

test photos of three blast-damaged column specimens are shown in Figure 2.37. 

These column specimens exhibited multifaceted behavior involving extensive 

early-time spall damage followed by discrete slip and/or distributed shear 

deformation near the column base. In the context of this dissertation, this 

complex, shear-dominated response evolution is collectively termed dynamic  
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Figure 2.37  Dynamic Shear Response of Half-Scale RC Bridge Column Specimens 
Subjected to Small-Standoff Bulk Explosive Detonations (Williamson et al., 2010) 

shear behavior. Researchers from the State University of New York (SUNY) at 

Buffalo observed similar shear-dominated behavior during an experimental blast 

test program aimed at investigating multi-hazard design strategies for RC bridge 

columns (Fujikura and Bruneau, 2011). Figure 2.38a shows a SUNY Buffalo test 

specimen that exhibited a direct shear failure at the column base due to 

excessively high early-time shear forces. Two interesting observations can be 

made from this post-test photo. First, this test specimen suffered minimal early-

time spall damage. Second, the crack pattern along the height of the column  
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 (a)                                                      (b)     

Figure 2.38 Shear-Dominated Behavior of Quarter-Scale RC Bridge Column 
Specimens Subjected to Standoff Detonations [Fujikura and Bruneau, 2011]: (a) Direct 

Shear Failure at Column Base, (b) Dynamic Shear Behavior 

suggests negligible pre-failure flexural behavior. While the visible crack pattern 

includes a number of flexural cracks, their configuration is not consistent with 

the expected internal moment demand of a propped cantilever. Rather, the 

visible crack pattern suggests post-failure cantilever behavior. It is hypothesized 

that, after the longitudinal reinforcement at the column base ruptured early in 

time, top-supported cantilever behavior ensued due to remaining column 
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momentum. Eventually, the top of the column was pushed beyond its moment 

capacity, causing the significant plastic rotation that can be seen in the post-test 

picture of Figure 2.38a. The dynamic shear response shown in Figure 2.38b 

closely resembles that observed during the UT-Austin blast tests, where early-

time spall damage is followed by localized, distributed shear deformation near 

the column base.  

Extensive early-time spall behavior and localized, distributed shear 

deformation was also observed in bare RC building columns during a live blast 

test of an entire building structure (Crawford et al., 2001). The main focus of the 

blast-loaded building structure research was to examine the effectiveness of an 

externally applied carbon fiber reinforced plastic (CFRP) retrofit concept on the 

damage mitigation of blast-loaded building columns. Unlike the UT-Austin and 

SUNY Buffalo RC bridge column blast tests, where the specimens were subjected 

to small-standoff detonations that resulted in considerable load biasing, the 

threat scenario considered during the building structure blast test involved a 

large charge weight at a relatively large standoff. Consequently, a large yet 

relatively uniform impulse was delivered to the entire RC column. Figure 2.39 

shows experimental and computational results from one of the unretrofitted RC 

building columns. In Figure 2.39a, early-time spall damage and distributed shear 

deformation is clearly discernible near the column supports. Figure 2.39b shows 

the simulated response evolution of the RC building column, where early-time  

“shear yielding” was predicted followed by flexural behavior later in time.   
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(a) (b) 

Figure 2.39  Performance of Unretrofitted RC Building Column to Standoff 
Detonation [Crawford et al., 2001]: (a) Post-Test Photo, (b) Computational Results 

from High-Fidelity Finite Element Simulation   

As evidenced by the results of recent experimental and computational 

research focused on the performance of blast-loaded RC structural components, 

high-rate, dynamic loading can precipitate unique shear-dominated component 

behavior. A consensus has yet to be reached among the engineering community 

as to the origin of this observed shear behavior. Furthermore, an engineering 

model has yet to be developed that is capable of predicting the dynamic shear 

behavior exhibited by blast-loaded RC bridge columns. A major objective of the 

research presented in this dissertation is to advance the understanding of early-

time shear behavior exhibited by blast-loaded RC bridge columns and to propose 

an engineering model capable of capturing this unique and complex mode of 

response. Chapter 3 of this dissertation is dedicated to this research objective. 
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2.6.3 METHODS OF DYNAMIC ANALYSIS 

Because structural elements respond dynamically to both impinging shock 

waves and earthquake-induced ground excitation, it may seem appropriate to 

draw a parallel between analysis methods for blast and seismic loads. Though 

seismic and blast loads have similarities such as being time dependent and 

producing large inelastic deformations that generally require structural 

redundancy and strengthening of connections, blast loads have a shorter 

duration, are more highly impulsive, are not oscillatory with time, and can 

produce a highly localized response (Williamson and Winget, 2005).  

Seismic ground motions impart cyclic kinematic excitation to the base of a 

structure. The base excitation accelerates the entire structure, generating inertial 

forces in structural members and supported components and engaging the entire 

lateral-force-resisting system. Lateral forces are typically collected in horizontal 

diaphragm elements and transferred to the foundation through vertical 

structural elements such as braced frames, moment frames, or shear walls. For 

typical structures having minimal stiffness and/or mass irregularities, the current 

state-of-the-practice in seismic analysis is to employ an equivalent static 

approach based on the assumption that the structure’s dynamic response is 

dominated by its fundamental mode of vibration (ASCE, 2005). When a strong 

shock from a high-explosive detonation impinges upon a structure, the primary 

effects are highly localized. Severe damage may occur to those structural 

elements directly exposed to the incident shock wave. As the shock wave passes 

over the structure, side and leeward surfaces are loaded; however, the 

magnitude of the load is generally much less than that delivered to incident 
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surfaces. The structure’s lateral-force-resisting system is eventually loaded with 

secondary forces that are transferred from the blast-loaded—and likely 

plastically deformed—structural elements, but, by and large, its overall 

contribution to the resistance of the blast load is minimal. Individual component 

response is of primary interest, and dynamic aspects such as strain-rate effects 

and inertial resistance must be considered. Designing the entire lateral force 

resisting system to an equivalent static force distribution based on peak blast 

pressures will likely prove to be unfeasible or at least highly inefficient 

(Marchand and Alfawakhiri, 2004). Such an equivalent static approach neglects 

the highly transient nature of blast loads as well as the inertial effects of 

structural members in motion (Winget et al., 2005). Accordingly, a nonlinear 

dynamic analysis should generally be carried out for blast-loaded structures.    

Two common dynamic analysis methods that are often used to assess the 

performance of blast-loaded structures are equivalent SDOF approaches and 

multi-degree-of-freedom (MDOF) approaches. SDOF models reduce a complex 

system to a single degree of freedom by subscribing to an assumed displacement 

field and employing the principle of virtual displacements. In transforming the 

complex system to a single degree of freedom, the strong form of the governing 

partial differential equation is simplified to a semi-discrete ordinary differential 

equation that is solely time dependent. Such models are fast-running and are 

most often used in situations involving spatially uniform blast loads and 

structural components whose response is dominated by flexure. MDOF 

approaches can range in complexity from 1-D frame element assemblages to 3-D 

continuum models consisting of millions of degrees of freedom. MDOF models 

employ numerical solution techniques to directly evaluate a weak form of the 
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partial differential equation governing the physics of blast-loaded structures. The 

formulation of these computational models can accommodate complex blast load 

definitions and structural geometries as well as detailed material models that 

account for constitutive nonlinearity, strain-rate and thermal effects, and various 

failure criteria. While these “first principles” simulations are capable of 

producing high-resolution results, they can require extensive time and 

computational resources to obtain a solution. The following subsections further 

examine both dynamic analysis methods as they relate to the research described 

in this dissertation. 

2.6.3.1  Equivalent Single-Degree-of-Freedom Systems 

In reality, most structural elements are continuous in nature. They possess 

distributed stiffness and mass properties, comprising an infinite number of 

displacement degrees of freedom. The dynamic response of continuous systems 

to an externally applied load can be mathematically described by partial 

differential equations, the solution to which can be approximated with numerical 

solution techniques. While the direct treatment of continuous systems via 

numerical solution techniques leads to a detailed kinematic description of the 

system’s response, it will be shown in Section 2.6.3.2 that such an analysis 

approach requires considerable expertise and computational resources. An 

alternative approach to approximating the dynamic response of continuous 

systems that has found much use by practitioners in the protective design 

community is the application of equivalent SDOF models (ASCE, 2010; 
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Krauthammer, 2008; U.S. Department of Defense, 2008; Tedesco, 1999; Biggs, 

1964).  

Given a continuous system with known stiffness and mass properties, a 

well-defined external load, and a dominant mode of global response, a 

displacement field can be postulated and the principle of virtual displacements 

employed to derive a work-equivalent SDOF system. As shown in Figure 2.40, 

the transformation of a continuous system to an equivalent SDOF system reduces 

the governing partial differential equation to a semi-discrete ordinary differential 

equation that only depends on time. The equivalent stiffness, K*, mass, M*, and 

load, P*, parameters for the SDOF system are determined by equating the 

internal work, kinetic energies, and external work of the two systems, 

respectively. These calculations are given in Equations (2-29) through (2-31) for 

the continuous system shown in Figure 2.40. The simplified SDOF system is fast- 

running, requires modest computational resources, and is capable of predicting 

  

  m(x) ∂2y(x,t)
∂t2  + ∂2

∂x2 EI(x)
∂2y(x,t)
∂x2 = w(x,t)   M* d2ymax(t)

dt2 + K*ymax
(t) = P*(t) 

Continuous System Equivalent System 

Figure 2.40  Transformation of Continuous System to Equivalent SDOF System 
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 K*= EI(x) d2

dx2ψ(x)
2

 dx (2-29)

  M*= m(x) ψ2(x) dx (2-30)

  P*(t) = w(x,t)ψ(x) dx (2-31)

 

where  EI(x) = continuous system’s distributed flexural rigidity 

m(x) = continuous system’s distributed mass 

w(x,t) = continuous system’s time-dependent, distributed load  ψ(x) = y(x, t) ymax(t) = normalized displ. field (i.e., shape function) 

x = distance along the length of continuous system 

the peak kinematic response of the continuous system. As such, equivalent SDOF 

models are well suited for rapid performance assessment and design activities 

(Krauthammer, 2008). 

 The transformation of continuous systems to work-equivalent SDOF 

systems—sometimes referred to as generalized SDOF systems—is covered in most 

structural dynamics texts, where application is typically relegated to the elastic 

range of response (Chopra, 2007; Paz and Leigh, 2004; Clough and Penzien, 

1993). For an elastically responding continuous system, Equation (2-29) can be 

evaluated for use in the semi-discrete form of the ordinary differential equation 

given in Figure 2.40. However, for continuous systems exhibiting significant 

material nonlinearity, as is often the case for blast-loaded structural components, 

treatment of the equivalent stiffness parameter becomes challenging. The blast 

community ameliorates this issue by re-casting the governing ordinary 
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differential equation to allow for the direct use of a resistance function that 

relates total system resistance (i.e., the SDOF restoring force) to peak 

displacement (ASCE, 2010; U.S. Department of Defense, 2008; Tedesco, 1999; 

Biggs, 1964). At this point in the discussion, it should simply be understood that 

representing the product of SDOF stiffness and displacement by a nonlinear 

resistance function is prudent and arguably necessary for conducting a dynamic 

analysis of a blast-loaded structural component. The following paragraph 

describes the derivation of the re-casted dynamic equation of motion for an 

equivalent SDOF system, after which the development and use of resistance 

functions are described in further detail. 

In deriving the re-casted form of the ordinary differential equation 

governing the dynamic response of equivalent SDOF systems, the classical form 

given in Figure 2.40 is first re-expressed as shown in Equation (2-32). Mass and 

load transformation factors are then introduced as shown in Equations (2-33) and 

(2-34). Stiffness, K, is defined in terms of the continuous system’s load 

distribution, and it is numerically equal to the total load of the same distribution 

which would cause a unit deflection at the point where the deflection is equal to 

that of the equivalent system. Consequently, the stiffness transformation factor 

must always equal the load transformation factor (Tedesco, 1999; Biggs, 1964). 

With this relationship in mind, Equation (2-32) can be rewritten as shown in 

Equation (2-35). Dividing both sides of Equation (2-35) by the load 

transformation factor and representing the internal resistance as a function of 

displacement yields the final form given in Equation (2-36). 
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  M*

Mtot
Mtot

d2ymax(t)
dt2 +

K*

K K ymax(t) =
P*(t)

Ptot(t) Ptot(t) (2-32)

   

 βM=
M*

Mtot
 (2-33)

 βL=
P*(t)

Ptot(t) =
K*

K  (2-34)

  βM M
tot

d2ymax(t)
dt2 + βL K ymax(t) = βLPtot(t) (2-35)

 βLM M
tot

d2ymax(t)
dt2 + R ymax(t) = Ptot(t) (2-36)

where    Mtot = continuous system’s total mass 

K = continuous system’s total load required to cause a unit    

displacement at the ymax location 

Ptot(t) = continuous system’s total applied load 

βLM = βM  βL
⁄  = load-mass transformation factor  R ymax(t)  = resistance function 

Equation (2-36) is an extremely useful form of the dynamic equation of motion 

for equivalent SDOF systems. The total system mass is the only parameter in 

need of transformation, and the SDOF resistance and load functions can be 

defined directly from the continuous system. The use of a resistance function 

provides a convenient way to incorporate constitutive and geometric 

nonlinearity as well as complex global response modes into the dynamic 

analysis. Figure 2.41 illustrates this feature for the familiar case of a fixed-fixed 
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flexural member with a uniformly distributed load. The resistance function is 

able to capture the response evolution of the flexural member, including the 

development of plastic hinges and nonlinear tension membrane response. 

Because the deflected shape of the flexural member changes with the 

development of plastic hinges, a unique shape function and load-mass factor are 

required for each stage of response. The open literature contains tables of load-

mass factors and resistance function control points for a variety of idealized 

continuous systems (ASCE, 2010; U.S. Department of Defense, 2008; 

Krauthammer, 2008; Biggs, 1964). For complex continuous systems not covered 

in these tables, load-mass factors and resistance functions can be derived 

analytically, computationally, or experimentally.  

Figure 2.42 illustrates the experimental development of a resistance 

function for a cold-formed steel stud. The load tree testing apparatus simulates a 

uniformly distributed load. During the test, structural steel bracing elements 

    

 

Figure 2.41  Schematic of Equivalent SDOF Flexural Resistance Function  
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were placed along the length of the stud in order to prevent a premature 

buckling failure. Bracing against global buckling permitted the stud to reach the 

tension membrane regime of response, which is evident in the Figure 2.42 plot. 

Figure 2.43 illustrates the experimental development of resistance functions for 

laminated glazing specimens. During the test, a pump-tank assembly was used 

to deliver hydrostatic pressure to the underside of the glazing specimen. Two 

distinct phases of response were observed during the tests. The laminated 

glazing specimen first exhibited a relatively stiff and essentially linear response 

until brittle fracture of the glass took place. During the glass-break event, the 

resistance of the system drastically decreased until the polymer interlayer 

engaged in tension-membrane action. As can be seen in the Figure 2.43 plot, the 

polymer interlayer afforded substantial post-break ductility. 

 

 

Figure 2.42  Experimental Development of Resistance Function for Cold-Formed Steel 
Stud (Salim et al., 2003) 
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Figure 2.43  Experimental Development of Resistance Function for Laminated Glazing 
(Sammarco et al., 2010) 

2.6.3.2   Multi-Degree-of-Freedom Systems 

The equivalent SDOF analysis approach is highly advantageous for design 

activities because it is computationally expedient, relatively simple to conduct, 

and focuses on the same peak kinematic response quantities that typical 

performance-based design provisions emphasize. That said, such an analysis 

approach―as it is utilized in practice―is somewhat limited in applicability. 

Equivalent SDOF models are not capable of computing detailed kinetic and 

kinematic response quantities throughout a structural component’s entire 

computational domain. In addition, an a priori knowledge of the component’s 

dominating response mode(s) must be known in order to postulate realistic 

shape functions and formulate a resistance function. For situations involving 

complex multi-modal component behavior, response coupling between multiple 

components, complex load definitions, and/or severe localized response, it may 

be necessary to employ an MDOF analysis approach. 
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MDOF analysis approaches can range in complexity from 2-D frame 

analyses to rigorous 3-D finite element simulations. Frame analyses offer the 

ability to idealize a structural component as an assemblage of line elements 

encompassing multiple displacement degrees of freedom, thus allowing for 

multi-modal response. In addition, an MDOF frame model can comprise 

structural systems, which enables the interaction among individual responses of 

multiple members (i.e., response coupling) to be determined. This feature can be 

particularly important for situations involving structural assemblages consisting 

of members having natural periods of vibration that differ by less than a factor of 

two (Biggs, 1964). Material nonlinearity is typically addressed through the use of 

lumped plasticity (i.e., plastic hinges), the onset of which is handled via yield 

criteria on the stress resultant level. Geometric nonlinearity can be incorporated 

into the analysis by implementing a tangent stiffness matrix (P-δ effect) and 

enforcing incremental equilibrium on the deformed configuration of the 

structure (P-Δ effect). Blast loads are introduced as force-time histories applied to 

nodal locations throughout the computational domain. As such, MDOF frame 

analyses uncouple structural response from blast load history. There exist a 

number of commercially available frame analysis programs capable of 

conducting a nonlinear dynamic analysis. Examples of these programs include 

ETABS (Computers and Structures Inc., 2006a), SAP2000 (Computers and 

Structures Inc., 2006b), and GT STRUDL (Georgia Tech CASE Center, 2012). For 

situations that require careful consideration of specific structural component 

characteristics that may not be adequately addressed in commercial frame 

analysis programs, advanced MDOF frame models can be developed. For 

instance, Magallanes et al. (2012) formulated an advanced MDOF frame model 
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for the analysis and retrofit design of blast-loaded RC building columns. The 

MDOF frame model formulation incorporates a complex plasticity-based 

concrete constitutive model (Magallanes et al., 2010) that operates on a fiber 

section at the stress level. In addition, the frame element formulation was 

specifically tailored to address externally applied fiber reinforced polymer and 

external steel jacketing retrofit techniques. While MDOF frame models offer 

additional analytical capabilities above and beyond that of traditional equivalent 

SDOF models, they still lack the level of resolution afforded by sophisticated 3-D 

finite element simulations. 

The difference in solution resolution between MDOF frame models and 3-

D finite element models can be qualitatively realized in viewing Figure 2.44. 

Figure 2.44a is an illustration of the Magallanes et al. (2012) advanced MDOF 

frame model for blast-loaded RC building columns. Figure 2.44b compares the  

 

(a)    (b) 

Figure 2.44  Illustration of MDOF Analysis Approaches: (a) Advanced Single-
Component Frame Analysis [Magallanes et al., 2010], (b) 3-D Finite Element 

Simulation [Williams, 2009] 
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response prediction of a blast-loaded RC bridge column using a high-fidelity 

finite element model with that observed during the actual blast test (Williams, 

2009). The contours shown in the finite element model represent a scaled damage 

parameter from the concrete constitutive model. Red contours indicate fully 

damaged concrete, and blue contours represent undamaged concrete. Unlike 

MDOF frame models, sophisticated 3-D finite element models discretize the 

entire geometry of the structural component. Such a computational domain 

allows for stress and strain histories to be tracked at essentially any material 

point within the structural component. This level of resolution captures 3-D 

aspects of component response, and it permits a detailed representation of 

damage evolution. Early time body wave transits within the computational 

domain can lead to localized material failure (i.e., spall and/or breach damage), 

and the effects of early-time material damage on global component response can 

be determined. Unlike MDOF frame models where plastic hinging is typically 

lumped at a single nodal location, the spread of plasticity and consequent onset 

of finite length plastic hinges is well accommodated by high-fidelity finite 

element models. In addition to increased resolution from a behavioral point of 

view, 3-D finite element models offer greater flexibility in blast load definition. 

Traditional finite element simulations of structural members typically 

consist of a purely Lagrangian mesh—material points are tied to and move with 

the computational domain—wherein pre-defined load histories are employed. 

The load histories can be developed by any of the load characterization 

techniques described in Section 2.5. Such an analysis approach is termed 

uncoupled because the interaction between the blast load and structural 

component is neglected. The most rigorous and complex approach to simulating 
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the response of blast-loaded structural components is to conduct a fully coupled 

analysis. A coupled analysis involves the simulation of both the impinging shock 

wave and structural component. A purely Eulerian mesh—material points 

convect through a fixed computational domain—can be implemented for such an 

analysis, where the explosive material, air, and structural component are all 

modeled as “fluids.” This approach, however, is only useful when considering 

extreme loading scenarios involving contact or near-contact detonations. Under 

these loading conditions, component response can be viewed as hydrodynamic 

in nature, where inertia initially governs the process and material strength is a 

second-order effect (Zukas, 2004). In general, including fluid flow (i.e., shock 

wave propagation) and solid mechanics (i.e., structural response) in a single 

computational model is challenging. Lagrangian meshes are not well suited for 

the large deformations associated with fluid flow. Because material points are 

tied to a Lagrangian computational domain, the finite elements are likely to 

become severely distorted, causing deterioration of the solution accuracy—

especially for high-order element formulations. When a finite element becomes 

severely distorted, the Jacobian determinants may become negative at 

quadrature points, aborting the calculations or causing severe local inaccuracies 

(Belytschko, 2000). Element distortion can be ameliorated by manually or 

adaptively remeshing during the analysis. However, this remedy in and of itself 

is complicated and can introduce numerical errors due to projections. Purely 

Eulerian meshes do not suffer from element distortion; though, the treatment of 

state equations and updates is complicated and computationally expensive due 

to the convection of material (i.e., “fluid”) through the fixed computational 

domain. Moreover, the treatment of moving boundaries and interfaces is difficult 
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with Eulerian meshes. Given these challenges, researchers have begun to employ 

a hybrid approach that makes use of desirable features from both Lagrangian 

and Eulerian mesh descriptions. This hybrid approach is commonly referred to 

as the Arbitrary Lagrangian-Eulerian (ALE) mesh description (refer to Section 

2.5.4 for more on ALE mesh descriptions). 

Knight et al. (2004) used LS-DYNA (LSTC, 2012) and AUTODYN (ANSYS, 

Inc., 2009) to investigate shock wave clearing effects around structures. In 

embedding the Lagrangian structure in the Eulerian air mesh, two actions were 

taken: a penalty-based coupling definition was used to ensure proper fluid-

structure interaction, and the coincident air (the air that occupied the same space 

as the embedded structure) was evacuated using a volume fraction definition. 

The Lagrangian mesh orientation relative to the Eulerian air mesh was found to 

largely influence the fluid-structure interaction behavior. Advection calculations 

at an irregular interface proved inferior to those where the Lagrangian and 

Eulerian meshes were aligned (Knight et al., 2004). In addition, they observed 

that the amount of “numerical leakage” occurring at the fluid-structure interface 

was highly dependent on the treatment of the coupling penalty factor as well as 

the fill material used to replace the evacuated air. Implementing a penalty factor 

function based on the reflected penalty pressure and replacing the evacuated air 

material with a vacuum fill were found to maximize the fidelity of the fluid-

structure interaction behavior.  

Researchers at the City University of New York performed a fully coupled 

analysis of a typical highway bridge subjected to a below-deck detonation 

(Agrawal and Yi, 2009). Figure 2.45 illustrates two modeling approaches 

investigated during Agrawal’s and Yi’s research program. Figure 2.45a shows an 
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ALE simulation that included the actual detonation event as well as a Lagrangian 

mesh of the entire bridge component. While this modeling approach attempts to 

capture all aspects of the problem in one coupled simulation, the required 

amount of computational resources and level of expertise renders such an 

approach prohibitive in many cases. In attempt to reduce the computational 

demand associated with the coupled simulation, Agrawal and Yi directed their 

focus to a single bridge component and employed a truncated air mesh approach 

as shown in Figure 2.45b. Truncating the air mesh drastically reduced the 

number of Eulerian mesh elements needed for the analysis at the expense of not 

explicitly simulating the detonation event. Blast loads are first characterized at 

nodal locations along a boundary of the air mesh using any of the load 

characterization techniques described in Section 2.5. These loads are applied at 

the beginning of the simulation, which, in turn, generates a shock wave in the air 

mesh. The shock wave propagates through the air mesh and eventually impinges 

upon the Lagrangian structure. The truncated air mesh approach, while still  

  

 

                                      (a)                                         (b) 

Figure 2.45  Coupled ALE Simulations of Blast-Loaded Bridge Components [Agrawal 
and Yi, 2009]: (a) Simulating a Detonation Event with the Entire Bridge Structure, (b) 

Implementing a Truncated Air Mesh with a Single RC Bridge Column 
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more computationally demanding than the uncoupled approach, offers the same 

fluid-structure interaction capabilities as a simulation that considers the entire 

detonation event but at a substantial savings in computational cost. Borvik et al. 

(2009) simulated the response of a blast-loaded ISO container using both coupled 

and uncoupled finite element approaches. The results of the study showed that 

the fluid-structure interaction acted to reduce the net blast load, which ultimately 

led to a lessened structural response. It was concluded that conducting an 

uncoupled finite element simulation using blast loads calculated from “rigid” 

reflecting surfaces will most often yield conservative results. 

 3-D finite element simulations offer enhanced solution resolution relative 

to equivalent SDOF models and MDOF frame analyses; however, this benefit 

comes at the expense of increased complexity and resource demand. 

Constructing an appropriate finite element mesh requires an experienced 

analyst. Mesh shape, directionality, and density can all have a significant 

influence on the fidelity of the computed results. For coupled analyses, 

considerable care must be exercised in defining an appropriate coupling 

algorithm to handle the interaction of the blast load with the structural 

component. With regard to material response, sophisticated constitutive models 

with empirically calibrated parameters are often required. If the material is strain 

rate sensitive, then this must be considered, or the results could be significantly 

in error (Zukas, 2004). From a computational resource point of view, it should be 

noted that standard laptops with factory hardware are generally not capable of 

handling detailed finite element simulations. Parallel processing is commonplace 

with large simulations, and an exceptionally large amount of random access 

memory is often required. Post-processing large finite element simulations can 
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also be challenging. While being able to track stress and strain histories at any 

material point within the computational domain may be a nice feature, it also 

creates an exorbitant amount of output. A large amount of output often requires 

excessive hard drive space. From a design point of view, sophisticated finite 

element analyses can be more of a hindrance than an aid. Design information 

such as section kinetics (forces and moments) and kinematics (displacements and 

rotations) are not standard outputs. Thus, this type of an analysis approach is 

better suited for forensic engineers and researchers than practitioners in design 

offices. Finally, it should be emphasized that 3-D finite element analyses are not 

justified for situations where the load input or explosive charge information is 

not well defined. John Biggs (1964) put it well when he said, “It is a waste of time 

to employ methods having precision much greater than that of the input of the 

analysis.”     

2.7 SUMMARY 

The literature review presented in this chapter provides detailed coverage 

of the physical phenomena associated with blast-loaded structural bridge 

components. The general theme of the chapter focused on the chronology of a 

detonation event, starting from the origin of explosives and ending with 

structural response to blast loads. While the provided information can 

collectively be viewed as a self-contained primer to introductory blast effects and 

protective design, the main intent of this chapter was to develop a strong 

technical foundation from which to build upon the research presented in this 

dissertation. The next two chapters draw extensively from this literature review 
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as component response models are devised for RC bridge columns and RC 

bridge tower panels.  
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CHAPTER 3  

DEVELOPMENT OF REINFORCED CONCRETE 

BRIDGE COLUMN RESPONSE MODEL 

Make everything as simple as possible, but not simpler 

 3 -  Albert Einstein 

 

Columns are particularly important structural components for typical 

highway bridges. Bridge columns transmit gravity loads from the bridge deck to 

the foundation, and they often play an essential role in a bridge’s lateral force 

resisting system. While local damage to the bridge deck and/or supporting 

bridge girders is undesirable, redundancy and ductility will often allow for 

internal forces to redistribute when damage occurs to these components, thus 

allowing an alternate load path to be realized and global stability maintained. 

Conversely, extensive damage to a bridge column carries great potential for local 

or even global collapse. This disparity is clearly illustrated in Figure 3.1, where 

Figure 3.1a shows a post-event photo of a blast-damaged bridge deck and Figure 

3.1b shows a post-event photo of blast-damaged bent columns. Despite the 

massive breach hole sustained by the bridge deck in Figure 3.1a, the bridge did 

not collapse. However, the catastrophic failure of the bent columns in Figure 3.1b 

resulted in partial collapse of both adjacent bridge spans.    
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(a) 

 

 

(b) 

Figure 3.1  Illustration of Blast-Damaged Bridges: (a) Bridge Deck Breach Due to 
Above-Deck Detonation [Kritzberg and Kritzberg, 2003], (b) Catastrophic Failure of 

Bent Columns Due to Below-Deck Detonation [FHWA, 2006] 
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Given the criticality of bridge columns and their high susceptibility to a 

potential terrorist threat, these components have been the focus of blast-related 

experimental research over the last decade. Observations from a number of these 

experimental tests were reviewed in Section 2.6.2 of this dissertation, and it was 

found that blast-loaded reinforced concrete (RC) columns can exhibit unique 

dynamic shear behavior that has not been observed under low-rate dynamic or 

quasi-static loading. The governing mechanics of and dynamic analysis methods 

for flexural behavior of RC columns are well established (Wight and MacGregor, 

2009; Krauthammer, 2008; Tedesco, 1999; Biggs, 1964). Dynamic shear behavior 

under high-rate loading, however, still remains largely uncharacterized. 

Uncertainty exists among the structural engineering community as to why 

dynamic shear behavior tends to only occur under high-rate loading and 

whether it is associated with flexure. Accordingly, this chapter begins with the 

presentation of an extensive computational study aimed to further the 

understanding of early-time shear behavior of blast-loaded RC columns. A 

simplified dynamic response model for blast-loaded RC columns is then 

proposed, which takes into account early-time material damage, dynamic shear 

response, and flexural response in a loosely coupled manner. This chapter ends 

with a model validation discussion followed by concluding remarks. 

3.1  EXAMINATION OF EARLY-TIME SHEAR BEHAVIOR 

In Section 2.6.2 of this dissertation, a unique mode of response involving 

early-time, localized shear deformation was identified for structural components 

subjected to high-rate loading. The shear deformation initiates early in time at 
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discrete slip planes near support locations and is accompanied by little to no 

curvature along the length of the loaded component. In addition, the discrete slip 

planes tend to be oriented parallel to the direction of loading. The temporal 

nature of this response mode (i.e., occurring early in time before appreciable 

curvature is realized), along with the non-diagonal orientation of the discrete slip 

planes, suggest that such behavior is not associated with flexure. It is also unclear 

why such behavior becomes dominant under high-rate loading conditions. As 

evidenced by past experimental research (Fujikura and Bruneau, 2011; 

Williamson et al., 2010; Williams, 2009; Fujikura et al., 2008; Holland, 2008), 

early-time shear behavior can play a major role in the dynamic response of blast-

loaded RC columns. Consequently, it was deemed necessary to first gain a better 

understanding of such behavior before devising a simplified dynamic response 

model. A rigorous examination considering first-principles, modal contribution, 

and frequency domain perspectives is presented in the following sub-sections.  

3.1.1 3-D FINITE ELEMENT SIMULATIONS  

The first part of the computational study involved examination of 

principal stress and maximum shear stress histories at individual material points 

near support locations of a prototype RC column subjected to hypothetical blast 

loads. The geometry, section properties, and material properties, as well as the 

spatial distribution of the hypothetical blast load, are presented in Figure 3.2. A 

12-inch by 12-inch square column section having eight symmetrically placed #8 

longitudinal reinforcing bars and #3 transverse ties spaced at 8 inches on center 

were considered. The prototype column was taken to be 144 inches in height 
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Figure 3.2  Description of Prototype RC Bridge Column 

with perfectly fixed boundary conditions. Assumed material properties included 

4,000-lb/in2 concrete compressive strength, 145-lb/ft3 concrete unit weight, 3,605-

kip/in2 concrete elastic modulus, 60,000-lb/in2 reinforcing bar yield strength, 490-

lb/ft3 reinforcing bar unit weight, and 29,000-kip/in2 reinforcing bar elastic 

modulus. In addition, concrete clear cover was taken to be 1.5 inches around the 

entire perimeter.  

A detailed three-dimensional (3-D) finite element model of the prototype 

column was developed for subsequent nonlinear dynamic analysis in LS-DYNA 

(LSTC, 2012), an illustration of which is provided in Figure 3.3. Concrete was 

modeled with 3-D brick elements having a single, centrally located numerical 

integration point (i.e., LS-DYNA’s default brick element), and steel reinforcing 

bars were modeled with one dimensional (1-D) truss elements. The truss 

elements were defined such that their end points coincided with 3-D brick 

element nodes, thus providing direct connectivity with the concrete brick 

elements. In following the recommendations from Williams’ (2009) 

comprehensive constitutive model study for blast-loaded RC columns, it was 
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Figure 3.3  Illustration of 3-D Finite Element Model for Prototype RC Column 

decided to implement the K&C  Concrete Model (LSTC, 2012; Magallanes et al., 

2010) and Simplified Johnson-Cook Model (LSTC, 2012; Johnson and Cook, 1983) 

for the concrete and steel reinforcing bars, respectively. Based on the strain-rate 

effects discussion provided in Section 2.6.1 of this dissertation, strain-rate-

dependent concrete strength enhancement was only considered for tensile 

strains. The relationship between concrete strength enhancement and strain rate 

was defined per Equation (2-27) and implemented in the K&C Concrete Model. 

Strain-rate effects for the steel reinforcing bars were handled via the bracketed 

logarithmic term of the Johnson-Cook flow stress rule that was previously given 

in Equation (2-25). 
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Two different triangular pressure pulses were considered during the first-

principles examination, and these pulses are given in Figure 3.4. The chief 

objectives in defining the two pressure pulses of Figure 3.4 were to (a) force the 

prototype column to respond in the so-called dynamic regime of response and 

(b) define the pulse durations such that they straddle the column’s fundamental 

natural period of approximately 13.4-msec. In the context of flexural response, it 

is well known from structural dynamics that a distinct relationship exists 

between the natural period of a structural element and the duration of a pulse-

like forcing function (Clough and Penzien, 1993; Tedesco, 1999; Biggs, 1964). In 

the blast community, this relationship is often interpreted as three distinct 

structural response regimes: impulsive, dynamic, and quasi-static 

(Krauthammer, 2008; U.S. Department of Defense, 2008; Baker et al., 1983). In the 

impulsive regime of response, the ratio of pulse duration to natural period is 

small, which typically gives rise to a scenario wherein the load is applied and 

removed before the structural component exhibits any appreciable deformation. 

Impulsive loads can be treated as an initial velocity condition, which, through 

the principle of linear momentum, can be directly related to applied impulse. The 

flexural response of a structural component subjected to an impulsive load is 

largely driven by applied impulse and is essentially independent of peak 

pressure or pulse shape. In the quasi-static regime of response, the ratio of pulse 

duration to natural period is relatively large, which often gives rise to a scenario 

wherein the applied load exhibits minimum decay prior to the time at which the 

loaded structural component attains its peak flexural displacement. Peak 

pressure and structural stiffness drive quasi-static response, and pulse shape has 

minimal to no influence. The dynamic regime of response, often referred to as  
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Figure 3.4  Pressure Pulse Definitions for 3-D Finite Element Analysis 

the transition region, represents scenarios wherein the pulse duration and 

natural period are of similar magnitude. Structural response in the dynamic 

regime is relatively complex and can be influenced by peak pressure, applied 

impulse, and pulse shape.  

Figure 3.5 shows the location of the Case A and Case B pressure pulses on 

an elastic shock spectrum for a right triangular pressure pulse. It can be seen that 

both pressure pulses fall within the dynamic response regime. It should also be 

noted that the Case A pulse duration is approximately six times longer than the 

prototype column’s fundamental natural period, and the Case B pulse duration 

is approximately 20 percent of the column’s fundamental natural period. Finally, 

the applied impulse for both pressure pulses was held constant at 4,200 psi-msec, 

leaving peak pressure and pulse duration the only two load variables. Nonlinear 

dynamic analyses were carried out in LS-DYNA (LSTC, 2012) for the Case A and 

Case B pressure pulses. Damage contour plots at incipient failure are given in 

Figure 3.6. The plot colors in Figure 3.6 graphically depict the K&C Concrete 

Model’s damage index. A damage index of one corresponds to the concrete  
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Figure 3.5  Elastic Shock Spectrum for a Right Triangular Pressure Pulse 

 

Figure 3.6  Damage Contour Plots at Incipient Failure for Case A and Case B Finite 
Element Simulations 



 
180

material encroaching on a plasticity yield surface, and a damage index of two 

corresponds to completely damaged material. Blue contours represent damage 

indices ranging from zero to one, and a linear blue-to-red color gradient spans 

damage indices ranging from one to two (i.e., red contours correspond to 

completely damaged material). For completeness, major damage observations 

are also explicitly called out with arrows and text in Figure 3.6. 

In reviewing Figure 3.6, it is clear that the two different pressure pulses 

promoted significantly different modes of structural response. The Case A 

simulation involved typical flexural response, which is evidenced by the mid-

span flexural cracks and concrete compression damage accompanied by diagonal  

shear cracks near the supports. The Case A simulation ultimately resulted in a 

flexural shear failure accompanied by significant curvature along the length of 

the RC column. Failure initiated at an approximate post-detonation time of 10-

msec. In the context of this dissertation, the term flexural shear failure—often 

referred to as beam shear failure or diagonal tension failure—represents the 

traditional mode of shear failure exhibited by flexural members loaded statically. 

Flexural shear failure involves shear forces derived from the change in moment 

along the length of a flexural member, and it is typically associated with inclined 

concrete cracks due to dominating principal tensile stresses (Wight and 

MacGregor, 2009). The term flexural shear failure is introduced herein to 

differentiate flexurally induced shear failure from early-time direct shear failure.  

The Case B simulation resulted in a noticeably different structural 

response mode and subsequent component failure. In Figure 3.6, the Case B 

contour plot reveals highly localized material damage near the supports and 

little to no curvature along the length of the RC column. Back-face spall damage 
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was observed due to exceedingly high early-time tensile stresses derived from 

back-face shock wave reflections. In addition, horizontally oriented (i.e., parallel 

to shock propagation direction), discrete slip planes formed near the RC column 

supports. Ultimately, a direct shear failure was observed at an approximate post-

detonation time of 0.57-msec. In addition to reviewing the contour plots of 

Figure 3.6, critical stress histories were examined for both simulations. 

Figure 3.7 presents a plot of principal tensile stress and maximum shear 

stress histories for the Case A and Case B simulations. The stress histories were 

recorded near the RC column’s bottom support and in the center of the cross 

section. As mentioned previously, the Case A simulation showed flexure-

dominated component response that ultimately led to significant diagonal 

cracking and flexural shear failure. Diagonal cracking associated with a flexural  

 

Figure 3.7  Stress Component Histories for Case A and Case B Finite Element 
Simulations 
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shear failure can be attributed to inclined principal tensile stresses; thus, 

principal tensile stress was expected to dominate during the Case A simulation. 

Conversely, it was expected that the horizontally oriented discrete slip planes 

observed during the Case B simulation were driven by direct shear stress.  

Another task associated with this computational study was to investigate 

whether elastic dynamic analysis results and design-level capacity prediction 

equations would yield the same conclusion as that from the nonlinear dynamic 

analysis with respect to governing component failure mode. As was discussed in 

Section 2.6.2 of this dissertation, this approach was implemented by Ross (1983) 

with much success during his computational study of direct shear behavior for 

impulsively loaded RC beams. To evaluate this analysis approach for the 

application of blast-loaded RC columns, the Case A and Case B blast load 

simulations were conducted a second time using elastic material properties for 

the concrete and steel reinforcement. Support moment and shear histories were 

recorded during each analysis, after which they were normalized by their 

respective design-level capacity. In calculating design-level capacities, strain-rate 

effects were considered by applying dynamic increase factors from Table 2.6a to 

the nominal material properties defined in Figure 3.2. The column’s nominal 

moment capacity was calculated using the Response-2000 section analysis 

program (Bentz, 2001), and the column’s nominal direct shear capacity was 

calculated per Equation (3-1) as provided by Murtha and Holland (1982). 

  

 Vds = 8 fcd
ʹ + 0.80ρvt fyd bd  ≤  0.35 fcd

ʹ bd (3-1)

where  fcd
ʹ  = dynamic unconfined compressive strength of concrete [psi] 
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  fyd = dynamic yield strength of long. steel reinforcement [psi] 

  ρvt = long. steel reinforcement ratio 

  b = width of RC column section [in.] 

  d = effective depth of RC column section [in.] 

Normalized support stress resultant histories from the Case A and Case B 

elastic analyses are shown in Figure 3.8. The solid and dashed curves represent 

normalized support moment and shear, respectively. A normalized support 

action greater than unity corresponds to support demand in excess of the 

column’s design-level capacity. In reviewing Figure 3.8, it can be seen that the 

results agree well with those observed during the nonlinear dynamic analyses. In 

particular, for the Case A simulation, the support moment was found to reach 

the column’s nominal moment capacity at a normalized support shear of roughly 

18 percent. This result suggests flexure-dominated response, and it agrees with  

 

Figure 3.8  Normalized Support Action Histories from Elastic Dynamic Analyses 
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the Case A fringe plot of Figure 3.6. For the Case B simulation, the support shear 

was found to reach the column’s nominal direct shear capacity at a normalized 

support moment of approximately 10 percent. This result suggests early-time 

shear dominance and direct shear failure, and it agrees with the Case B fringe 

plot of Figure 3.6. Another important observation from Figure 3.6 is that, while 

ultimately dominated by flexure, early-time shear dominance also took place 

during the Case A simulation. This finding suggests that blast-loaded RC 

columns always experience some degree of early-time shear dominance prior to 

the onset of flexural response. 

Given the success of the elastic dynamic analyses in predicting the 

governing mode of component response, this approach was utilized to conduct a 

parametric study to further explore the influence of various blast pulse 

parameters on RC column response. Twelve simulations were carried out 

considering a right triangular blast pulse. Load duration, peak pressure, and 

specific impulse were investigated. Figure 3.9 represents the twelve simulation 

cases on an elastic shock spectrum. This figure clearly illustrates that the 

parametric study comprised blast pulses in all three response regimes. 

Normalized support moment and shear histories were recorded during each 

simulation, and the time at which each normalized support action reached unity 

was recorded.  

 Tabulated results from the parametric study are provided in Table 3.1. 

Component failure was predicted for all simulations except for Cases 9 and 10. In 

addition, a graphical representation of the results is provided in Figure 3.10. 

Figure 3.10a represents the subset of simulations that held specific impulse 

constant at 1,000 psi-msec while peak pressure was varied. It is clear from  
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Figure 3.9  Shock Spectrum Plot and Response Regime Determination for Direct 
Shear Parametric Study 

Table 3.1  Tabular Results of Direct Shear Parametric Study 

Case 
Peak 

Pressure 
Specific 
Impulse td1 tflex2 tds3 Response 

Regime 
Failure 
Mode 

(psi) (psi-msec) (msec) (msec) (msec) 
1 9,091 1,000 0.22 0.13 0.067 Impulsive Direct Shear 
2 18,182 1,000 0.11 0.12 0.052 Impulsive Direct Shear 
3 3,500 385 0.22 0.15 0.094 Impulsive Direct Shear 
4 3,500 192.5 0.11 0.15 0.106 Impulsive Direct Shear 
5 250 1,000 8.0 0.29 2.21 Dynamic Flexure 
6 500 1,000 4.0 0.23 0.54 Dynamic Flexure 
7 3,500 14,000 8.0 0.15 0.090 Dynamic Direct Shear 
8 3,500 7,000 4.0 0.15 0.090 Dynamic Direct Shear 
9 2.5 1,000 800 - - Quasi-Static None 

10 5 1,000 400 - - Quasi-Static None 
11 3,500 1,400,000 800 0.15 0.090 Quasi-Static Direct Shear 
12 3,500 700,000 400 0.15 0.090 Quasi-Static Direct Shear 

1  Right triangular pulse duration 
2  Time at which normalized support moment reached unity 
3  Time at which normalized support shear reached unity 
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(a) 

 

(b) 

Figure 3.10  Graphical Results of Direct Shear Parametric Study: (a) Constant Specific 
Impulse Comparison, (b) Constant Peak Pressure Comparison 
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Figure 3.10a that peak pressure had a large influence on the dominant mode of 

component response. For relatively low peak pressures in the quasi-static 

response regime, the RC column suffered no component failure. As peak 

pressure was increased, the dominant mode of component response was found 

to transition from flexure to direct shear. Recent experimental findings during 

live blast testing of precast panel specimens revealed a similar trend of 

increasing early-time shear response driven by peak pressure (Oswald, 2014). For 

a number of the experimental tests involving relatively large peak blast 

pressures, Oswald observed premature connection failure accompanied by less 

overall component damage than was initially anticipated. This was an important 

experimental finding because it showed that connection design based on the 

equivalent static flexural capacity of a connected member—currently the state-of- 

the-practice approach for connection design (U.S. Department of Defense, 

2008)—can be unconservative in certain situations. This finding also further 

supports the hypothesis that early-time direct shear behavior is not associated 

with flexure.    

Figure 3.10b represents the subset of simulations that held peak pressure 

constant at 3,500-psi while varying specific impulse. Unlike peak pressure, 

specific impulse was found to have a negligible influence on the governing mode 

of component response. As can be seen from Figure 3.10b, specific impulse was 

varied over four orders of magnitude, and early-time direct shear failure was 

predicted for all considered simulation cases. This observation is particularly 

noteworthy because the range of considered specific impulses comprised all  

response regimes from impulsive to quasi-static. Recalling that (a) the concept of 

an elastic shock spectrum is by definition based on flexural behavior and (b) 
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peak response is expected to vary across the different response regimes (see 

Figure 3.5), this finding also supports the hypothesis that early-time direct shear 

behavior is not associated with flexure. 

3.1.2 MODAL ANALYSIS 

In Section 3.1.1 of this dissertation, direct shear behavior was explored 

from a first-principles perspective. A number of observations were made that 

further support the hypothesis that direct shear behavior is not directly 

associated with flexure. It was also shown that elastic dynamic analysis and 

design-level capacity prediction equations can be used to provide an accurate 

assessment of dominant component response for blast-loaded RC columns. The 

second phase of the direct shear computational study presented in this section 

utilized the elastic dynamic analysis approach from a modal perspective to study 

the influence of individual vibrational modes on early-time direct shear 

behavior. The modal analysis began with the derivation of a multi-degree-of-

freedom (MDOF) RC column model comprised of 2-D frame elements that 

accounted for both flexural and shear deformations. 

The 2-D frame element of length L had a constant modulus of elasticity, E, 

moment of inertia, I, and modulus of rigidity, G. Figure 3.11 depicts the 2-D 

frame element’s degrees of freedom, where transverse displacement and in-plane 

rotation were considered at ends a and b. In deriving the element stiffness matrix 

for the 2-D frame element, it was desired to represent the exact nodal solution 

form of an elastic Timoshenko (1921) beam element having constant material 

properties. As was lucidly presented by Zienkiewicz and Taylor (2005), this can  
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Figure 3.11  Definition of Constant Section Properties and Degrees of Freedom for 2-
D Frame Element 

be accomplished directly using a functional approach and the cubic Hermite 

displacement interpolation functions (Hughes, 2000) provided in Equation (3-2) 

for va, θa, vb, θb, respectively.  

 

 

 N(x)  =

1 - 
3
L2 x2 + 

2
L3 x3

x -
2
L x2 + 

1
L2 x3

3
L2 x2 - 

2
L3 x3

-
1
L x2 + 

1
L2 x3

 (3-2)

Alternatively, a flexibility-to-stiffness approach can be employed to derive 

the exact same solution. The latter approach was implemented during this 

research primarily due to its relative simplicity and transparent nature. In 

particular, the element flexibility matrix was first derived using the Principle of 

Virtual Forces (McGuire et al., 2000), after which a flexibility-to-stiffness 

transformation was carried out to ultimately yield the element stiffness matrix. In 

considering the complementary internal virtual work due to shear deformations, 

an equivalent shear area, Av, was assumed such that the product of this area and 
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the neutral axis shear stress gave the total shear force on the cross section (i.e., 

“uniform” shear stress). For the square cross section shown in Figure 3.2, the 

equivalent shear area, Av, was taken as five-sixths (5/6) of the gross cross-

sectional area (Timoshenko, 1955).  

 The process of deriving the element stiffness matrix began by defining a 

statically determinate configuration of the 2-D frame element and formulating 

physically admissible force shape functions. The cantilevered element shown in 

Figure 3.12 was used for this purpose, where the degrees of freedom at end a  

    

 

Figure 3.12  Statically Determinate Configuration and Associated Unit Shear and 
Moment Diagrams for 2-D Frame Element 
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where taken to be fully fixed. The unit shear and moment diagrams of Figure 

3.12 where then used to derive force shape functions. Equations (3-3) and (3-4) 

represent the shear and moment shape functions, respectively. In following the 

Principle of Virtual Forces, an expression for the complementary internal virtual 

work was constructed, which ultimately led to the flexibility matrix provided in 

Equation (3-5) for end b actions Vb and Mb. It should be noted that the flexibility 

matrix of Equation (3-5) includes both flexural and shear effects. 

 

 Qv(x) = -1  (3-3)

 
Qf(x) = L - x

1  (3-4)

F2D = 1
EI Qf  Qf

T
dx + 

1
GAv

Qv  Qv
Tdx = 

L3

3EI +
L

GAv

L2

2EI
L2

2EI
L
EI

L

0

L

0

 (3-5)

where  F2D = 2-D frame element flexibility matrix 

The last step in deriving the 2-D frame element stiffness matrix was to 

employ a flexibility-to-stiffness transformation strategy (McGuire et al., 2000) 

that utilized the previously derived 2-D frame element flexibility matrix and an 

equilibrium matrix, Φ. The equilibrium matrix derives from static equilibrium 

relationships, and it simply represents the coefficient matrix when the system of 

force/moment equilibrium equations is expressed in matrix form. The resulting 

stiffness matrix, which accounts for both flexural and shear deformations, is 

presented in Equation (3-6). This is the exact same stiffness matrix presented by 

Zienkiewicz and Taylor (2005), and thus is consistent with the displacement 
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interpolation functions previously presented in Equation (3-2).  

 

K2D =
F2D

-1 F2D
-1 ΦT

ΦF2D
-1 ΦF2D

-1 ΦT
 = 

EI

L L2

12  + ξ

1 -
L
2 -1 -

L
2

L2

3  + ξ
L
2

L2

6  - ξ⋮ 1
L
2

Sym. …
L2

3  + ξ

 (3-6)

where  ξ = (EI) / (GAv)  

  Φ = equilibrium matrix = 
-1 0

-2L -1
 

  K2D = 2-D frame element stiffness matrix 

The last two components of the 2-D frame element to be derived were the 

mass matrix and force vector. In addition to shear deformations, rotary inertia 

has been shown to play a significant role in the dynamic response of flexural 

members (Graff, 1975; Timoshenko, 1921)—especially for high-frequency motion. 

As such, a consistent mass matrix (Paz and Leigh, 2004; Clough and Penzien, 

1993) was constructed based on the Hermitian polynomials of Equation (3-2). 

The calculation for the 2-D frame element consistent mass matrix is given in 

Equation (3-7). Similarly, because blast pressure acts between nodal locations on 

the 2-D frame elements, a consistent force vector was implemented by converting 

the distributed blast pressure to “work equivalent” joint forces (McGuire et al., 

2000) using the Hermitian polynomials of Equation (3-2). The calculation for the 

2-D frame element consistent force vector is given in Equation (3-8). 
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                       M2D = m N(x) N(x) Tdx
L

0

 

(3-7)

                    = mL

0.371 0.0524L 0.129 -0.031L

0.00952L2 0.031L -0.00714L2⋮ 0.371 -0.0524L

Sym. ⋯ 0.00952L2

 

where  m = 2-D frame element mass per unit length 

  M2D = 2-D frame element consistent mass matrix 

 

                        F2D(t) = w(t) N(x)  dx = w(t)L

0.50

0.0833L

0.5

-0.0833L

L

0

 (3-8)

where  w(t) = 2-D frame element load per unit length 

  F2D( ) = 2-D frame element work-equivalent force vector 

  t = time  

Once the 2-D frame element formulation was defined, an MDOF frame 

model of the prototype RC column was constructed utilizing 300 degrees of 

freedom. The dynamic characteristics (i.e., natural frequencies and vibrational 

mode shapes) of the RC column model were then determined by finding the non-

trivial solution to the eigenvalue problem presented in Equation (3-9).  

 

 KMDOF - ωn
2 MMDOF  φn = 0  (3-9)

where  KMDOF = global stiffness matrix for RC column 
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  MMDOF = global mass matrix for RC column 

  ωn = nth natural circular frequency of RC column 

  φn = nth vibrational mode shape of RC column 

The resulting natural frequencies and vibrational mode shapes were 

subsequently compared with those determined from the 3-D finite element 

model previously described in Section 3.1.1 of this dissertation. A comparison of 

the first two vibrational modes is presented in Figure 3.13. Overall, the MDOF 

frame model results agreed reasonably well with those from the 3-D finite 

element model. The good agreement between modeling strategies indicated well 

formulated MDOF mass and stiffness matrices. 

Once the dynamic characteristics of the MDOF RC column model were 

determined, modal analyses were carried out for the Case A and Case B load 

 

 

Figure 3.13 (a) 
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(b) 

Figure 3.13  Comparison of Calculated RC Column Dynamic Characteristics: (a) First 
Mode Comparison, (b) Second Mode Comparison 

pulses of Figure 3.4. In conducting a modal analysis, the coupled system of 

equations governing the dynamic response of the RC column were transformed 

to a set of uncoupled equations with modal coordinates, qn, as the unknowns. As 

shown in Equation (3-10), each uncoupled equation represented a generalized  

  

 Mn
* d2qn(t)

dt2 + Kn
* qn(t) = Fn

* (t) (3-10)

 u(t) = φn qn(t)
300

n = 1

 (3-11)

where  Mn
*  = φn

T MMDOF φn = nth mode generalized mass 
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  Kn
*  = φn

T KMDOF φn = nth mode generalized stiffness 

  Fn
* (t) = φn

T FMDOF(t) = nth mode generalized force 

  FMDOF(t) = global force vector for RC column 

  qn(t) = nth mode generalized displacement 

  u(t) = total displacement of RC column 

SDOF system. The Newmark-Beta numerical integration procedure (Chopra, 

2007) was employed to solve each generalized SDOF equation, after which the 

total system response was determined via modal superposition as shown in 

Equation (3-11). Figure 3.14 compares 2-D frame model and 3-D finite element 

model total response at an instant in time for both the Case A and Case B 

simulations. Both comparisons show good agreement with respect to response 

shape and response magnitude, thus further validating the MDOF frame model. 

 

 

Figure 3.14 (a) 
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(b)  

Figure 3.14  Total Response Comparison between MDOF Frame Model and 3-D 
Elastic Finite Element Model: (a) Case A Simulation, (b) Case B Simulation 

During the dynamic analysis of each generalized SDOF system, 

normalized support shear and moment histories were recorded. These modal 

support action histories were subsequently post-processed to study the influence 

of high-frequency vibrational mode shapes on component response. Figure 3.15 

shows normalized support action histories considering modal contributions from 

the first 5, 10, 15, and 50 vibrational mode shapes for the Case A simulation. In 

reviewing Figure 3.15, it can be seen that higher modes of vibration had a 

negligible effect on the RC column support actions and governing mode of 

component failure. Early in time at approximately 0.10-msec, it can be noticed  
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Figure 3.15  Modal Contributions to Normalized Support Action Histories for Case A 
Simulation 

that the normalized shear curve temporarily exceeded the normalized moment 

curve when including 50 vibrational mode shapes. However, the early-time 

shear dominance was not sustained long enough to precipitate direct shear 

failure. This finding is consistent with the flexurally dominated response 

depicted in Figure 3.6 for the Case A load pulse, and it highlights the fact that 

flexural response is primarily driven by the first few modes of vibration. 
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  Figure 3.16 shows normalized support action histories considering modal 

contributions from the first 5, 10, 15, and 50 vibrational mode shapes for the Case 

B simulation. Contrary to what was observed in Figure 3.15 for the Case A 

simulation, it can be seen from Figure 3.16 that higher modes of vibration had a 

marked effect on the RC column support actions and governing mode of 

component response during the Case B simulation. In only considering the first 

10 modes of vibration, a flexural failure was predicted. However, in considering 

  

 

Figure 3.16  Modal Contributions to Normalized Support Action Histories for Case B 
Simulation 
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the first 50 modes of vibration, the dominant mode of RC column response 

transitioned from flexure to direct shear. As is depicted in Figure 3.6 for the Case 

B simulation, direct shear behavior was found to be the governing mode of RC 

column response during the initial first-principles study. Interestingly, the 

transition in governing response mode from flexure to direct shear in Figure 3.16 

takes place within the first 0.20-msec of response—around the same time that 

temporary shear dominance was observed in Figure 3.15 for the Case A 

simulation.  

The modal analysis results were also examined via the 3-D deaggregation 

plots of Figure 3.17. These contour plots illustrate normalized support action 

histories as a function of vibrational mode number. Figure 3.17a shows 

normalized support shear and moment contours for the Case A load pulse, and 

Figure 3.17b shows normalized support shear and moment contours for the Case 

B load pulse. In comparing the shear and moment plots for both the Case A and 

Case B load pulses, it is clear that high-frequency components (i.e., higher mode 

numbers) have a greater impact on support shear than support moment. In all 

four plots of Figure 3.17, the first few modes of vibration afford the greatest 

overall contribution to total support shear and moment. This observation is to be 

expected because the first few modes of vibration are associated with the greatest 

modal mass participation factors relative to the other modes of vibration—a 

result of the eigenvalue problem and completely independent of the forcing 

function. 
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(a) 

 

(b) 

   Figure 3.17  Deaggregation Contours of Normalized Support Shear and Moment 
Histories: (a) Case A Simulation, (b) Case B Simulation 

Another important characteristic of the contours shown in Figure 3.17 is 

the temporal nature of the various modal responses. The first mode of vibration, 

which ultimately contributes the greatest to the overall support actions and 

which is typically associated with flexure, takes a relatively long time to become 

fully engaged. In looking at the normalized support shear contours for both the 
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Case A and Case B simulations, the first mode of vibration contributes very little 

to the overall support action early in time before approximately 1-msec. 

Recalling that the Case B direct shear failure was found to occur at 

approximately 0.10-msec, the first mode of vibration likely had little to no 

influence on the direct shear response. Conversely, for the Case A simulation 

that resulted in a flexural failure around 2.5-msec, it can be seen from Figure 

3.17a that the first mode of vibration likely dominated this response. In general, 

the time at which a particular modal response is fully engaged decreases with 

increasing mode number. This is directly related to the fact that the natural 

period of vibration decreases with increasing mode number. However, as can be 

seen from Figure 3.17, the peak magnitude of modal response tends to decrease 

with increasing mode number. This observation is related to the decreasing trend 

of modal mass participation with increasing mode number, and it also suggests a 

decrease in energy content with increasing natural frequency of vibration—a 

characteristic that is dependent on the particular frequency-domain signature of 

the forcing function. Finally, in comparing peak modal support action 

magnitudes for the Case A and Case B simulations, it is clear that the Case B load 

pulse excited all studied modes of vibration substantially more than the Case A 

load pulse. 

A chief objective of the research described in this dissertation was to 

develop a simplified component response model for blast-loaded RC bridge 

columns. Many cases are appropriately idealized assuming propped cantilever 

boundary conditions (Williamson et al., 2010), and a triangular load distribution 

along the height of a column is more realistic of a close-in bulk explosive 

detonation than a uniform distribution. As such, it was deemed necessary to also 
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carry out a modal analysis for the prototype column configuration and load 

distribution shown in Figure 3.18. The modified prototype column was subjected 

to the Case B load pulse. Normalized support action histories considering the 

first 50 modes of vibration, along with a displacement profile at the approximate 

time of failure, are shown in Figure 3.19. Results of the modal analysis were 

found to correlate well with those from the original Case B simulation. 

Specifically, early-time shear dominance and associated direct shear failure was 

observed. Also, similarly to Figure 3.14b for the original Case B simulation, the 

displacement profile at the time of failure was found to be nearly linear. 

  

 

Figure 3.18  Prototype RC Column with Propped Cantilever Boundary Conditions and 
Triangular Blast Load Distribution 



 
204

 

Figure 3.19  Modal Analysis Results for Propped Cantilever RC Column Subjected to 
Case B Load Pulse 

Based on the modal analysis results, it was concluded that early-time 

shear dominance and associated direct shear failure is most likely a high-

frequency, multi-modal phenomenon. Unlike flexural behavior that is primarily 

governed by the first mode of vibration, it is the aggregate contribution of many 

high-frequency vibrational modes that governs early-time shear dominance and 

associated direct shear behavior. Given that the dynamic characteristics of the 

prototype RC column remained constant for the Case A and Case B simulations, 

it was still unclear at this point why the higher modes of vibration were excited 

more during the Case B simulation than during the Case A simulation. To better 

understand this observation, a frequency domain analysis was carried out for the 

Case A and Case B load pulse. 
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3.1.3 FREQUENCY DOMAIN ANALYSIS 

Time-domain functions can be approximated by a series of sinusoidal 

terms using the Fourier transform technique (Thomson and Dahleh, 1993). This 

technique is routinely employed in earthquake engineering applications to 

determine dominant frequencies of specific ground motion histories. Once the 

dominant frequencies of a particular ground motion have been determined, the 

structure being subjected to the ground motion can be “tuned” such that its 

fundamental natural frequency does not align with the dominant frequencies of 

the ground motion. Doing so ensures a structure does not exhibit resonant first-

mode behavior when subjected to the considered ground motion. In practice, 

seismic analysis and design of a structure is more complicated than merely 

tuning the structure’s fundamental natural frequency. Nonetheless, it is a useful 

and fundamental concept in the dynamic response of structures.  

The trigonometric form of the Fourier series transform is given in 

Equation (3-12). The quality of the time-domain approximation increases with 

increasing number of sinusoidal terms included in the Fourier series expansion. 

Plotting Fourier amplitude, cn, versus circular frequency, ωn, results in the so-

called Fourier amplitude plot. This is a useful plot in that it provides an 

indication of the time-domain function’s energy content as a function of circular 

frequency. The dominant circular frequencies (i.e., the circular frequencies that 

contribute most to the time-domain approximation) are those that are associated 

with the largest Fourier amplitudes. Fourier amplitude curves were generated 

for the Case A and Case B load pulses to compare their frequency-domain 

characteristics. Because the Fourier series expansion was originally derived for  
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 x(t) = ao + ancos(ωnt) + bnsin(ωnt)∞

n = 1

= co + cnsin ωnt + φn

∞

n = 1

 

(3-12)
                                                ao = co =

1
Tf

x(t)Tf

0
dt 

an = 
2
Tf

x(t) cos(ωnt) dt
Tf

0
 

bn = 
2
Tf

x(t) sin(ωnt) dt
Tf

0
 

where  Tf = period of time-domain function 

  ωn = 2πn Tf⁄  

  cn = an
2 + bn

2 = nth Fourier amplitude 

  φn=  tan-1(an  bn⁄ ) = nth Fourier phase angle 

  x(t) = original time-domain function 

  x(t) = Fourier series representation of original function 

  t = time 

periodic functions, both load pulses were sufficiently zero-padded (Thomson 

and Dahleh, 1993) to ensure correct frequency-domain transforms. 

Normalized Fourier amplitude plots are shown in Figure 3.20, where the 

actual Fourier amplitudes are normalized by the absolute maximum Fourier 

amplitude for each plot. This normalization scheme effectively removed the 

influence of peak pressure from the resulting Fourier amplitude plots, thus 

allowing for the influence of pulse duration to be clearly examined. The 

relatively long-duration Case A load pulse was found to decay much earlier 

along the frequency spectrum than the relatively short-duration Case B load 

pulse. This finding agrees with theory in that at the limit of a unit impulse, often  
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Figure 3.20  Normalized Fourier Amplitude Curves for Case A and Case B Load Pulses 

referred to as a Dirac delta function, the Fourier amplitude curve approaches a 

horizontal line. Thus, as the time-domain pulse becomes more impulsive, the 

energy content associated with the pulse is spread across a wider frequency band 

and thus engages more high-frequency modes of vibration. This finding is also 

consistent with the increased contribution of high-frequency vibrational modes 

to early-time RC column response that was observed during the Case B modal 

analysis. True Fourier amplitude plots for the Case A and Case B load pulses are 

shown in Figure 3.21. These plots clearly indicate a significant influence of peak 

pressure on overall energy content of the time-domain pulse. Increasing peak 

pressure effectively shifts all ordinates of the Fourier amplitude plot upwards, 

resulting in increased energy content across the entire frequency spectrum.  
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Figure 3.21  Fourier Amplitude Curves for Case A and Case B Load Pulses 

3.1.4 SUMMARY 

Early-time shear behavior of blast-loaded RC columns was examined from 

first-principles, modal response, and frequency domain perspectives. A 

prototype RC column component was defined for the study, and right-triangular 

blast pulses applied uniformly along the column height were considered for 

representative blast loads. The first-principles study revealed a fundamental 

difference in the dominant stress component near an RC column support for 

flexural and direct shear modes of response. The principal tensile stress was 

found to dominate the flexurally responding column, and this finding was 

consistent with the diagonal shear failure exhibited during the Case A finite 
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element analyses. The absolute maximum shear stress component was found to 

dominate the direct-shear responding column, and this finding was consistent 

with the discrete, horizontal slip planes that formed early in time during the 

Case B finite element analyses. This computational study also validated an elastic 

dynamic analysis methodology for determining the controlling response mode of 

blast-loaded RC columns. Finally, results of a parametric study using the 

validated elastic dynamic analysis approach showed that direct shear behavior 

was largely influenced by peak blast pulse pressure and essentially independent 

from applied specific impulse. 

During the modal analysis study, an MDOF frame model of the prototype 

RC column component was constructed based on a 2-D beam element 

formulation that considered both shear deformations and rotary inertia. The 

MDOF frame model was validated against the 3-D finite element model from the 

first-principles study, and modal analyses were carried out for the Case A and 

Case B load pulses. Results from the modal analyses showed that early-time 

shear dominance and associated direct shear failure was likely due to the 

aggregate contribution of high-frequency modes of vibration. Furthermore, it 

was shown that the high-frequency, multi-modal behavior initiated early in time 

before the flexurally dominated first mode of vibration was engaged. The MDOF 

frame model was also utilized to examine the deformation behavior of a shear-

dominated propped cantilever column. Early-time deformation behavior of both 

the fixed-fixed column and propped cantilever column supported the concept of 

a linear variation in displacement for describing the direct shear mode of 

response in a simplified SDOF dynamic analysis framework.  
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A frequency domain analysis was also carried out to examine the 

frequency domain characteristics of the Case A and Case B load pulses. Results 

from the frequency domain analysis revealed that increasing the peak blast 

pressure and reducing the pulse duration together acted to increase the energy 

content associated with higher frequency components of the blast pulse. Based 

on all of these findings, the following overall conclusions were made with regard 

to blast-loaded RC columns: 

• Direct shear behavior is not related to (and precedes) flexural behavior 

• Early-time shear dominance always occurs due to the high-frequency, 

multi-modal phenomenon; however, whether it results in a direct 

shear failure depends on the direct shear capacity of the RC column 

and the high-frequency energy content of the blast pulse 

• All other things being equal, the likelihood of direct shear failure 

increases with increasing peak blast pressure and decreasing pulse 

duration 

• A linear shape function is appropriate for representing the direct shear 

mode of component response in a simplified SDOF dynamic analysis 

framework 

3.2     DEVELOPMENT OF SIMPLIFIED COMPONENT RESPONSE MODEL 

A chief objective of this research was to develop an accurate yet 

computationally expedient component response model for blast-loaded RC 

bridge columns. In the context of this research, “computationally expedient” 

refers to single-component analysis times on the order of seconds while using a 
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standard personal computer with factory hardware. The primary goal in 

developing this model was to provide an engineering-level tool that could be 

used by bridge engineers and vulnerability assessment personnel to rapidly 

assess the performance of RC bridge columns when subjected to a variety of 

explosive threats. A flow chart describing major components and logic of the 

proposed response model is presented in Figure 3.22.  

 

 

Figure 3.22  Flow Diagram for RC Column Response Model 
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Once RC column and threat parameters are defined, the blast load is 

characterized for subsequent use in component response calculations. A local 

damage analysis is then conducted to determine whether early-time spall or 

breach damage occurs. If it is determined that excessive spall damage or breach 

damage occurs, the analysis terminates and local damage results are reported. In 

the context of the proposed model, spall damage is considered to be excessive if 

it extends beyond 1.5 column diameters along the column height. This limiting 

local damage threshold was chosen for two reasons. First, it approximately 

represents an upper bound to the experimental spall data used to calibrate the 

dynamic shear portion of the global response analysis. Second, “excessive” spall 

damage is likely to penetrate beyond the column’s concrete cover, encroaching 

on the cross-sectional core. Early-time core damage and degradation can locally 

reduce the column’s section capacity and transverse reinforcement bond 

integrity, the effects of which are difficult to quantify and are not considered 

during the flexural portion of the global response analysis.    

If it is determined that excessive spall damage or breach damage does not 

occur, a global response analysis is carried out. It was discussed in Section 2.6.2 

of this dissertation that blast-loaded RC columns can exhibit two distinct modes 

of global component response: dynamic shear and flexure. Furthermore, it was 

shown in Section 3.1 of this dissertation that shear-dominated component 

response can be decoupled from flexure. Accordingly, the global response 

analysis independently assesses dynamic shear and flexural response using a 

nonlinear dynamic SDOF approach. Various response histories and peak 

kinematic response quantities from both SDOF analyses are then reported, along 

with any predicted modes of component failure. The remainder of this chapter 
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elaborates on the development of the proposed RC column response model and 

presents results from a model validation exercise. 

3.2.1 BLAST LOAD CHARACTERIZATION 

An illustration of a below-deck, close-in detonation scenario for a typical 

prestressed girder highway bridge is shown in Figure 3.23. As was described in 

Section 2.4 of this dissertation, this type of threat scenario gives rise to a complex 

airblast environment due to multiple reflecting surfaces, charge shape effects, 

and spatial/temporal variations in the shock front. If the explosive charge is close 

enough to the column, additional load caused by the rapidly expanding 

detonation products may also need to be considered. To adequately predict blast  

 

 

Figure 3.23  Illustration of Below-Deck, Close-In Detonation Scenario for Typical 
Prestressed Girder Highway Bridge 
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loads due to such threat scenarios, the proposed RC column response model 

utilizes an automated version of the BlastX ray-tracing code that was previously 

described in Section 2.5.3 of this dissertation. 

During the blast load characterization phase of the proposed RC column 

response model, BlastX is used to generate overpressure histories at 21 equally 

spaced locations along the column height. Based on a brief sensitivity study, this 

number of overpressure history locations was determined to adequately capture 

spatial variability in peak blast load parameters from close-in detonations while 

also maintaining reasonable computation time. Peak overpressure and specific 

impulse are then calculated for each overpressure history. Figure 3.24 illustrates 

BlastX-generated peak specific impulses delivered to an RC bridge column 

during a hypothetical below-deck detonation. In Figure 3.24, the increase in peak 

specific impulse observed at the bottom and top of the column is due to shock  

 

Figure 3.24  Typical Spatial Distribution of Peak Specific Impulse along RC Column 
Height for Below-Deck, Close-In Detonation 
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wave reflections off the ground plane and bridge deck, respectively. Upon 

completion of the blast load characterization phase, the resulting collection of 

BlastX-generated overpressure histories and calculated peak load quantities are 

then utilized as load input during the local damage and global response phases 

of the proposed RC column response model. 

3.2.2 LOCAL DAMAGE ANALYSIS 

In developing a fast-running local damage algorithm for blast-loaded RC 

columns, an empirically-based 1-D wave propagation methodology originally 

devised for the prediction of local spall/breach damage of blast-loaded RC panels 

(Marchand and Plenge, 1998) was extended to account for the 2-D effects 

associated with the finite dimensions of a column’s cross-section relative to its 

height. Unlike the case of an RC slab or wall panel, the stress wave transit time 

through the section depth of a typical RC column is approximately the same 

order of magnitude as that from the blast-loaded face to a side face. As such, 

local material response depends on the geometry of the entire cross section (i.e., a 

2-D wave propagation problem). Empirical data from the 1-D spall/breach 

research were integrated with synthetic data generated from an extensive 

parametric study using Arbitrary Lagrangian-Eulerian (ALE) (Belytschko et al., 

2000) simulations to derive back- and side-face spall/breach threshold curves and 

damage-extent curves for blast-loaded RC columns. It should be noted that much 

of the local damage algorithm development was carried out by Protection 

Engineering Consultants (PEC). Additional details regarding the spall/breach 

threshold curves, as well as the damage-extent curves, can be found in the PEC 
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report Anti-Terrorist Planner for Bridges: Local Damage Algorithms for Steel Plates 

and Reinforced Concrete Bridge Piers (Puryear et al., 2012).  

An example quarter-symmetry ALE computational domain is shown in 

Figure 3.25, where the explosive material, surrounding air, and concrete matrix 

are all represented with Eulerian descriptions, and the steel reinforcing bars are 

represented with Lagrangian descriptions. An example comparison between 

observed local damage and that predicted using the ALE modeling approach is     

provided in Figure 3.26 for an RC column specimen that suffered extensive spall 

damage. The average extent of spall damage predicted during the simulation 

was found to be in good agreement with that observed during the actual blast 

test. It can be seen in Figure 3.26a that the RC column section suffered extensive 

core damage. The specimen diameter was 18-in., and the average extent of spall 

damage observed during the blast test was approximately 54-in. More 

specifically, the extent of spall damage was greater than 1.5 times the diameter of 

the RC column.  

 

Figure 3.25  Pre-Filled and Filled Renderings of ALE Computational Domain for RC 
Column Local Damage Simulations (Puryear et al., 2012) 
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(a)                                                                    (b) 

Figure 3.26  Example Comparison of Observed and Predicted Local Damage: (a) 
Observed Damage Extent of Approximately 54-in. [Williamson et al., 2010], (b) 

Average Predicted Damage Extent of 54-in. [Puryear et al., 2012] 

Example spall and breach threshold curves for circular RC columns are 

presented in Figure 3.27. Due to the sensitivity of this information, specific 

abscissa and ordinate values are not shown in the plot of Figure 3.27. In general, 

the abscissa axis represents total applied impulse, and the ordinate axis 

represents the parameter Tau. Tau is a measure of impulse attenuation through 

the thickness of an RC column section, and it is a function of section geometry, 

concrete compressive strength, applied impulse, and charge weight. Given 

component and threat input data, the damage threshold curves are consulted to 

quickly determine a predicted local damage state.  
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Figure 3.27  Local Damage Threshold Curves for Circular RC Column (Puryear et al., 
2012) 

3.2.3 GLOBAL RESPONSE ANALYSIS 

The computational algorithm for the global response analysis was devised 

using an advanced nonlinear dynamic SDOF framework to predict the dynamic 

shear and flexural behavior of a blast-loaded RC column. Based on the findings 

described in Section 3.1 of this dissertation, the algorithm decouples dynamic 

shear behavior and flexural behavior. In addition, because shear dominance was 

shown to occur early in time prior to the onset of flexure, the dynamic shear 

mode of response is evaluated first. During each dynamic analysis, various 

response histories and peak kinematic response quantities are recorded for 

subsequent comparison with specified response limits, and failure is predicted to 

occur if a response limit is exceeded. A detailed description of the dynamic shear 

and flexural portions of the global response analysis is provided hereafter. 
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3.2.3.1 Dynamic Shear Response 

It was demonstrated in Section 3.1 that blast-loaded RC columns are 

dominated by shear forces early in time, which can lead to early-time direct shear 

failure near column supports. Furthermore, in Section 2.6.2, results from blast 

tests involving RC bridge columns and close-in detonations revealed a unique 

mode of “dynamic shear” response wherein shear slip at the column base was 

accompanied by local spall damage and distributed shear deformation between 

the column base and charge center of gravity (C.G.) height. A close-in bulk 

explosive charge is a likely threat scenario for RC bridge columns, and as such 

the dynamic shear global response analysis aims to capture this complex shear-

dominated behavior. 

A schematic representation of the dynamic shear computational model is 

illustrated in Figure 3.28. A nonlinear dynamic SDOF analysis is first conducted  

 

Figure 3.28  Schematic of Dynamic Shear Response Analysis 
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to assess direct shear response at the column base. A semi-empirical slip 

distribution model, which was devised and calibrated as part of this research and 

is described herein, is then used to predict whether distributed shear 

deformation occurs between the column base and charge C.G. height. These 

results are then superimposed to yield the total dynamic shear response of a 

blast-loaded RC bridge column.   

During the nonlinear dynamic SDOF analysis, the direct shear resistance 

function of Figure 3.29 is used. This direct shear resistance function represents a 

modified version of that originally proposed by Murtha and Holland (1982) for 

predicting direct shear response of blast-loaded, shallow-buried RC box roofs. 

The original resistance function was modified to (a) include the effect of an axial 

compressive force on the nominal direct shear strength, Vn, (b) include strain-rate 

effects by utilizing dynamic material properties, and (c) accommodate variable 

slip plane geometries through the use of an empirical expression—derived 

during this research and described later in this section—for the yield plateau end 

point, Δ2. The energy-equivalent simplification shown in Figure 3.29 was also 

implemented to reduce the computational complexity of the resistance function 

without compromising any post-peak, large-deformation slip behavior. 

Expressions for the modified direct shear resistance function control points are 

given in Equations (3-13) to (3-19).   
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Figure 3.29  Direct Shear Resistance Function 
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Δmax =
e

900

2.86 fcd
ʹ dbar - 1
40  

(3-19)

where  fcd
ʹ  = dynamic compressive strength of concrete [psi] 

  ρ = longitudinal reinforcement ratio 
  fyd = dynamic yield strength of steel reinforcement [psi] 

  P = axial compressive force [lbf] 

  Ag = gross cross-sectional area of column [in2] 

  Vn = nominal direct shear strength [lbf] 

  Ve = elastic limit shear force [lbf] 

  Ast = total area of longitudinal steel reinforcement [in2] 

  fud = dynamic ultimate strength of steel reinforcement [psi] 

  Vres = residual “kinking” shear strength [lbf] 

  Δ1 = equiv. shear slip at nominal direct shear strength [in.] 

  Cv = circumference of shear plane [in.] 

  Lv = length of shear plane, taken as the column depth [in.] 

  dbar = diameter of single longitudinal steel reinforcing bar [in.] 

  Δ2 = shear slip corresponding to end of yield plateau [in.] 

  Δres = shear slip at onset of residual shear strength [in.] 

  Δmax = shear slip corresponding to rupture of long. rebar [in.] 

The two bracketed terms in Equation (3-13) for the calculation of the 

nominal direct shear strength closely follows the AASHTO shear friction concept 

(AASHTO, 2010), as well as the shear friction concept discussed in the ACI 318 

commentary (ACI, 2011). The first term represents resistance due to “apparent 
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cohesion,” and the second term represents frictional resistance afforded by the 

clamping normal force of the longitudinal reinforcement and externally applied 

axial compressive force. For the case of spirally reinforced columns, frictional 

resistance afforded by the vertical force component of the inclined spiral 

reinforcement is also taken into account. Equation (3-14) follows from Murtha 

and Holland (1982), and it was originally based on experimental findings 

(Walraven and Reinhardt, 1981) demonstrating that, for low values of slip, dowel 

action in the longitudinal reinforcement is not mobilized and shear stress can be 

related to shear slip and crack width. Shear slips of 0.004-in. and 0.012-in. 

corresponding to Ve and Vn, respectively, were retained from Murtha and 

Holland’s original direct shear resistance function, and these slip values were 

used to derive Equation (3-16) for Δ1. Equation (3-16) ensures that the area under 

the dashed line in Figure 3.29 is equivalent to that under the original direct shear 

resistance function up to the nominal direct shear strength. 

The end of the yield plateau, Δ2, was set at a constant value of 0.024-in. in 

Murtha and Holland’s original direct shear resistance function. Based on the 

results from an experimental test program focused on investigating the direct 

shear resistance of RC test specimens having different longitudinal reinforcing 

bar sizes (Mattock, 1977), Murtha and Holland (1982) concluded that the 

maintenance of the direct shear capacity to a shear slip of approximately 0.024-in. 

was most appropriate for their shallow-buried RC box test specimens. The cross-

sectional dimensions and longitudinal steel reinforcing bar size of RC bridge 

columns are likely to vary from one bridge to another. Thus, it was deemed 

necessary herein to devise an empirical expression from available direct shear 

test data (Walraven and Reinhardt, 1981; Mattock, 1977; Mattock, 1976; Mattock, 
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1974) that relates cross-sectional area and longitudinal steel reinforcing bar size 

to the shear slip corresponding to the end of the yield plateau. Many regression 

schemes were investigated, and results from the most successful regression 

analysis are presented in Figure 3.30, where Nb represents the number of 

longitudinal steel reinforcing bars crossing the slip plane. Upon further 

examination of the resulting regression equation, it was noticed that the 

exponent was essentially equal to negative one. Taking the exponent to be 

precisely negative one and performing the necessary algebraic manipulations, 

Equation (3-17) was derived for the shear slip corresponding to the end of the 

yield plateau. Shear slip predictions of the experimental direct shear tests were  
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Figure 3.30  Derivation of Empirical Expression for Direct Shear Yield Plateau Length 
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subsequently carried out for both the original regression equation and Equation 

(3-17), and a comparison of prediction results is presented in Figure 3.31. It can 

be seen from the comparison plot that the modified empirical equation yielded 

better shear slip predictions than the original regression equation. Consequently, 

the modified empirical equation was implemented in the modified direct shear 

resistance function used in this research. The post-peak portion of the modified 

direct shear resistance function was retained from Murtha and Holland’s (1982) 

original curve, which was derived from experimental data for large displacement 

shear response of headed studs embedded in concrete (Hawkins, 1974).  

In Section 2.6.3.1 of this dissertation, the concept of transforming a 

continuous system into a generalized SDOF system was presented. This same 

methodology was employed in deriving Equation (3-20), which represents the 

governing equation of motion for the nonlinear dynamic direct shear analysis. 

  

 

Figure 3.31   Error Comparison between Original and Modified Empirical Expression 
for Direct Shear Yield Plateau Length 
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Calculations for the generalized mass, M*, and forcing function, V*, are given in 

Equations (3-21) and (3-22), respectively. A linear shape function,  ψv, is used per 

the findings described in Section 3.1 and as shown in Figure 3.28. Because direct 

shear response is an early-time phenomenon that is largely influenced by peak 

pressure and pulse duration, the time-dependent forcing function makes explicit 

use of the 21 BlastX-generated reflected overpressure histories. Doing so ensures 

that spatial and temporal variations in the applied blast load are considered 

during the nonlinear dynamic SDOF analysis. The equation of motion is solved 

numerically using the Newmark-Beta implicit time integration scheme (Chopra, 

2007).   

 M* d2Δbot(t)
dt2 + RDS Δbot(t) = V*(t) (3-20)

 
M*= m(x) ψv

2(x) dx
Lc

0
 (3-21)

 
V*(t) = b pr(x, t) ψv(x) dx

Lc

0
 (3-22)

 

where  Δbot(t) = shear slip at RC column base 

   RDS Δbot(t)  = direct shear resistance function 

   ψv(x) = - 1
Lc

x + 1 = direct shear shape function 

  M* = generalized SDOF mass 

  pr(x, t) = time-dependent reflected overpressure distribution 

  V*(t) = generalized SDOF forcing function 

During the dynamic analysis, the hysteretic model shown in Figure 3.32 is 

enforced. This hysteretic model was largely adopted from Krauthammer et al. 

(1986), and it reflects the fact that damage sustained to the slip plane is 
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cumulative from one half-incursion to the next. Thus, once the generalized SDOF 

system rebounds elastically to zero resisting force, the rebound response tracks 

to the anti-symmetric location on the backbone curve that was reached during 

the previous half-incursion. It should be pointed out that, while incorporating an 

appropriate hysteretic model is necessary, it plays a relatively minor role in 

predicting the response of blast-loaded RC columns. This is because the most 

significant response will most often occur during the initial inbound incursion, 

where the blast-loaded RC column will exhibit appreciable plastic deformation 

thereby dissipating energy. Subsequent incursions will typically consist of 

relatively benign elastic free vibration.   

 

 

Figure 3.32  Hysteretic Model for Direct Shear Response  
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During the nonlinear dynamic SDOF analysis, the internal shear force 

history at the elevation of the charge C.G. is also recorded. It was shown in 

Figure 3.8 that support moment tends to be small early in time when a direct 

shear failure is likely to occur. Thus, the simplifying assumption of zero support 

moment is assumed in calculating the internal shear force at each time step of the 

dynamic analysis. The free body diagram used to calculate the internal shear 

force is given in Figure 3.33, where the simplifying assumption of zero support 

moment is shown. The blast load distribution is known from the BlastX- 

generated overpressure histories, and the inertial force distribution is known 

from the support acceleration and the linear shape function. Summing forces in  

     

 

Fy = 0 → Vcg = RDS + Finertia - Fblast 

Figure 3.33  Simplified Free Body Diagram for Calculating Time-Dependent Internal 
Shear Force at Elevation of Charge C.G. 
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the horizontal direction, the internal shear force is equal to the sum of the 

resisting and inertial forces less the blast force. This calculation is made during 

each time step of the nonlinear dynamic SDOF analysis. 

Figure 3.34 illustrates calculated internal shear force histories for two of 

the NCHRP Report 645 RC column specimens (Williamson et al., 2010). Case I  

represents an RC column specimen that suffered discrete shear slip at the column 

base, as well as local spall damage and distributed shear deformation. Case II 

represents an RC column specimen that exhibited negligible dynamic shear 

response. In Figure 3.34, the internal shear force is normalized by the RC 

column’s nominal diagonal tension (i.e., beam shear) capacity to yield a 

normalized internal shear force, Vcg. The response time is normalized by the 

natural period of the generalized SDOF system. Also, the dashed curves in 

Figure 3.34 represent the integrals of the normalized internal shear force  

 

Figure 3.34  Normalized Internal Shear Force Histories at Elevation of Charge C.G. for 
Varying Levels of Dynamic Shear Response  
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histories, or the normalized internal shear impulse, Ic̅g. In reviewing Figure 3.34, 

it can be seen that the Case I normalized internal shear force history has a larger 

peak normalized shear force and shear impulse than those of Case II. 

In Figure 3.34, nominal diagonal tension capacity was chosen as the 

normalizing parameter for the ordinate axis based on experimental blast test 

observations revealing the presence of diagonal cracking in locally damaged 

regions of dynamic-shear-dominated RC columns.  Figure 3.35 illustrates two 

such RC column specimens, where diagonal cracks are clearly discernable 

throughout the locally damaged concrete. It is believed that the observed 

distributed shear behavior is a complex phenomenon that (a) occurs later in time 

relative to early-time direct shear behavior and (b) is highly influenced by 

localized cross-sectional material damage. Early-time local material damage can 

degrade the integrity of core concrete, which, in turn, can locally reduce the 

ability of an RC column to resist shear forces. If a locally damaged section of an 

RC column is subjected to high shear demand, then locally distributed shear 

deformation is thought likely to occur.  
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(a) 

 

 

(b) 

Figure 3.35  Experimentally Observed Diagonal Tension Cracks in Locally Damaged 
Region of Blast-Loaded RC Column Specimens [photos from Williamson et al., 2010]: 

(a) Specimen 3A, (b) Specimen 3-Blast 
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Experimental data from the NCHRP Report 645 (Williamson et al., 2010) 

shear-dominated RC column specimens, along with internal shear information 

computed from the previously described nonlinear dynamic SDOF 

methodology, were used to calibrate a semi-empirical expression for the 

magnitude of an assumed linear shear slip distribution, γ. As shown in Figure 

3.28, the assumed linear shear slip distribution is taken to be zero at the column 

base and maximum at the charge C.G. elevation. Results from the semi-empirical 

calibration exercise are graphically depicted in Figure 3.36. In the plot of Figure 

3.36, the ordinate values represent the shear slip magnitude multiplied by the 

ratio of blast-loaded column face width, b, to the physical standoff of the 

explosive charge, R. The abscissa values represent a measure of damage, where 

the ratio of peak normalized shear impulse to peak normalized shear force is 

multiplied by the product of a damage ratio, Ψdamage, and the transverse 

reinforcement ratio, ρv. The damage ratio is equal to the volumetric ratio of 

damaged to total column shell concrete. Aside from the one outlier specimen that 

suffered significant local material damage and a discrete shear failure, the data 

show a reasonable linear trend with a coefficient of determination equal to 

approximately 0.94. In defining the semi-empirical expression for the shear slip 

magnitude, the outlier specimen was neglected and the resulting regression 

equation shown in Figure 3.36 was adopted. Further discussion regarding the 

outlier specimen is given in Section 3.3.  
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γb
R  

 
Ic̅g.peak

Vcg.peak
Ψdamageρv 

Figure 3.36  Calibration of Peak Slip Parameter, γ 

Equations (3-23) to (3-26), along with Figure 3.28, outline the entire 

dynamic shear global response analysis. A nonlinear dynamic SDOF analysis is 

first conducted, during which peak shear slip at the column base is determined. 

The peak base slip is used in conjunction with the assumed linear shape function 

to calculate the associated rigid body displacement component at the elevation of 

the charge C.G., as shown in Equation (3-23). The semi-empirical expression 

 
 Δcg.1 = Δbot 1 - 

xcg

Lc
 (3-23)

  γ = 89.87
R
b

Ic̅g.peak

Vcg.peak
Ψdamageρv ≥ 0.0 (3-24)

 Δcg.2 =
γ xcg

2  (3-25)

 Δcg.tot = Δcg.1 + Δcg.2 (3-26)
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where  Δbot = peak base slip from nonlinear dynamic SDOF analysis 

  xcg = vert. distance from column base to elevation of charge C.G. 

  Δcg.1 = displacement at elevation of charge C.G. due to base slip 

  R = physical standoff from charge C.G. to incident column face 

  Ic̅g = total normalized internal shear impulse (refer to Figure 3.34) 

  Vcg.peak = peak normalized internal shear force (refer to Figure 3.34) 

  Ψdamage = vol. ratio of damaged to total column shell concrete 

  ρv = transverse reinforcement ratio 

  γ = magnitude of linear shear slip distr. (refer to Figure 3.28) 

  Δcg.2 = distr. shear deformation at elevation of charge C.G. 

  Δcg.tot = total dynamic shear response at elevation of charge C.G. 

shown in Equation (3-24) is then used to predict the magnitude of an assumed 

linear shear slip distribution spanning from the column base to the height of the 

charge C.G. It should be noted that if no local material damage is predicted then 

evaluation of Equation (3-24) results in zero distributed shear deformation. 

Therefore, it is proposed herein that the distributed shear deformation 

component of the dynamic shear mode of response does not occur without early-

time material damage. Once the shear slip magnitude is computed, the shear slip 

distribution is integrated per Equation (3-25) to yield the displacement 

component at the elevation of the charge C.G. due to distributed shear 

deformation. Finally, the total dynamic shear displacement at the elevation of the 

charge C.G. is computed by summing the rigid body and distributed shear 

components, as shown in Equation (3-26). Dynamic shear failure modes include 

longitudinal rebar rupture due to excessive shear slip at the column base (Δbot > 
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Δmax) and flexural failure due to excessive second-order moment caused by an 

axial compressive force acting through the peak dynamic shear displacement. 

3.2.3.2 Flexural Response 

The flexural response analysis consists of a fiber-based section analysis, a 

nonlinear static finite element analysis, and a nonlinear dynamic SDOF analysis. 

The fiber-based section analysis is carried out to determine nominal moment 

capacity, plastic rotation capacity, and effective elastic rigidity. Once these 

section properties are determined, a nonlinear static finite element analysis is 

conducted to numerically generate a flexural resistance function. The flexural 

resistance function is then utilized in a nonlinear dynamic SDOF analysis to 

assess the global flexural response of a blast-loaded RC column.  

The computational algorithm for the fiber-based section analysis considers 

strain-rate effects by utilizing the appropriate high-pressure-region dynamic 

increase factors from Table 2.6a for steel reinforcing yield/ultimate strength and 

concrete compressive strength. A bi-linear elastic-perfectly-plastic material 

model is used to represent the stress-strain behavior of steel reinforcement, and 

the Mander (1988) confined-concrete model is used to represent the stress-strain 

behavior of cover and core concrete. In addition, axial-flexural interaction effects 

are captured by allowing for the presence of an axial compressive force during 

the section analysis. Blast-loaded RC columns are likely to exhibit significant 

post-yield behavior, and thus pre-yield section response is of relatively little 

importance. Accordingly, the algorithm calculates a bi-linear simplification to the 

cross-sectional moment-curvature response, as shown in Figure 3.37. In order to  
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Figure 3.37  Bi-Linear Simplification to Moment-Curvature Relationship 

completely define the bi-linear, dashed curve of Figure 3.37, Points A, B, and C 

are calculated via strain compatibility analyses.  

For the Point A strain compatibility analysis, the ultimate concrete 

compressive strain is defined using a lower bound empirical expression 

developed by Corley (1996) and given in Equation (3-27). Corley developed this 

expression during an experimental test program that was focused on 

characterizing the rotational capacity of RC beams. In Equation (3-27), the 

binding reinforcement ratio, ρv, is defined as the ratio of the volume of binding 

steel reinforcement (i.e., one tie/hoop/spiral-turn plus compression 

reinforcement) to the volume of bounding concrete (i.e., area enclosed by binding 

reinforcement multiplied by transverse reinforcement spacing). In addition, the 

moment gradient parameter, z, is conservatively set to 0.50. The Point A strain 

compatibility analysis yields nominal moment capacity, Mn, and ultimate 

curvature, φu. 
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 εcu = 0.003 + 0.02
b
z +

ρv fvyd

20

2

 (3-27)

 

where  b = width of blast-loaded column face [in.] 

  z = distance between points of zero and maximum moment [in.] 

  ρv = binding reinforcement ratio  

  fvyd = dynamic yield strength of transverse reinforcement [ksi] 

The main objective of the Point B strain compatibility analysis is to capture 

the onset of appreciable material nonlinearity. In doing so, two limiting strain 

profiles are assessed. The first strain profile assumes a peak concrete compressive 

strain of 0.0015. This concrete compressive strain has been shown to represent 

reasonably well the onset of significant concrete micro-cracking and associated 

nonlinear section response for RC columns having either large reinforcement 

ratios or subjected to large axial compressive forces (Paulay and Priestley, 1992). 

For lightly reinforced sections subjected to moderate/low axial compressive 

forces, yielding of the tension reinforcement often governs the onset of nonlinear 

section behavior. Accordingly, the second strain profile assumes yielding in the 

outer layer of tension reinforcement. The controlling yield moment, My, and 

corresponding yield curvature, φy, determined from the two strain profile 

assessments are then used to define Point B in Figure 3.37. 

Once Points A and B are defined, an apparent yield curvature, φ’y, is 

determined via linear extrapolation by multiplying the true yield curvature by 

the ratio of nominal moment capacity to yield moment. Point C is then defined 

by the apparent yield curvature and nominal moment capacity. An effective 

elastic rigidity, (EI)eff., is defined by calculating the slope between Points B and C. 
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Finally, allowable support and in-span plastic rotations are calculated as shown 

in Equations (3-28) and (3-29), respectively. In calculating the allowable plastic     

 

 θp
end = φu- φy

ʹ d
2 (3-28)

 
θp

mid = φu- φy
ʹ d (3-29)

where  φu = ultimate curvature [in-1] 

  φy
ʹ  = apparent yield curvature [in-1] 

  d = effective section depth [in.] 

  θp
end = plastic rotation capacity at RC column support [rad] 

  θp
mid = plastic rotation capacity at RC column support [rad] 

rotations, it is assumed that plasticity spreads one-half of the section’s effective 

depth, d, in either direction from a flexural hinge location (Park and Paulay, 

1975). For support hinges, this assumption results in a total hinge length of 0.5d; 

whereas, for in-span hinges, this assumption results in a total hinge length of d. It 

should be noted that the computational algorithm for the fiber-based section 

analysis was designed to allow for two different transverse reinforcement 

spacings (i.e., two different sets of section properties). This functionality was 

included to specifically handle seismically detailed RC columns, where the 

transverse reinforcement spacing is most often smaller near column supports 

than near mid span. 

Once section properties are determined, a nonlinear static analysis is 

carried out to numerically generate a flexural resistance function similar to that 

shown schematically in Figure 2.41 and experimentally in Figure 2.42. In 
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developing a computational algorithm for the nonlinear static analysis, the 

primary goal is to create a robust numerical procedure capable of considering 

both geometric and material nonlinearity, as well as arbitrary transverse load 

distributions and elastic support conditions. Incorporating geometric 

nonlinearity is important for adequately capturing the softening effect of an RC 

column’s flexural response due to an applied axial compressive force and 

capturing post-peak tension membrane response. Furthermore, incorporating 

material nonlinearity is essential for simulating the development of plastic 

hinges, which is likely to occur with blast-loaded RC columns. 

The derivation of a 2-D finite element model for use in the nonlinear static 

analysis started with the definition of degrees-of-freedom and member end 

actions for a generic 2-D frame element, as shown in Figure 3.38. In order to 

incorporate the effect of an axial compressive force on the flexural response of an 

RC column, second order P-δ effects need to be included in the finite element 

formulation. In terms of generating an element stiffness matrix using the 

Principle of Virtual Displacements, this meant considering small finite strain and 

deriving a two-component stiffness matrix comprised of an elastic component 

and a geometric component. The small finite strain expression used herein is 

given in Equation (3-30) after McGuire et al. (2000). In Equation (3-30), the first 

term represents infinitesimal axial strain. The second term represents the 

elementary mechanics approximation for infinitesimal flexural strain, and the 

third term represents the second-order effect due to rigid body rotation of the 

differential element used to derive Equation (3-30). Linear shape functions were 

used to describe axial displacement along the 2-D frame element, and these 

functions are given in Equation (3-31). In addition, the same cubic Hermite shape 
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functions introduced in Section 3.1.2 were also used herein as flexural 

displacement interpolation functions for the 2-D frame element. The cubic 

Hermite functions are reproduced in Equation (3-32).     

 

 

(a) 

 

(b) 

Figure 3.38  Definition of 2-D Frame Element for Nonlinear Static Analysis:  (a) 
Degrees of Freedom, (b) Member End Actions 
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Given a small finite strain expression and displacement interpolation 

functions, the Principle of Virtual Displacements is employed to develop an 

integral expression for the element stiffness matrix as shown in Equation (3-33). 

The first term of the integral expression represents the elastic stiffness 

component, and the second term represents the geometric stiffness component. 

Evaluating Equation (3-33) gives the elastic and geometric stiffness matrices 

shown in Equations (3-34) and (3-35), respectively. In reviewing the geometric 

stiffness matrix of Equation (3-35), it should be noted that it depends on the axial 

force acting at the b end of the 2-D frame element. The element force vector was 

treated identically to that described in Section 3.1.2, where work-equivalent joint 

forces are determined based on a given transverse load distribution and the 

element shape functions of Equations (3-31) and (3-32). The 2-D frame element  
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stiffness matrix and force vector were then used to assemble the global RC 

column model shown in Figure 3.39. To align nodal locations with the BlastX-

generated overpressure histories, the RC column model was comprised of 20  
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Figure 3.39  Schematic Representation of Nonlinear Static Finite Element Model for 
Blast-Loaded RC Column 

elements. In addition, the assembly algorithm was designed to accommodate 

both ideal and elastic translational and rotational boundary conditions. 

As discussed in Section 3.1, flexural response is a relatively slow-

mobilizing mode of global component response, and, as such, it tends to be 

driven primarily by applied impulse (i.e., impulsive regime of response). 

Accordingly, during the nonlinear static analysis, the spatial distribution of 

applied transverse load is set based on the distribution of peak applied impulse 

as determined from the 21 BlastX-generated overpressure histories. A 

dimensionless load shape vector, Ω , is created by normalizing the peak applied 

impulse acting at each nodal location by the absolute peak impulse applied to the 

RC column. Thus, during each load increment, the incremental applied 
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transverse load can be determined by simply multiplying the load shape vector 

by the product of a reference load intensity, wref, and incremental load factor, dλ. 

At the beginning of the nonlinear static analysis, the reference load intensity is 

set to an arbitrarily large value determined by back-calculating the load intensity 

necessary to satisfy five times the total statical moment of a flexural member 

subjected to a uniformly distributed transverse load (wref = 8Mn 5Lc
2⁄ ). The actual 

value of the reference load intensity is of minor importance provided it is large 

enough to allow the nonlinear static analysis to capture all pertinent features of 

the desired flexural resistance function. Another viable option would have been 

to set the reference intensity equal to the product of the RC column width and 

the absolute peak reflected overpressure calculated using BlastX. The 

incremental load factor, dλ, is determined at the beginning of each equilibrium 

iteration by enforcing a constant arc length constraint (McGuire et al., 2000; 

Crisfield, 1991).  

The nonlinear static analysis is carried out using the constant arc length 

solution procedure (McGuire et al., 2000; Crisfield, 1991). This advanced solution 

procedure was determined to be required over the more familiar Newton-

Raphson load-control procedure to adequately capture post-peak softening 

behavior and tensile membrane response. In addition, second-order P-Δ 

geometric effects are taken into account during the analysis by enforcing 

incremental equilibrium on the deformed configuration of the structure using an 

Updated Lagrangian approach (Belytschko et al., 2000; Crisfield, 1991). Including 

this type of geometric nonlinearity is necessary to track the development and 

progression of a plastic mechanism and evolution into tensile membrane 

response. The Updated Lagrangian approach “updates” the structure’s reference 



 
245

configuration to the most recent equilibrium state at the beginning of each load 

increment. Thus, once incremental equilibrium is achieved during a particular 

load increment, incremental member end forces and coordinate geometry must 

be transformed from the reference configuration (i.e., the previous equilibrium 

configuration) to the new equilibrium configuration before moving on to the next 

load increment. Equilibrium iterations are performed until the Modified 

Euclidean norm of Equation (3-36) is determined to be less than or equal to 10-4 

(McGuire et al., 2000; Bergan and Clough, 1972).  

 

 ‖e‖ =
1
N

dΔi

Δref

2N

i = 1

 (3-36)

 

where  N = total number of transverse displacement components 

  d∆i = ith element of the incremental transverse displacement vector 

  ∆ref = largest component of total transverse displacement vector 

  ‖e‖ = Modified Euclidean norm 

During incremental member end force updating, total member end 

moments are evaluated. If it is determined that an end moment has exceeded the 

nominal moment capacity of the RC column, the global stiffness matrix and force 

vector are modified to include a moment release at that location (Kassimali, 

1999), and the load increment is evaluated again. Placing a moment release at the 

location where the nominal moment capacity is exceeded effectively simulates 

the presence of a plastic hinge and ensures that the incremental moment at that 

location remains zero for the rest of the analysis (the total moment remains equal 
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to the plastic moment capacity). This approach to considering material 

nonlinearity in a nonlinear static analysis is commonly referred to as the lumped 

plasticity approach (McGuire et al., 2000).  

Three examples of numerically generated flexural resistance functions are 

shown in Figure 3.40 for a simply supported RC column subjected to varying 

levels of axial compressive force. The first thing to note in Figure 3.40 is the trend 

of increasing peak flexural resistance with increasing axial compressive force. 

This trend can be attributed to the axial-flexural interaction effect that is taken 

into account during the fiber-based section analysis. All three curves show sharp 

discontinuities at the location of peak flexural resistance. This sharp feature 

corresponds to the development of a mid-span plastic hinge, and it emphasizes 

the need for the advanced arc length solution procedure. Note that the plot 

marker densities dramatically increase around the peak flexural resistance in all 

  

 

Figure 3.40  Numerically Generated Flexural Resistance Functions for Simply 
Supported RC Column Subjected to Variable Axial Compressive Forces 
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three curves. The arc length solution procedure considered comparatively more 

load increments around the discontinuity in order to follow the physically 

admissible equilibrium path. For the flexural resistance function corresponding 

to no axial compressive force, it can be observed that the post-peak behavior 

includes significant deformation with no loss in flexural resistance, followed by a 

nonlinear increase in resistance after approximately 8 inches of transverse 

displacement. The development of a mid-span hinge gives rise to a plastic 

mechanism. Because incremental equilibrium is enforced on the deformed 

column geometry, the large displacement behavior is tracked until thrust forces 

begin to mobilize and the RC column transitions to tensile membrane response. 

Finally, post-peak softening response can be observed for the two curves 

representing RC columns that were subjected to an axial compressive force. The 

softening response can be directly attributed to the geometric stiffness 

component of the element stiffness matrix, which physically represents second-

order P-δ effects taking place within individual finite elements due to the axial 

load acting through transverse displacements. 

 In addition to a flexural resistance function, the nonlinear static analysis 

also records instantaneous flexural shape functions and load-mass factors for 

subsequent use in the nonlinear dynamic SDOF analysis. At each incremental 

equilibrium state, the nonlinear static analysis records total transverse 

displacement at each of the 21 nodal locations, thus defining a vector 

representation of RC column deformation at each recorded point along the 

flexural resistance function. Each vector of flexural displacements is then 

normalized by their respective absolute peak displacement to yield a collection of 

vectorized flexural shape functions. Each vectorized flexural shape function is 
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then used to numerically evaluate Equation (3-37), yielding a collection of 

instantaneous load-mass factors.  

   

 βLM(ymax) = 
m(x)ψf

2 x, ymax  dxLc
0

m(x) dxLc
0

·
λwref x, ymax  dxLc

0

λwref x, ymax  ψf(x, ymax) dxLc
0

 (3-37)

where  m(x) = RC column mass per unit length 
  ψf(x, ymax) = instantaneous flexural shape function 

  λwref x, ymax  = instantaneous transverse load per unit length 

  βLM(ymax) = instantaneous load-mass factor 

The use of instantaneous flexural shape functions and corresponding 

load-mass factors during a nonlinear dynamic SDOF analysis is an enhancement 

to the state-of-practice. Typically, the flexural response evolution is idealized into 

distinct response regimes as was previously shown in Figure 2.41, with a single 

shape function and corresponding load-mass factor for each regime (U.S. 

Department of Defense, 2008; Tedesco et al., 1999; Biggs, 1964). This approach 

results in discrete changes to the generalized SDOF system throughout the 

analysis, and it represents a notable departure from reality. A hypothetical 

displacement history of a generalized SDOF system representing a blast-loaded, 

simply supported flexural member is shown in Figure 3.41 with time-dependent 

load-mass factors overlaid on the plot. In Figure 3.41, the dashed curve 

represents idealized load-mass factors for a simply supported flexural member 

subjected to a uniformly distributed transverse load. The dashed curve starts out 

at an elastic load-mass factor of 0.78. Once the mid-span hinge forms, the dashed 

curve drops down to a plastic load-mass factor of 0.66 and remains at that value 
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until elastic rebound. In Figure 3.41, the dash-dot curve represents the 

instantaneous load-mass factors proposed herein. The dash-dot curve starts out 

at a slightly lower elastic load-mass factor than the dashed curve because the 

initial spatial variation of the blast load is not uniform. In addition, a gradual 

transition from the fully elastic load-mass factor to the fully plastic load-mass 

factor occurs due to the gradual change in the deformed shape of the flexural 

member after mid-span plastic hinge formation. There is still curvature along the 

member length after the mid-span plastic hinge forms. In addition, the dash-dot 

curve does not reach a fully plastic load-mass factor of 0.66 because the deformed 

shape of the flexural member never reaches the bilinear idealization. It should be 

pointed out that the jump in both LMF curves of Figure 3.41 represent elastic 

unloading at approximately 10.5-msec. The LMF curves then remain constant 

because all subsequent response remain elastic. Another benefit of the feature of 

 

 

Figure 3.41  Comparison of Instantaneous and Idealized Load-Mass Factors for 
Simply Supported RC Column – Dynamic Response Perspective 
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the instantaneous load-mass factor approach is that it can easily account for 

spatial/temporal variation in the applied blast load and non-ideal boundary 

conditions. Figure 3.42 presents another interpretation of the instantaneous load-

mass factor approach, where the idealized and instantaneous load-mass factors 

for the same simply supported flexural member are overlaid on a flexural 

resistance function plot.  

Once the flexural resistance function and instantaneous load-mass factors 

are calculated from the nonlinear static analysis, a nonlinear dynamic SDOF 

analysis is carried out to determine peak flexural response. The same generalized 

SDOF approach that was presented in Section 2.6.3.1 and followed during the 

nonlinear dynamic SDOF analysis for dynamic shear response is also utilized 

herein. The governing equation of motion for the generalized SDOF system is 

given in Equation (3-38), and supporting calculations are provided in Equations 

(3-39) through (3-41). An exponentially decaying forcing function similar to that  

 
Figure 3.42  Comparison of Instantaneous and Idealized Load-Mass Factors for 

Simply Supported RC Column – Flexural Resistance Perspective 
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               βLM ymax(t) Mtot
d2ymax(t)

dt2 + Rf ymax(t) = Fpeak e-t tdecay⁄  (3-38)

 Fpeak = b pr.peak(x)
Lc

0
dx (3-39)

 Ipeak = b ir.peak(x)
Lc

0
dx (3-40)

 tdecay =
ζ × Ipeak

Fpeak
 (3-41)

where  Mtot = total RC column mass 

              Rf ymax(t)  = numerically generated flexural resistance function 

pr.peak(x) = vert. distribution of peak reflected overpressure 

determined from the BlastX-generated overpressure 

histories 

  Fpeak = peak reflected blast force 

ir.peak(x) = vert. distribution of peak reflected specific impulse 

determined from the BlastX-generated overpressure 

histories 

  Ipeak = peak reflected impulse 

  ζ = empirical impulse reduction factor (refer to Section 2.4.2) 

tdecay = forcing function decay coefficient (defined to preserve peak 

reflected impulse) 

 shown in Figure 2.7 is used to approximate the temporal variation of the blast 

load. The amplitude of the exponentially decaying forcing function is calculated 

per Equation (3-39), and the peak blast impulse is calculated per Equation (3-40). 

The forcing function decay coefficient is calculated per Equation (3-41) such that 
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peak blast impulse is preserved. Thus, the impulse of an exponentially decaying 

forcing function is equal to the product of pulse amplitude and decay coefficient. 

It should be noted that the appropriate impulse reduction factor, ζ, from Section 

2.4.2 is included in the decay coefficient calculation to account for enhanced 

clearing and wrap-around pressure effects experienced by slender structural 

components. The impulse reduction factor was not employed during the 

dynamic shear analysis because the response occurs too quickly for the clearing 

and wrap-around pressure effects to mobilize. Equation (3-38) is solved 

numerically using the Newmark-Beta implicit time integration scheme (Chopra, 

2007).  

During the dynamic analysis, the hysteretic model of Figure 3.43 is 

enforced. Note that for a simply supported RC column (i.e., a single-hinging 

component), the hysteretic model shown in Figure 3.43 would include only one 

stiffness value before becoming perfectly plastic. This hysteretic model differs  

 

Figure 3.43  Hysteretic Model for Flexural Response of Double-Hinging RC Column 
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from that of Figure 3.32 for the direct shear analysis in that it assumes full 

stiffness recovery upon load reversal. For a flexurally responding component, 

this assumption implies closure of tensile cracks and full compressive capacity 

during each response incursion. While this may be an over-simplification for the 

cyclic response of an RC component, it should be pointed out that hysteretic 

behavior plays a relatively minor role in predicting the response of blast-loaded 

RC columns. This is because the most significant response will most often occur 

during the initial inbound incursion, where the blast-loaded RC column will 

exhibit appreciable plastic deformation, thereby dissipating energy. Subsequent 

incursions will typically consist of relatively benign elastic free vibration.  

During the dynamic analysis, displacement, velocity, and acceleration 

histories are recorded. A hysteresis plot relating resistance to displacement over 

time is also recorded. The resistance history is then correlated back to the vector 

collections of element end rotations and shears that were recorded during the 

development of the flexural resistance function to determine peak plastic rotation 

and shear demand. If a resistance value from the hysteresis plot does not align 

with an equilibrium state of the flexural resistance function, the response 

quantity is approximated via linear interpolation. Flexural failure modes include 

diagonal tension failure due to excessive shear demand, tensile failure due to 

excessive thrust force during tensile membrane response, and component failure 

due to excessive plastic rotation.    
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3.3 MODEL VALIDATION 

To investigate the accuracy of the proposed RC column response model, 

response predictions of blast-loaded RC column specimens from two different 

experimental test programs were conducted. The first experimental test program 

was carried out by the University of Texas at Austin for the National Cooperative 

Highway Research Program (NCHRP) (Williamson et al., 2010; Williams, 2009; 

Holland, 2008), and it included half-scale RC bridge columns subjected to close-

in, ground-detonated charges. The typical NCHRP column specimen test setup is 

shown in Figure 3.44. The second experimental test program consisted of fourth-

scale RC bridge columns subjected to close-in, elevated charges, and it was led 

by the State University of New York at Buffalo (SUNY Buffalo) (Fujikura and 

Bruneau, 2011). Figure 3.45 shows the SUNY Buffalo blast test setup. Due to the 

sensitivity of the information, it should be noted that no specific charge weights 

are provided in the following discussion.  

 

Figure 3.44  Typical NCHRP Blast Testing Configuration (Holland, 2008) 
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Figure 3.45  Typical SUNY Buffalo Blast Testing Configuration (Fujikura and 
Bruneau, 2008) 

In addition to specimen and threat information, free-field pressure gauge 

measurements were obtained for the NCHRP blast tests. The bulk explosive  

charges used during the NCHRP tests were cylindrical in geometry (L/D ~ 1.0) 

and comprised of ammonium nitrate and fuel oil (ANFO) pellets. Due in part to 

the fact that ANFO is not a monomolecular explosive composition (refer to 

Section 2.2.2), it is notoriously known for producing relatively unpredictable 

explosive yields. Consequently, it was deemed necessary to first use the 

automated BlastX load driver of the proposed RC column response model to 

predict the free-field overpressure and specific impulse data recorded during the 

actual blast tests. Doing so would allow for the charge weights to be artificially 

scaled to ensure that BlastX would produce realistic explosive yields during the 

predictive performance assessments.  
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Results of the ANFO efficiency study are presented in Figure 3.46. In the 

plots of Figure 3.46, the ordinate values represent TNT equivalency factors (refer 

to Section 2.2.3) and the abscissa values represent scaled standoff. In reviewing 

the overpressure efficiencies of Figure 3.46a, it can be seen that the average 

measured TNT equivalency factor is approximately 0.82 for all three 

overpressure gauges. In fact, this is precisely the recommended overpressure 

equivalency factor that was given in Table 2.5 for ANFO. It can also be seen that 

the BlastX-generated overpressure equivalencies are consistently low with 

increasing error as the scaled standoff increases. The impulse efficiencies in 

Figure 3.46b show an opposite trend. Specifically, the BlastX-generated impulse 

equivalencies are nominally constant at approximately 0.20, while the measured 

impulse equivalencies increase with increasing scaled standoff. As was the case 

in Figure 3.46a for the predicted overpressure equivalencies, the BlastX-

generated impulse equivalencies of Figure 3.46b are consistently low with 

increasing error as the scaled standoff increases.  

The ANFO efficiency results clearly indicated a need for the NCHRP 

charge weights to be artificially increased for BlastX to more closely approximate 

the actual explosive yields experienced by the NCHRP column specimens. The 

scaling process was carried out by first averaging the overpressure and impulse 

equivalency factors from all three free-field overpressure gauges, thus yielding 

averaged measured and predicted overpressure and impulse equivalency factors 

for each blast test. Next, the averaged measured and predicted overpressure and 

impulse equivalency factors for each blast test were averaged together to yield a 

single composite measured and predicted equivalency factor for each blast test. 

Finally, the difference between each of the composite measured and predicted 
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(a) 

 

(b) 

Figure 3.46  Examination of ANFO Efficiency for the NCHRP Blast Tests 
(experimental data from Williamson et al., 2010): (a) Pressure Efficiency, (b) Impulse 
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equivalency factors was used to scale up the ANFO charge weight for each blast 

test. These artificially increased ANFO charge weights were then utilized in the 

predictive performance assessment of each NCHRP column specimen. The 

SUNY Buffalo blast tests consisted of cylindrical nitromethane charges. 

Nitromethane is historically known to produce relatively predictable explosive 

yields with a TNT equivalence of nearly unity (U.S. Department of Defense, 

2002). Therefore, charge weight scaling for the performance assessment of the 

SUNY Buffalo column specimen was deemed unnecessary.  

 Having best-estimate charge weights, the proposed RC column response 

model was used to predict the response of the NCHRP and SUNY Buffalo 

column specimens. Tabular results of the predictive performance assessments are 

provided in Table 3.2, and graphical results are presented in Figure 3.47. In 

reviewing Table 3.2 and Figure 3.47, it can be seen that the proposed RC column 

response model (a) captured the correct dominant mode of global component 

response, (b) correctly identified threat scenarios that produced early-time 

material damage, and (c) predicted peak residual displacements within 0.5-in. of  

Table 3.2  Summary of Validation Results for RC Column Response Model 

Program Specimen 
Peak Residual Displ. (in.)

Error (in.) Response 
Mode Predicted1 Measured1 

NCHRP 1A2 0.33 5.0 -4.67 Direct Shear 
NCHRP 1B 0.76 0.75 0.01 Flexure 
NCHRP 2A2 0.12 0.50 -0.38 Flexure 
NCHRP 2B 0.12 0.25 -0.13 Flexure 
NCHRP 2-Seismic 0.12 0.20 -0.08 Flexure 
NCHRP 2-Blast 0.70 0.50 0.20 Flexure 
NCHRP 3A S 2.6 S 3.0 -0.40 Dynamic Shear 
NCHRP 3-Blast Breach S 4.5 - Dynamic Shear 
SUNY RC-1 10 10 0.0 Direct Shear 

Note 1:  S #.## denotes early-time spall damage 
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Figure 3.47  Graphical Representation of Validation Results for RC Column Response 
Model 

those measured for all column specimens except for NCHRP specimen 1A2. The 

local breach prediction for NCHRP specimen 3-Blast was slightly conservative, 

as the post-event photo of 3-Blast in Figure 3.47 reveals significant spall damage 

and appreciable distributed shear deformation. Nonetheless, the conservative 

breach prediction is thought to be reasonable and acceptable for vulnerability 

assessment and design purposes—the intended purposes of the component 

response model. In addition, the proposed RC column response model did a 

great job of predicting the longitudinal rebar rupture of SUNY Buffalo specimen 

RC-1 due to excessive direct shear slip at the column base. The proposed 
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response model also provided an excellent prediction of the NCHRP specimen 

3A dynamic shear response.  

 NCHRP specimen 1A2 exhibited an exceptionally unique dynamic 

response resulting in severe local material damage and a discrete shear failure 

above the column base. A post-event photo of NCHRP specimen 1A2 is provided 

in Figure 3.48a, and a schematic of the observed transverse hoop anchorage 

failure is provided in Figure 3.48b. Upon post-event inspection of NCHRP 

specimen 1A2, it was noticed that three of the transverse hoops in the damaged 

region of the column had opened up during the blast test. It can also be seen 

from Figure 3.48a that NCHRP specimen 1A2 suffered extensive local material 

damage, as rubblized concrete can be observed lying next to the damaged 

column. The Figure 3.47 finite element prediction of NCHRP specimen 1A2 was 

produced after several simulation attempts, each of which employed different 

transverse hoop anchorage failure modeling strategies (Williams, 2009). 

  

 

(a)                                                      (b)                             

Figure 3.48  NCHRP Specimen 1A2 Transverse Hoop Anchorage Failure: (a) Post-
Event Damage [Williamson et al., 2010), (b) Schematic of Hoop Anchorage Failure 

[Holland, 2008] 
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Figure 3.49 draws a comparison between NCHRP specimens 1A2 and 1B. 

NCHRP specimen 1B was subjected to a more severe threat scenario than 

NCHRP specimen 1A2, yet NCHRP specimen 1B suffered only minor local 

material damage and no dynamic shear failure. Upon calculating the nominal 

diagonal tension (i.e., beam shear) capacities of both specimens (ACI, 2011) and 

comparing those with peak shear demand from the dynamic analyses, it was 

determined that neither specimen experienced shear forces in excess of their 

diagonal shear capacities. Given this finding, the disparity in dynamic response 

between NCHRP specimens 1A2 and 1B is not entirely clear. One possible theory 

is that the spiral reinforcement of NCHRP specimen 1B offered superior core 

confinement during the early-time wave propagation phase of response than the 

discrete hoops of NCHRP specimen 1A2. However, the proposed RC column 

response model predicted no local damage for either specimen.   

 

Figure 3.49  NCHRP Specimen 1A2 and 1B Comparison (photos from Williamson et 
al., 2010) 
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Another possible theory for the disparity in dynamic response between  

NCHRP specimens 1A2 and 1B is that specimen 1B suffered local material 

damage due to flexural scabbing, and specimen 1A2 suffered local material 

damage and consequent shear failure due to poorly consolidated concrete. In 

reviewing the photo of NCHRP specimen 1B in Figure 3.49, diagonal shear 

cracks are clearly visible, and local material damage is seen to have occurred 

only on the blast-loaded face of the column. Local spall damage typically occurs 

on the side and back faces of a blast-loaded RC column due to shock wave 

reflections off bounding surfaces, which induce local tensile stresses in the 

concrete (refer to Section 2.6.2.1). Front face crater damage can also occur if the 

blast overpressure locally exceeds the concrete’s dynamic compressive strength; 

however, this type of local damage rarely (if ever) occurs alone without side/back 

face spall damage. Fixity at the column base would have developed a negative 

moment reaction; thus, during specimen 1B’s initial inbound incursion, flexural 

tensile stresses could have precipitated the local concrete damage shown in 

Figure 3.49. Pre-test and post-test photos of specimen 1A2 are shown in Figure 

3.50. It is clear from the photos of Figure 3.50 that at least two locations along the 

height of specimen 1A2 were patched prior to the blast test because of possible 

honeycombing. As can be seen from Figure 3.50, one of the patch locations was at 

the column base where the local material damage and discrete shear failure took 

place. If the concrete near the column base was poorly consolidated prior to the 

blast test, then its ability to endure early-time wave propagation effects from the 

impinging shock wave and to bond with the discrete, transverse hoop 

reinforcement would have been severely diminished.       
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Figure 3.50  Illustration of Possible Concrete Consolidation Issues with NCHRP 
Specimen 1A2 (photos from Williamson et al., 2010) 

3.4 SUMMARY 

Results from experimental blast tests involving RC bridge columns and 

close-in detonations have revealed unique modes of component response 

involving early-time local material damage and shear dominated behavior. The 

main objectives of this chapter were to (a) further the understanding of shear-

dominated behavior in blast-loaded RC bridge columns and (b) propose an 

engineering-level component response model capable of capturing all of the 

unique behavioral facets of blast-loaded RC bridge columns.  

A rigorous computational study was conducted to investigate early-time 

shear dominance of blast-loaded RC bridge columns, and it was determined that 
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such behavior is a high-frequency, multi-modal phenomenon that is primarily 

influenced by peak blast overpressure and blast pulse duration. Further, it is 

always present to some degree in blast-loaded components. Results from the 

computational study, along with experimental blast test data, were then used to 

devise a computationally expedient component response model to be used for 

design, retrofit, and vulnerability assessment of RC bridge columns.  

The proposed component response model utilizes an advanced ray-

tracing algorithm to characterize blast loads from a bulk explosive threat. A local 

material damage analysis is then carried out to determine whether early-time 

spall or breach damage occurs. If extensive local material damage is not 

predicted, then a global response analysis is conducted, wherein flexural and 

dynamic shear modes of response are considered. Peak kinematic response 

quantities and response history data are recorded during the global response 

analysis, and various failure modes are assessed. Results from a model validation 

exercise using experimental blast test data suggest reasonable accuracy in 

predicting local material damage, global flexural response, and global dynamic 

shear response. The entire component response model was coded using the 

FORTRAN and VB.Net high-level programming languages. A single RC bridge 

column analysis runs in a matter of seconds on a standard personal computer 

having factory hardware. Additionally, the proposed model has been 

incorporated into the bridge-specific vulnerability assessment program described 

in Appendix A of this dissertation. The development of a simplified component 

response model for blast-loaded RC bridge tower panels is discussed in the 

following chapter, along with a brief discussion on the interpretation of scaled 

standoff for near-field detonations. 
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CHAPTER 4  

DEVELOPMENT OF REINFORCED CONCRETE 

BRIDGE TOWER PANEL RESPONSE MODEL 

Problems in structural dynamics typically involve 

significant uncertainties, particularly with regard to 

loading characteristics. Such being the case, complex 

methods of analysis are often not justified. It is a waste of 

time to employ methods having precision much greater 

than that of the input of the analysis. 

 4 -  John M. Biggs (1964) 

 

Reinforced concrete (RC) bridge towers are particularly important to the 

structural stability of a cable-stayed bridge. RC bridge towers transmit gravity 

loads from the bridge deck to the foundation, and they often play an essential 

role in a cable-stayed bridge’s lateral force resisting system. While local damage 

to the bridge deck and/or supporting bridge girders is undesirable, redundancy 

and ductility will often allow for internal forces to redistribute when damage 

occurs to these components, thus allowing an alternate load path to be realized 

and global stability maintained. Conversely, extensive damage to an RC bridge 

tower carries great potential for local or even global collapse. From a security 

perspective, RC bridge towers may be particularly vulnerable to a malicious 
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attack due to their public accessibility. Figure 4.1 illustrates their accessibility by 

both vehicles and personnel. In light of their identified vulnerability to a terrorist 

attack, coupled with their criticality to the structural integrity of a cable-stayed 

bridge, the behavior of RC bridge tower panels under critical threat scenarios 

was studied as part of this research to determine how they perform under 

extreme loading conditions.  

RC bridge tower panels, while seemingly similar to typical RC walls and 

slabs, possess unique characteristics that must be considered when assessing 

their performance to blast loads. As shown in Figure 4.2, the deck of a cable-

stayed bridge is supported by inclined, high-strength steel cables that are 

anchored to the bridge tower and deck. The cables deliver a vertical force 

component to the bridge tower, which, in turn, induces an axial compressive 

 

 

Figure 4.1  Illustration of Public Accessibility to Cable-Stayed Bridge Towers [photo 
from Yashinsky (2010)] 
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Figure 4.2  Illustrating the Presence of Service-Level Axial Stress and Orthotropic 
Rebar Configurations in Typical Cable-Stayed Bridge Towers [photo from 

Geocatching (2008)] 

stress in the tower panels. To carry this service-level axial stress, the tower panels 

are normally designed to have an orthotropic steel reinforcement layout, where 

the larger bars are oriented in the vertical direction as shown in Figure 4.2. 

Adding to their complexity is the fact that RC bridge tower panels are not 

isolated. Tower sections generally are comprised of one or more monolithic 

boxes with horizontal diaphragms discretely spaced along the tower height.  

 In identifying the best approach for devising a fast-running global 

response model for blast-loaded RC bridge tower panels, it was concluded that a 

mechanics-based approach similar to that developed for the RC column model 

would not be prudent. RC bridge tower panels are two-dimensional components 

that often have non-ideal and variable edge conditions around their perimeters. 

Such is illustrated in Figure 4.3 for a hypothetical two-cell RC bridge tower. In 

considering the lower- right panel of the hypothetical bridge tower section, it  



 
268

 

Figure 4.3  Illustration of Variable Edge Conditions for Hypothetical RC Bridge 
Tower Panel 

can be seen that four different edge conditions exist, each of which offers a 

different level of rotational restraint. Such edge conditions result in complex 

yield line patterns and post-peak behavior. In addition, blast-loaded RC panel 

components often exhibit post-peak compression membrane and tension 

membrane behavior (Krauthammer, 2008), which are difficult to represent in a 

simplified model. Finally, as mentioned previously, RC bridge tower panels 

carry service-level axial compressive stress that must be considered. Given the 

behavioral complexities associated with blast-loaded RC bridge tower panels, it 

was concluded that a nonlinear static finite element algorithm for the numerical 

generation of a resistance function would be computationally prohibitive relative 

to the desired level of expedience set forth at the outset of this research. Instead, 

an empirical approach was implemented for the development of an RC bridge 

tower panel global response model. A large number of high-fidelity 

computational simulations were first carried out parametrically. Key component 
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Edge 4
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and threat characteristics were investigated during the parametric analysis. The 

resulting computationally generated data were then used to derive fast-running 

global response prediction equations to be subsequently integrated with blast 

load characterization and local damage algorithms to form the proposed 

component response model.  

This chapter begins with a description of the high-fidelity computational 

modeling approach implemented during the parametric study. Results from the 

parametric study are then presented, followed by a description of the blast load 

characterization, local damage, and global response algorithms comprising the 

proposed RC bridge tower panel response model. Results from a model 

validation exercise are then presented, after which a brief discussion on 

important findings related to Hopkinson-Cranz cube-root scaling (Cranz, 1926; 

Hopkinson, 1915) is provided. This chapter ends with a summary of the 

proposed RC bridge tower panel response model and concluding remarks. 

4.1 DEVELOPMENT OF NUMERICAL MODELING APPROACH 

The general purpose finite element code LS-DYNA (LSTC, 2012) was 

chosen for the numerical simulation effort. LS-DYNA possesses a robust explicit 

solver that is used extensively within the blast engineering community. In 

addition, LS-DYNA incorporates a number of sophisticated plasticity-based 

constitutive models capable of accurately capturing material nonlinearity and 

strain-rate effects—both of which are critical to this research. In identifying an 

adequate numerical modeling approach to be used during the parametric 

analysis of an entire RC tower leg, different modeling techniques were evaluated 
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by attempting to reproduce live blast test results for isolated one-way and two-

way RC panel specimens. The following subsections describe these evaluations, 

as well as the final numerical modeling approach used to develop the global 

response analysis portion of the proposed RC bridge tower panel response 

model. 

4.1.1 TWO-WAY PANEL INVESTIGATION 

An experimental test series involving two-way RC panel specimens 

subjected to centrally located free-air bursts was evaluated (Razaqpur et al., 

2009). An illustration of the typical blast test setup is provided in Figure 4.4. A 

94/6 mixture of ANFO, shaped in an approximate spherical geometry, was hung 

directly over the center of the test specimen via the tripod structure shown in 

Figure 4.4. The test specimen was placed on the upper lip of the steel box 

structure shown in Figure 4.4. Once the test specimen was in place, discrete hold-

down clamps were applied around the top-face perimeter of the specimen to 

prevent unrestrained rebound response. Also, backfill was placed around the  

 

Figure 4.4  Test Setup for Two-Way Panel Blast Tests (Razaqpur et al., 2009) 
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steel box structure up to the elevation of the specimen top face. The backfill was 

placed to minimize shock wave clearing from taking place during a blast test. 

 A fully installed RC panel specimen, along with the finite element 

representation, is shown in Figure 4.5. Concrete was modeled with 3-D brick 

elements having a single, centrally located numerical integration point (i.e., LS-

DYNA’s default brick element), and steel reinforcing bars were modeled with 

one dimensional (1-D) truss elements. Ten 3-D brick elements were provided 

through the thickness of the RC panel specimen to adequately capture flexural 

response. The truss elements were defined such that their end points coincided 

with 3-D brick element nodes, thus providing direct connectivity with the 

concrete brick elements. In following the recommendations from Williams’ (2009) 

comprehensive constitutive model study for blast-loaded RC components, it was 

decided to implement the K&C Concrete Model (LSTC, 2012; Magallanes et al., 

2010) and Simplified Johnson-Cook Model (LSTC, 2012; Johnson and Cook, 1983) 

for the concrete and steel reinforcing bars, respectively. Based on the strain-rate  

 

 

Figure 4.5  Illustration of Two-Way RC Panel Specimen Finite Element 
Representation (specimen photo from Razaqpur et al., 2009) 
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effects discussion provided in Section 2.6.1 of this dissertation, strain-rate-

dependent concrete strength enhancement was only considered for tensile 

strains. The relationship between concrete strength enhancement and strain rate 

was defined per Equation (2-27) and implemented in the K&C Concrete Model. 

Strain-rate effects for the steel reinforcing bars were handled via the bracketed 

logarithmic term of the Johnson-Cook flow stress rule that was previously given 

in Equation (2-25). The upper lip of the steel box structure, as well as the hold-

down clamps, were modeled with 3-D brick elements and a simple elastic 

constitutive model for structural steel. A penalty-based, compression-only 

contact definition was implemented between the steel and concrete parts. In 

creating the finite element mesh for the hold-down clamps, care was taken to 

provide adequate translational restraint without affording any appreciable 

rotational restraint to the RC panel edges. 

 Blast loads were incorporated into the numerical simulations in an 

uncoupled manner—refer to Section 2.6 of this dissertation for more discussion 

on coupled versus uncoupled modeling approaches. The BlastX code (Britt et al, 

2001) was first used to calculate reflected overpressure histories at each nodal 

location on the incident face of an RC panel concrete mesh. The numerically 

generated overpressure histories were subsequently applied as nodal forces to 

the incident face of the considered RC panel concrete mesh during the dynamic 

analysis. During each blast test, four overpressure gauges were located on the 

surface of the backfill around the perimeter of an RC panel specimen. These 

gauges can be seen in Figure 4.5. During the BlastX calculations for each RC 

panel specimen, reflected overpressure histories were also calculated at these 

gauge locations. Predicted and measured peak reflected overpressures and 
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specific impulses at these gauges were averaged for each blast test, and the 

results are provided in Figure 4.6. It was explained in Section 3.3 that ANFO is 

notorious for being relatively inconsistent with respect to explosive yield. 

Among other things, this is due to the fact that ANFO is granular and non-  

 

(a) 

 

(b) 

Figure 4.6  Illustration of Measured versus Predicted Blast Load Characteristics for 
Two-Way RC Panel Investigation: (a) Peak Reflected Overpressure, (b) Peak Reflected 

Specific Impulse 
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monomolecular in nature. Other potential sources of inconsistency between ideal 

blast load characterization tools and actual detonations include, but are not 

limited to, in-situ atmospheric conditions, actual charge geometry and 

configuration, the packing or manufacturing quality of the charge (particularly 

important for ANFO), the location of detonation initiation within the charge, the 

primer and/or booster material used to initiate the detonation, and superfluous 

shock wave reflections off the testing apparatus. All things considered, the 

predicted peak reflected overpressures and specific impulses of Figure 4.6 were 

deemed reasonable and acceptable. 

 Simulation results for one of the two-way RC panel specimens are shown 

in Figure 4.7. The finite element plot colors in Figure 4.7 graphically depict the 

K&C Concrete Model’s damage index. A damage index of one corresponds to the 

concrete material encroaching on a plasticity yield surface, and a damage index 

of two corresponds to completely damaged material. Blue contours represent 

damage indices ranging from zero to one, and a linear blue-to-red color gradient 

spans damage indices ranging from one to two (i.e., red contours correspond to 

completely damaged material). An important observation that can be made from 

Figure 4.7 is the non-symmetric yield line pattern seen on the bottom surface of 

the actual test specimen. It is hypothesized that the non-symmetric yield line 

pattern was the result of a non-symmetric blast load distribution. Conversely, for 

the finite element prediction that was based on an ideal, centrally-located charge, 

a symmetric yield line pattern was observed. Because the linear variable 

differential transformer (LVDT) was placed at the center of the test specimen 

during the actual blast test, the absolute peak response was likely not captured.   
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Figure 4.7  Illustration of Simulation Results for Blast-Loaded, Two-Way RC Panel 
Specimen (specimen photo from Razaqpur et al., 2009) 

Additional simulation results are presented in Figure 4.8, where attention 

is paid to local response in the vicinity of the RC panel specimen hold-down 

clamps. As can be seen from Figure 4.8, local shear damage due to the presence 

of the hold-down clamps was adequately captured by the finite element model. 

These favorable results suggest that the modeling approach and contact 

definitions used to represent the hold-down clamps were appropriate. A 

summary of predicted versus measured peak displacement is graphically 

depicted in Figure 4.9 for all four RC panel specimens. All predictions were 



 
276

deemed reasonable, with only one being slightly under-predicted. The largest 

error was a 0.5-in. over-prediction, and it was associated with the RC panel 

specimen that exhibited a non-symmetric yield line pattern. As mentioned 

previously, this error was likely due to the fact that the measured peak 

displacement from the centrally located LVDT did not represent the absolute 

 

Figure 4.8  Illustration of Local Damage near Two-Way Panel Specimen Hold-Down 
Clamps 

 

Figure 4.9  Illustration of Measured versus Predicted Peak Displacement for Two-Way 
Panel Investigation 
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peak displacement exhibited by the test specimen; whereas, the absolute peak 

displacement did occur in the center of the test specimen during the numerical 

simulation. 

 In addition to predicting peak response, the numerical simulations were 

also utilized to conduct a brief sensitivity study of the finite element mesh. Mesh 

density and steel reinforcement element formulation were investigated, and the 

results are presented in Figure 4.10a and Figure 4.10b, respectively. Both plots of 

Figure 4.10 show predicted and measured mid-span deflections for the test 

specimen of Figure 4.7 that exhibited a non-symmetric yield line pattern. Two 

different mesh densities were investigated, and both were found to yield 

approximately the same peak displacement. While response was observed to 

deviate during rebound in in Figure 4.10a, it was concluded that such deviation 

was tolerable given that the response quantity of interest for this research is peak 

response. Consequently, the coarser mesh density presented in Figure 4.10a was 

implemented throughout the remainder of this research.  

Regarding the choice of a finite element formulation for modeling steel 

reinforcing bars, truss and beam element formulations were investigated. As can 

be seen from Figure 4.10b, both element formulations produced essentially 

identical peak response predictions for this particular simulation that clearly 

involved flexural yielding and concrete damage. Strictly speaking, beam 

elements are incompatible with 3-D brick elements because they possess 

rotational degrees of freedom at their nodes—the chosen 3-D brick element only 

possesses displacement degrees of freedom at its nodes. Beam elements are also 

more computationally expensive than truss elements. However, beam elements 

more accurately represent the resistance afforded by a single steel reinforcing bar    
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(a) 

 

(b) 

Figure 4.10  Finite Element Sensitivity Study Results: (a) Effect of Mesh Density on 
Two-Way RC Panel Response, (b) Effect of Finite Element Formulation for Steel 

Reinforcing Bars on Two-Way RC Panel Response 
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than truss elements. This is particularly true for situations involving highly 

damaged concrete brick elements, where the bending stiffness of individual steel 

reinforcing bars becomes increasingly important in the vicinity of the damaged 

concrete. Ultimately, it was decided to utilize beam elements throughout the rest 

of this research. 

4.1.2 ONE-WAY PANEL INVESTIGATION 

In addition to the two-way RC panel analyses described in Section 4.1.1, 

an experimental test series involving one-way RC panel specimens subjected to 

centrally located free-air bursts was also evaluated (Wu et al., 2009). An 

illustration of the typical blast test setup is provided in Figure 4.11. A 

Composition-B charge—shaped in a cylindrical geometry (R/D ~ 1.0), oriented 

with its longitudinal axis perpendicular to the target panel normal, and end-

detonated—was hung directly over the center of the test specimen via the guyed 

steel frame structure shown in Figure 4.11. The test specimen was placed in the 

tubular steel reaction structure shown in Figure 4.11, and the specimen’s short 

edges were clamped to the reaction structure with steel angles to prevent uplift 

during rebound response. A fully installed RC panel specimen, along with the 

finite element representation, is shown in Figure 4.12. The finite element 

modeling approach and blast load characterization procedure described in 

Section 4.1.1 were implemented for the one-way panel simulations as well.  
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Figure 4.11  Test Setup for One-Way Panel Blast Tests (dimensions in photo are in 
millimeters) [Wu et al., 2009] 

 

 

Figure 4.12  Illustration of One-Way RC Panel Specimen Finite Element 
Representation (specimen photo from Wu et al., 2009) 
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 During all but one blast test, two overpressure gauges were placed on the 

incident face of the RC panel specimen, as shown in Figure 4.13. For the other 

blast test, a free-field overpressure gauge was placed at a standoff distance from 

the RC panel specimen and explosive charge in lieu of the two specimen-

mounted gauges. These gauge locations were considered during the BlastX 

calculations for each RC panel specimen. A comparison of predicted and 

measured peak overpressures and specific impulses at these gauges are provided 

in Figure 4.14a and Figure 4.14b, respectively. BlastX provided good predictions 

for all but one blast test. Attempts to determine the causes of the over-predicted 

outlier points in Figure 4.14a and Figure 4.14b were not successful in 

determining the source of the discrepancy. Based on available data, it could not  

    

 

Figure 4.13  Schematic of One-Way RC Panel Specimen Instrumentation (Wu et al., 
2009) 
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(a) 

 

 

(b) 

Figure 4.14  Illustration of Measured versus Predicted Blast Load Characteristics for 
One-Way RC Panel Investigation: (a) Peak Reflected Overpressure, (b) Peak Reflected 
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be determined whether the discrepancy originated from the BlastX calculations 

or anomalous test data. Given the inherent variability in explosive yield and 

shock front behavior (e.g., non-ideal spatial distribution) previously discussed in 

Section 4.1.1, the comparison results of Figure 4.14 were deemed reasonable and 

acceptable for this research. 

Simulation results for one of the one-way RC panel specimens are shown 

in Figure 4.15. The finite element plot colors in Figure 4.15 graphically depict the 

K&C Concrete Model’s damage index, and the color scheme of the contours is 

identical to that previously described in Section 4.1.1. A measured peak 

displacement of approximately 1.53-in. was observed during the blast test, 

whereas the numerical simulation predicted a peak displacement of 1.49-in. The 

predicted displacement was slightly less than the measured value, with an error 

of approximately 0.04-in. In addition, the damage contours shown in Figure 4.15 

are consistent with the flexural and flexural-shear cracks that can be seen in the 

post-test photo of the RC panel specimen in Figure 4.15. Catastrophic failure of 

the RC panel specimen was neither observed nor numerically predicted. 

Measured versus predicted peak displacements are graphically depicted in 

Figure 4.16 for all four one-way RC panel specimens. Overall, the numerically 

predicted peak displacements show excellent agreement with those measured  

 

Figure 4.15  Illustration of Simulation Results for Blast-Loaded, One-Way RC Panel 
Specimen (specimen photo from Wu et al., 2009) 
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Figure 4.16  Illustration of Measured versus Predicted Peak Displacement for One-
Way Panel Investigation 

during the blast tests.     

The numerical simulations were also utilized to confirm the approach 

described in Section 2.6.1 for explicitly considering strain-rate effects. Figure 4.17 

shows a comparison of two numerically predicted central displacement histories 

for the one-way RC panel specimen shown in Figure 4.15. The solid curve in 

Figure 4.17 represents the central displacement history resulting from not 

explicitly considering strain-rate effects in the concrete constitutive model. The 

dashed curve in Figure 4.17 represents the central displacement history resulting 

from explicitly considering strain-rate effects in the concrete constitutive model, 

where apparent strength increase versus tensile strain-rate is defined per 

Equation (2-27). Clearly, neglecting strain-rate effects resulted in an over-

predicted peak displacement. In addition, it can be seen that the solid curve 

exhibits period lengthening behavior relative to the dashed curve. This is likely  
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Figure 4.17  Illustration of Strain-Rate Effect on Numerically Predicted Peak One-Way 
Panel Response 

due to excessive tensile-related concrete damage during the initial inbound 

response. 

4.1.3 SUMMARY OF INVESTIGATION RESULTS AND MODELING APPROACH 

A summary of the one-way and two-way RC panel peak displacement 

predictions is graphically illustrated in Figure 4.18. Aside from the one two-way 

RC panel specimen that was considerably over-predicted due to non-symmetric 

yielding of the test specimen, it was concluded that the numerical results were 

reasonable and indicative of an acceptable numerical modeling approach for  
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Figure 4.18  Graphical Illustration of Validation Results for Numerical Modeling 
Approach of Blast-Loaded RC Panel Components 

blast-loaded RC panel components. It should be noted that, over the course of 

the validation simulations, various through-thickness finite element mesh 

densities were investigated. The initial modeling approach included 10 elements 

through the thickness of an RC panel. Additional simulations were also 

conducted to investigate the performance of 7 and 5 through-thickness elements. 

Ultimately, it was concluded that 5 through-thickness elements was adequate for 

accurately capturing global modes of RC panel response. For exceptionally 

severe threat scenarios involving early-time material damage, 5 through-

thickness elements would likely not provide the level of fidelity necessary to 

adequately capture such localized material behavior. However, because global 
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modes of component response were of primary interest during the parametric 

investigation described in Section 4.3, this issue was not a major concern. The 

final modeling approach subsequently utilized during the RC tower leg 

parametric analysis comprised the following key features: 

• Pure Lagrangian computational domain 

• Blast load treated in uncoupled manner by mapping BlastX-generated 

overpressure histories to nodal locations on the incident face of a target 

RC panel component 

• Concrete modeled with 3-D brick elements having a single, centrally 

located integration point; nominal element edge length not to exceed 2-

in.; at least 5 elements through the thickness of an RC panel 

component 

• Steel reinforcing bars modeled with beam elements and defined to be 

coincident with the nodes of concrete brick elements (i.e., perfect bond) 

• Concrete constitutive model defined with K&C Concrete Model (LSTC, 

2012; Magallanes et al., 2010) and tensile-only strain-rate effects 

• Steel constitutive model defined with Simplified Johnson-Cook strain-

rate-based plasticity model (LSTC, 2012; Johnson and Cook, 1983) 

4.2 INVESTIGATING THE INFLUENCE OF SIDE-PANEL OVERPRESSURE ON 

FRONT-PANEL RESPONSE 

One key difference between an isolated RC panel component and an RC 

tower leg is that the former is not influenced by the response of adjacent and 

connected RC panels. As was discussed earlier in this chapter, RC tower leg 
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sections are typically comprised of one or more monolithic boxes. A notional 

two-cell RC tower leg section is shown in Figure 4.19a. As the shock front engulfs 

an RC tower leg, the front panel(s) experience reflected overpressure and the side 

panel(s) experience incident overpressure. Due to displacement and rotation 

compatibility at the monolithic corners of an RC tower leg, the potential exists for 

side-panel response to affect front-panel response. This phenomenon is 

graphically illustrated in Figure 4.19b for the bottom-right convex corner of the 

Figure 4.19a two-cell RC tower leg section. If the pressure distributions shown in  

 

 

(a) 

 

Figure 4.19  Illustrating the Potential Effect of Side-Panel Overpressure on Front-
Panel Response: (a) Hypothetical Two-Cell RC Tower Leg Section, (b) Effect of Side-

Panel Response on Front-Panel Response 

Neglect Side 
Overpressure

Include Side 
Overpressure
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Figure 4.19b are assumed to be static, the presence of side-panel pressure clearly 

acts to reduce the front-panel response. The problem becomes more complex, 

however, when considering the temporal and spatial variability that can exist 

with blast loads. The side-panel incident overpressure is phased in time with 

respect to the front-panel reflected overpressure. The reflected overpressure will 

be larger in magnitude than the incident overpressure, and clearing effects will 

be taking place over time. In summary, it is not clear by inspection how 

significant (if at all) blast-induced side-panel overpressure affects front-panel 

response of typical RC tower leg sections. Given this uncertainty, it was deemed 

necessary to conduct a computational study to quantify the effect of side-panel 

overpressure on front-panel response. If side-panel overpressure was found to 

have a negligible effect on front-panel response, side-panel blast loads could 

justifiably be ignored during the rigorous parametric analysis of Section 4.3. 

Doing so would require blast load mapping to be carried out only for the front 

panels of an RC tower leg, which, in turn, would significantly reduce single-

analysis computation times. 

 The main objective of the side-panel overpressure study was to compare 

front-panel response for simulations that both included and neglected side-panel 

overpressures. Because (a) comparative results were sought and (b) highly 

detailed component response information (e.g., local material damage and 

component failure) was not of primary interest for this study, a simplified finite 

element model of a two-cell RC tower leg was utilized in LS-DYNA (LSTC, 2012). 

A two-cell section was chosen because construction drawings for such geometry 

were readily available at the time this study was conducted. An isometric view 

of the two-cell RC tower leg model is shown in Figure 4.20a, where the left image 
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illustrates concrete elements and the right image illustrates steel reinforcement. 

Concrete was modeled with shell elements and an elastic constitutive model for 

normal-weight concrete having a compressive strength of 4,500-psi. Steel 

reinforcing bars were modeled with beam elements and an elastic constitutive 

model for steel having an elastic modulus of 29,000,000-psi. The beam elements 

were defined such that their nodes coincided with those of the concrete shell 

elements (i.e., perfect bond). Beam offsets were also utilized to account for the 

fact that they were not located along the centerline of the RC tower panels. 

Computationally, beam offsets are taken into account by enforcing a kinematic 

constraint between the mid-surface of a concrete shell element and the cross-

sectional centroid of a steel beam element to capture the effect of a relative offset. 

Two curtains of steel reinforcement were assumed in each panel of the RC tower 

leg. The longitudinal steel reinforcement consisted of #9 bars spaced at 6-in. on 

center, and the transverse steel reinforcement consisted of #4 bars spaced at 6-in 

on center. Figure 4.20b illustrates the beam offsets for the lower-right corner of 

the two-cell RC tower leg. No horizontal diaphragms were considered in the 

computational model. In addition, the boundary conditions consisted of fully 

restrained supports at the tower leg base to represent the presence of a bridge 

deck and lateral/transverse translational restraints at the top of the tower leg. 

Various boundary conditions were investigated at the top of the tower leg, and it 

was found that, in general, they had a negligible effect on individual RC panel 

response near the bridge deck.  

An idealized hemispherical deck burst was selected for the threat scenario 

based on its relevance to an actual attack scenario against a cable-stayed bridge. 

Figure 4.21 illustrates the typical threat and component configuration for the 
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(a) 

 

(b) 

Figure 4.20  Illustration of Typical Finite Element Model used for Side-Panel 
Overpressure Investigation: (a) Isometric View of Double-Cell RC Tower Leg, (b) 

Detail of Steel Reinforcement Offsets 
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Figure 4.21  Typical Hemispherical Deck Burst Threat Scenario Considered during 
Side-Panel Overpressure Simulations 

computational study. The primary variables of interest were side-panel width, 

free-edge-to-charge distance, scaled standoff, peak front-panel displacement, and 

peak side-panel displacement. For each simulation, blast load characterization 

was conducted with BlastX (Britt et al., 2001) in the same uncoupled, two-step 

manner as described in Section 4.1. The simulation matrix provided in Table 4.1 

was carried out twice, once with side-panel overpressures and once without (i.e., 

32 total simulations).  
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Table 4.1  Simulation Matrix for Side-Overpressure-Included and Side-Overpressure-
Neglected Analyses 

Scaled 
Standoff, Z 

Side Panel 
Width 

Front Panel 
Width 

Charge Dist. to 
Free Edge1, a 

(ft / lb1/3) (ft) (ft) (ft) 
0.50 12 12 6 
0.76 12 12 6 
1.01 12 12 6 
2.02 12 12 6 
0.50 12 12 3 
0.76 12 12 3 
1.01 12 12 3 
2.02 12 12 3 
0.50 7 12 6 
0.76 7 12 6 
1.01 7 12 6 
2.02 7 12 6 
0.50 7 12 3 
0.76 7 12 3 
1.01 7 12 3 
2.02 7 12 3 

Note 1:  Idealized hemispherical deck burst 

Example simulation results are illustrated in Figure 4.22. In Figure 4.22a, 

contours of peak transverse displacement are shown on an isometric view of a 

deformed RC tower leg. This figure emphasizes the point that boundary 

conditions at the top of the tower leg have a negligible effect on individual RC 

panel response near the bridge deck. Figure 4.22b and Figure 4.22c graphically 

compare peak front-panel response for a pair of simulations that considered the 

same threat and component configuration. The results shown in Figure 4.22b 

include side-panel overpressure, while the results shown in Figure 4.22c do not 

include side-panel overpressure. In comparing side-panel deformations and 

front-panel peak displacements from Figure 4.22b and Figure 4.22c, it can be 
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observed that the influence of side-panel overpressure on peak front-panel 

response was minimal.  

Results from all simulations are presented in Figure 4.23, where Figure 

4.23a and Figure 4.23b include results for a charge-to-free-edge distance of 6-ft 

and 3-ft., respectively. In both plots, the ordinate axis represents the ratio of peak 

front-panel displacement considering the influence of side-panel overpressure to 

peak front-panel displacement neglecting the influence of side-panel 

overpressure. Overall, the results suggest that side-panel overpressure has a 

minimal effect on front-panel response for typical RC tower leg geometries. This 

  

 

Figure 4.22  Example Simulation Results for Side-Panel Overpressure Investigation: 
(a) Isometric View of RC Tower Leg Showing Transverse Displacement Contours, (b) 

Section View of Peak Transverse Displacement Considering Side-Panel 
Overpressure, (c) Section View of Peak Transverse Displacement Neglecting Side-

Panel Overpressure 
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(a) 

 

(b) 

Figure 4.23  Graphical Results for Side-Panel Overpressure Investigation: (a) 6-ft 
charge-to-free-edge distance, (b) 3-ft charge-to-free-edge distance 

finding is likely due to a couple reasons. First, reflected overpressures acting on 

the front panel of an RC tower leg are much larger than incident overpressures 

acting on the side panel. In addition, side-panel overpressures are phased in time 

relative to front-panel overpressures, so front panel response initiates prior to 
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side panel response. It should also be noted that, for threat scenarios of interest, a 

front panel will likely experience appreciable material nonlinearity due to 

flexural hinging. As a result, rotational compatibility between front- and side-

panel connected edges is lost, rendering front-panel response essentially 

independent of side-panel response. 

A final remark regarding the side-panel overpressure investigation has to 

do with threat scenarios involving charges located outside of an RC tower leg’s 

shadow, as shown in Figure 4.24. Recalling that the goal of this research is to 

develop a component-level response model for RC tower panels subjected to 

above-deck explosive threat scenarios, it can be justified per inspection that the 

model need not consider charges located outside of an RC tower leg’s shadow. In 

Figure 4.24, Charge 1 is centered at mid-span of the lower-right tower panel with 

a standoff of R1. As Charge 1 moves to the right in Figure 4.24, the standoff to the  

 

Figure 4.24  Illustrating Lessened Component-Level Threat Severity for Charge 
Located Outside of RC Tower Leg Shadow 

Road-Side

R1 R2 > R1

Water-Side

RC Tower Leg Shadow

Plan View

Charge 1 Charge 2

Bridge Deck
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front panel remains the same as long as Charge 1 does not move outside the 

tower leg shadow. However, as Charge 1 moves outside the tower leg shadow, 

the standoff to the nearest point on the tower leg begins to increase relative to R1. 

Also, the angle of incidence, α, begins to increase. Any ray initiating from Charge 

2 and terminating at a point on the front panel or side panel will be greater in 

length than R1 and R2. The severity of a blast load decreases with both increasing 

standoff and angle of incidence. Consequently, the total blast load delivered to 

either the front panel or side panel due to a charge located outside the tower leg 

shadow will be less severe from a component-level perspective than that 

delivered to the front panel by a charge located inside the tower leg shadow. 

Given this identified bound in component-level threat severity, the parametric 

analysis discussed in Section 4.3 of this dissertation did not consider threat 

scenarios involving charges located outside the shadow of an RC tower leg.  

4.3 PARAMETRIC ANALYSIS FOR SYNTHETIC DATA GENERATION 

Given a validated finite element modeling approach for blast-loaded RC 

tower panels, as well as identified bounds on appropriate above-deck threat 

scenarios, a rigorous parametric analysis was conducted. The goal of the 

parametric analysis was to generate a comprehensive set of synthetic data for use 

in deriving fast-running global response prediction equations for blast-loaded 

RC bridge tower panels. A description of the computational model used during 

the parametric analysis and a discussion of analysis results are provided in the 

following subsections. 
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4.3.1 DESCRIPTION OF RC TOWER LEG COMPUTATIONAL MODEL 

A two-cell RC tower leg section was considered during the parametric 

analysis because construction drawings of such geometry were readily available 

at the time this research. The validated finite element modeling approach 

described in Section 4.1 was implemented during the parametric study. In 

addition, blast load characterization was done in the same two-step, uncoupled 

manner as was previously described in Sections 4.1 and 4.2, with side-panel 

overpressures being neglected. The typical two-cell RC tower leg computational 

model used during the parametric study is shown in Figure 4.25. 3-D brick  

 

                   (a)                                                               (b) 

Figure 4.25  Illustration of Typical Two-Cell Tower Leg Model used for Parametric 
Analysis: (a) Steel Reinforcement and Horizontal Diaphragm Layout, (b) Elastic and 

Plasticity Concrete Brick Elements 
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elements representing concrete are shown in Figure 4.25a, and beam elements 

representing steel reinforcement are shown in Figure 4.25b. In Figure 4.25a, it 

should be noted that two different concrete constitutive models were employed. 

The K&C Concrete Model (LSTC, 2012; Magallanes et al., 2010) was used for the 

front-, side-, and middle-panel 3-D brick elements up to an elevation equal to 

that of the horizontal diaphragm plus 10-ft, and an elastic concrete constitutive 

model was used for all 3-D brick elements above that elevation. In addition, the 

same elastic constitutive model was used for all back-face 3-D brick elements. In 

general, an elastic constitutive model was used for those elements deemed highly 

unlikely to significantly affect front-panel response, and this was done merely to 

reduce single-analysis computation times. Based on observations from the 

simulations described in Section 4.2, the elements selected to be represented with 

an elastic constitutive model were not expected to experience nonlinear response. 

Steel reinforcing bars were not explicitly modeled in the 3-D brick elements 

having an elastic concrete constitutive model. Rather, transformed section 

properties were used to represent the elastic stiffness of the RC panels.  

In Figure 4.25b, the bottom-right front-face panel—hereafter referred to as 

the target panel—is shown with an aspect ratio of 2.0, which is just one of many 

aspect ratios considered during the parametric study. Specifically, target panel 

aspect ratios of 1.0, 1.5, 2.0, and 3.0 were considered during the parametric study. 

A matrix of 92 simulations were carried out for each aspect ratio, resulting in 368 

total simulations. The matrix of 92 simulations evaluated the following 

parameters: 

• Diaphragm thickness 

• Target-panel thickness 
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• Side-panel thickness 

• Steel reinforcing yield strength 

• Unconfined concrete compressive strength 

• Longitudinal steel reinforcement ratio 

• Transverse steel reinforcement ratio 

• Horizontal charge location relative to the right edge of the target panel 

• Vertical charge location relative to the bridge deck 

• Charge weight 

• Physical standoff 

• Sustained axial compressive stress in the RC tower leg as a percentage of 

the tower leg’s nominal axial capacity 

For all simulations, a spherical TNT bulk explosive charge was assumed 

for the threat. Also, the same RC tower leg boundary conditions employed 

during the side-panel overpressure investigation of Section 4.2 were also 

employed for all simulations discussed in this section. Finally, for each target 

panel aspect ratio considered, a base simulation case was first analyzed. The base 

threat and component configurations were held constant from one target panel 

aspect ratio to the next, and the base case peak displacement was used to 

normalize peak displacements for the remaining 91 simulations carried out for 

each target panel aspect ratio. This normalization strategy was implemented to 

aid in the subsequent development of global response prediction equations, as 

will be provided in the next section. 
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4.3.2 PARAMETRIC ANALYSIS RESULTS 

Upon completion of each simulation, significant post-processing took 

place. Various 3-D contour plots were investigated to interpret the target panel’s 

governing mode of response and determine whether local or global failure 

occurred. In addition, displacement-time histories recorded at numerous nodal 

locations along the height of the target panel were reviewed to determine peak 

displacement. Figure 4.26 illustrates contour plots of the K&C Concrete Model 

damage index for two example RC tower leg simulations exhibiting moderate 

global response and nonlinear material behavior. In Figure 4.26a, damage 

contours are shown for a target panel having an aspect ratio of 1.0, and, in Figure 

4.26b, damage contours are shown for a target panel having an aspect ratio of 2.0. 

Both simulation results show target panel incident-face edge damage and back-

face inclined yield lines. In addition, for both simulation results, the other front 

panel (i.e., the front panel not denoted as the “target panel”) sustained the most 

severe damage in its upper corner near the edge of the RC tower leg. It is 

hypothesized that this damage pattern was a result of the difference in rotational 

stiffness along the front panel edges, as was previously illustrated in Figure 4.3. 

In Figure 4.27, simulation results for an example local breach failure is presented 

for an aspect ratio 1.0 target panel subjected to a severe explosive charge that was 

laterally aligned near the target panel’s right edge (i.e., convex corner of RC 

tower leg). Figure 4.27a provides a detailed view of the ruptured steel reinforcing 

bars, and Figure 4.27b shows K&C Concrete Model damage index contours.   



 
302

 

(a) 

 

(b) 

Figure 4.26  Illustration of RC Panel Damage Patterns for Moderately Severe 
Hemispherical Deck Burst: (a) Aspect Ratio 1 Panel, (b) Aspect Ratio 2 Panel 

 



 
303

 

(a) 

 

(b) 

Figure 4.27  Illustration of Local Breach Failure of Aspect Ratio 1 RC Tower Leg Panel: 
(a) Local Steel Reinforcement Failure, (b) Local Concrete failure 
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For simulations that included sustained axial compressive stress in the RC 

tower leg, vertical reaction histories around the left and right boxes of the tower 

leg section were recorded. These histories were subsequently examined to see 

how the RC tower leg carried the axial force when subjected to blast loads of 

varying severity. Three different observed axial load carrying behaviors are 

presented in Figure 4.28. Reaction histories for a low-severity blast load are 

shown in Figure 4.28a, where the left and right portions of the RC tower leg 

section essentially share equal portions of the total axial load throughout the 

entire simulation. Reaction histories for a moderately severe blast load are shown 

in Figure 4.28b. During this simulation, the right box of the tower leg section 

temporarily shed some of the total axial load to the left box while responding 

transversely to the blast load. Later in time after the target panel’s peak 

transverse response, the right box of the tower leg section began to regain its  

 

Figure 4.28 (a) 
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(b) 

 

(c) 

Figure 4.28  Illustration of Axial Load Redistribution for Blast-Loaded, Two-Cell RC 
Tower Leg Having Aspect Ratio 3 Panels and Carrying a Sustained Axial Load Equal 
to 0.30Pn: (a) Deck Burst with Z = 1.72-ft/lb1/3, (b) Deck Burst with Z = 1.15-ft/lb1/3, (c) 

Deck Burst with Z = 1.0-ft/lb1/3  
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portion of the axial load until both halves of the tower leg section returned to 

equal axial load sharing around 35-msec. Reaction histories for a highly severe 

blast load are shown in Figure 4.28c, where the right box of the tower leg section 

shed axial load during peak transverse response and never was able to recover. 

The target panel eventually suffered global failure during this simulation. 

The most significant post-processing effort of the parametric study was 

generating comparison plots for all considered parameters. The results of this 

post-processing effort are presented in Figure 4.29 through Figure 4.42. It should 

be noted that the ordinate axis of all comparison plots represents the ratio of 

peak target panel displacement for a specific simulation to peak target panel 

displacement for the appropriate base simulation case. In generating the least-

squares curve-fits shown in Figure 4.29 through Figure 4.42, a two-step process 

was followed. First, the data were examined to determine whether one or 

multiple trend lines were needed to adequately represent the considered 

parameter. One or more trend lines were then defined using the available 

functional forms provided in Microsoft Excel. The choice of functional form was 

primarily based on the quality of the least-squares fit for the given data bounds.  

The effect of horizontal diaphragm thickness on target-panel peak response is 

presented in Figure 4.29. The aspect ratio 1.0 target panel was the only one that 

showed sensitivity to horizontal diaphragm thickness. This finding is likely due 

to the transition from two-way behavior for the aspect ratio 1.0 panel to one-way 

behavior for the larger aspect ratios.  
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Figure 4.29  Effect of Horiz. Diaphragm Thickness on Target-Panel Peak Response 

Figure 4.30 illustrates the effect of target-panel thickness on target-panel 

peak response. The effect of target-panel thickness was found to be essentially 

identical for all target-panel aspect ratios. The effect of side-panel thickness on 

target-panel peak response is presented in Figure 4.31. For the specific 

simulations that investigated side-panel thickness, the thickness of both side 

panels and the center panel (i.e., all panels oriented perpendicular to the target 

panel) were simultaneously modified. The same general trend of increasing 

target-panel peak displacement with decreasing side-panel thickness was 

observed for all target-panel aspect ratios, with the largest deviations being with 

the 1.0 and 1.5 aspect ratios. Again, the larger deviations associated with the 

smaller aspect ratios is likely due to the two-way versus one-way panel behavior.  
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Figure 4.30  Effect of Front-Panel Thickness on Target-Panel Peak Response 
 
 

 

Figure 4.31  Effect of Side-Panel Thickness on Target-Panel Peak Response 
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The effect of steel reinforcement yield strength on target-panel peak 

response is presented in Figure 4.32. For these simulations, variations in steel 

reinforcement yield strength were universally applied to all longitudinal and 

transverse bars. As can be seen from Figure 4.32, a similar trend of increasing 

target-panel peak displacement with decreasing steel reinforcement yield 

strength was observed for all target-panel aspect ratios. A similar trend of 

increasing target-panel peak displacement with decreasing strength was 

observed for unconfined concrete compressive strength, as is illustrated in Figure 

4.33. 

 

Figure 4.32  Effect of Steel Reinforcement Yield Strength on Target-Panel Peak 
Response 
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Figure 4.33  Effect of Concrete Compressive Strength on Target-Panel Peak Response 

The effect of longitudinal and transverse steel reinforcement ratio on 

target-panel peak response is presented in Figure 4.34 and Figure 4.35, 

respectively. In reviewing these plots, it can be observed that transverse steel 

reinforcement ratio was more influential on target-panel peak response than the 

longitudinal steel reinforcement ratio. This disparity is most apparent for the 

larger target-panel aspect ratios, and it is likely due to the transition from two-

way to one-way panel behavior as target-panel aspect ratio increases. For the 

larger aspect ratios, the target panel spans horizontally in one-way behavior and 

thus primarily utilizes the transverse steel reinforcement as the main flexural 

reinforcement. 

 

y = 1.5501x-0.318

R² = 0.936

0

0.2

0.4

0.6

0.8

1

1.2

0 2 4 6 8 10 12 14

Pe
ak

 D
ef

le
ct

io
n 

 / 
Ba

se
 D

ef
le

ct
io

n

Unconfined Compressive Strength, f'c (ksi)

Aspect 1 Aspect 1.5 Aspect 2 Aspect 3



 
311

 

Figure 4.34  Effect of Long. Steel Reinforcement Ratio on Target-Panel Peak Response 
 

 

Figure 4.35  Effect of Trans. Steel Reinforcement Ratio on Target-Panel Peak Response 
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The effect of horizontal and vertical charge location on peak target-panel 

response is illustrated in Figure 4.36 and Figure 4.37. In Figure 4.36, it can be 

observed that peak target-panel response decreases as the charge moves closer to 

a panel edge. The data shown in Figure 4.36 represent threat scenarios wherein 

the charge was horizontally located somewhere between the target-panel mid-

span and the right free edge. An identical trend was identified for charges 

located somewhere between the target-panel mid-span and the left interior edge, 

thus only the former dataset is presented in Figure 4.36. In Figure 4.37, it can be 

seen that the same general trend was observed for all target-panel aspect ratios 

when varying the vertical charge location. Specifically, peak target-panel 

response increases with increasing charge elevation up to approximately the 

target-panel quarter-point. For charge elevations between the target-panel 

quarter-point and mid-point, peak response was found to decrease.   

 

Figure 4.36  Effect of Horizontal Charge Location on Target-Panel Peak Response 
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Figure 4.37  Effect of Vertical Charge Location on Target-Panel Peak Response 
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front formation. 

During the post-processing phase of the parametric study, it was 

discovered that scaled standoff, as well as peak blast load quantities such as 

reflected overpressure and specific impulse, were not good indicators of target-

panel performance. In addition to peak blast load quantities, it was found that 

the distribution of peak load quantities (i.e., spatial variability) was also highly 

influential on target-panel performance. This observation is further discussed in 

Section 4.6. In light of this finding, an attempt was made to capture blast load 

magnitude and distribution in a single parameter termed equivalent uniform 

specific impulse, EUI. An EUI is calculated per Equation (4-1):  

  

  EUI = 
ir x, y  ψel x, y  dx dyh

0
b

0

ψel x, y  dx dyh
0

b
0

 (4-1)

 

where  ir = distribution of peak reflected specific impulse 

  ψel = elastic shape function for 2-D panel element 

  b = width of RC bridge tower panel 

  h = height of RC bridge tower panel 

  EUI = equivalent uniform specific impulse  

In this equation, the double-integral of the product of a peak specific impulse 

distribution and elastic shape function are divided by the double-integral of an 

elastic shape function. For this research, an elastic shape function representing 

the deformed shape of a uniformly loaded 2-D panel component having fully 

fixed edges was used. This shape function was chosen because it was already 

built into the automated BlastX load driver utility. While the fully fixed edge 
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condition may not be the most appropriate boundary condition representation 

for RC tower panels, it was deemed sufficient from a relative perspective in 

comparing blast load severity between multiple threat and RC panel 

configurations. The EUI parameter served to provide a consistent metric for 

correlating charge weight and physical standoff to target-panel performance that 

took into account blast load magnitude and distribution.  

 Making use of the aforementioned EUI parameter, Figure 4.38 illustrates 

the effect of charge weight and physical standoff on peak target-panel response.  

As denoted in Figure 4.38, the outlier data correspond to either local breach 

failure or global component failure (i.e., “blow-out” in DoD terminology). As 

discussed in Section 4.4, a local damage analysis and imposed global response 

limits were integrated into the proposed RC tower panel response model to 

adequately capture local breach failure and global component failure,   

lo
g 10

( Peak 
D

ef
le

ct
io

n 
/ B

as
e 

D
ef

le
ct

io
n)  

 
 log10 EUI Target-Panel Aspect Ratio  

  

Figure 4.38  Effect of Charge Weight and Standoff on Target-Panel Peak Response 
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respectively. Therefore, the data correlation and resulting trend line presented in 

Figure 4.38, and hence the global response prediction equations, were not 

specifically relied upon to capture such failure modes. 

The effect of sustained axial compressive stress due to service-level axial 

loads on peak target-panel response is illustrated in Figure 4.39. In general, a 

trend of decreasing peak displacement with increasing axial compressive stress 

was observed for all target-panel aspect ratios. This general trend is consistent 

with traditional axial-flexural interaction behavior (Wight and MacGregor, 2009) 

and was also observed for RC column components in Figure 3.39. In Figure 4.39, 

it can be seen that the axial-flexural interaction effect decreased with increasing 

target-panel aspect ratio. It is hypothesized that this observation can be 

contributed to two competing phenomena. First, as the target-panel aspect ratio 

increases, the slenderness of the panel increases and thus second-order effects 

become more pronounced. However, as the target-panel aspect ratio increases 

 

Figure 4.39  Effect of Axial Compressive Load on Target-Panel Peak Response 
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for the same threat scenario, the distance from the resultant blast force to the RC 

panel centroid increases, thereby reducing second-order effects. Adding to the 

complexity is the fact that the resultant blast load itself increases with increasing 

target-panel aspect ratio due to the increasing presented surface area of the target 

panel. Second-order effects become more pronounced as the resultant blast force 

increases. These competing phenomena are graphically depicted in Figure 4.40. 

The peak reflected overpressure distributions shown in Figure 4.40 are linear 

simplifications for the sole purpose of discussion. They do not necessarily 

represent with a high level of accuracy the type of peak blast load distributions 

likely to arise from threat scenarios involving relatively close-in detonations. A 

more realistic representation was previously shown in Figure 3.24 for blast-

loaded RC bridge columns, where highly nonlinear load distribution was 

observed. This type of load distribution would result in an appreciable increase 

in the offset distance between the resultant blast force and RC tower panel 

centroid than what is shown in Figure 4.40. Given all of these complexities, it was 

ultimately decided to implement a conservative, upper-bound curve-fit in Figure 

4.39 for all target panel aspect ratios greater than 1.0.   
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Figure 4.40  Illustration of Competing Phenomena Influencing Second-Order Effects 
on Blast-Loaded RC Panel Response 
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curve-fits to predict the actual (i.e., not normalized) peak response of a given RC 

tower panel. The two-step correlation used in this research is presented in Figure 

4.41 and Figure 4.42. The empirical relationship presented in Figure 4.41 is first 

used to identify an appropriate base-case EUI based on a given RC panel aspect 

ratio (height / width). The base-case EUI is then utilized with the empirical 

relationship presented in Figure 4.42 to determine a base-case peak 

displacement. The product of a base-case peak displacement and a normalized 

peak displacement predicted from the least-squares curve-fits yields an actual 

peak RC panel response prediction. This process is further described in Section 

4.4.3 of this dissertation.  

All of the previously described parameter correlations were subsequently 

used to derive global response prediction equations for blast-loaded RC tower 

panels. This set of empirically derived response prediction equations formed 

basis for the global response analysis of the proposed RC tower panel component  

 

Figure 4.41  Calibration of Base-Case EUI Expression 
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Figure 4.42  Calibration of Base Deflection Expression 

response model. The derivation and implementation of the empirical equations 

are further described in Section 4.4.3 of this dissertation. 
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The proposed model then reports key local and global response parameters, as 

well as whether any modes of component failure are predicted to occur. 

Additional details for each phase of the component response model are provided 

in the following subsections.    

4.4.1 BLAST LOAD CHARACTERIZATION 

The blast load characterization phase of the proposed component 

response model involves the calculation of reflected overpressure histories for a 

rectilinear grid of numerical overpressure gauges evenly distributed over the 

incident face of a target panel using an automated version of the BlastX code 

(Britt et al., 2001). Aside from the target panel itself, a single reflecting surface at 

the base of the target panel is considered during the BlastX calculations. This 

configuration is consistent with an above-deck detonation scenario. A 10×10 grid 

of numerical overpressure gauges, as shown in Figure 4.43 for a hypothetical 

target panel, is considered during the BlastX calculations so that the distribution 

of peak reflected overpressure and specific impulse is sufficiently captured. Once 

the overpressure histories have been calculated, an EUI is calculated per 

Equation (4-1) using the elastic shape function previously described in Section 

4.3.2 and graphically depicted in Figure 4.43. The calculated overpressure 

histories and EUI are subsequently used as load input to the local damage and 

global response analyses, respectively.  
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Figure 4.43  Schematic of RC Tower Panel Blast Load Characterization Approach 

4.4.2 LOCAL DAMAGE ANALYSIS 

As with the RC bridge column component, the focus of the local damage 

analysis for blast-loaded RC tower panels is to predict whether early-time spall 

and/or breach damage occurs. The development of a local damage algorithm 

relied on the modification of an empirically-based 1-D wave propagation 

methodology developed for the prediction of local spall/breach damage of blast-

loaded RC panels (Marchand and Plenge, 1998). The modifications were 

intended to account for the effects of axial pre-compression and orthotropic steel 

reinforcement configurations. Adjustments to the methodology were devised 

based on synthetic data generated from high-fidelity arbitrary Lagrangian-

Eulerian (ALE) computational simulations (LSTC, 2012; Belytschko et al., 2000). It 

should be noted that much of the local damage algorithm development was 

h

b
Bridge Deck

x

y

( )yx,ψel

( )yx,ψel

Numerical 
Overpressure 
Gauge (typ.)



 
323

carried out by Protection Engineering Consultants (PEC). Additional details and 

validation results regarding this development effort can be found in the U.S. 

Army Corps of Engineers report entitled Spall and Breach Algorithms for Reinforced 

Concrete Tower Wall: A Module for Anti-Terrorist Planner for Bridges (Puryear et al., 

2013). 

The typical quarter-symmetry ALE model used during this development 

effort is illustrated in Figure 4.44. The Lagrangian beam elements and 3-D brick 

elements used to model the steel reinforcement and compression plate, 

respectively, are shown in Figure 4.44a. The two symmetry planes are also 

denoted in Figure 4.44a. The compression plate was used as an analytical tool for 

uniformly applying the axial pre-compression force to the RC tower panel. 

Figure 4.44b illustrates the Eulerian air, high-explosive charge, and concrete 

domains within the computational ALE model. Details of the biased Eulerian 

concrete mesh are highlighted in Figure 4.44c.  
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 (a)                                                                      (b) 

 

(c) 

Figure 4.44  RC Tower Panel Local Damage ALE Model [adapted from Puryear et al., 
2013]: (a) Empty Eulerian Domain with Lagrangian Steel Reinforcement and 

Compression Plate Elements, (b) Filled Eulerian Domain, (c) Eulerian Concrete and 
High-Explosive Charge Meshes    

Example simulation results showing K&C Concrete Model damage index 

contours are presented in Figure 4.45, where spall damage can be seen in Figure 

4.45a and breach damage in Figure 4.45b. The axial pre-compression was found 

to reduce material damage along the in-plane direction parallel to the applied 

axial force for relatively small applied impulses and associated strain rates. 

However, as the severity of the threat scenario increased (i.e., larger impulses  
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and strain rates), the material’s inherent resistance to the induced motion—often 

referred to as inertial resistance—dominated the response, rendering the axial 

pre-compression essentially negligible. It was also found that the amount of 

concrete damage remained essentially independent of the reinforcement. The 

amount of rubblized concrete that flows out of the core, however, and thus the 

residual capacity of the RC tower panel, does depend on the amount and 

configuration of reinforcement. While the quantification of residual capacity was 

not addressed in this research, it is certainly of interest and is an area in need of 

further research. 

  

 

(a)                                                                       (b) 

Figure 4.45  Quarter-Symmetry Section Cuts Illustrating Numerically Predicted Local 
Damage [adapted from Puryear et al., 2013]: (a) Back-Face Spall Damage, (b) Breach 

Damage 
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4.4.3 GLOBAL RESPONSE ANALYSIS 

In developing a fast-running computational algorithm for predicting 

global response of blast-loaded RC tower panels, an empirical approach was 

followed. The computationally generated data generated during the parametric 

study described in Section 4.3 were used to derive best-fit, empirical equations, 

Λi, describing normalized target-panel peak displacement as a function of 

various component and threat parameters. The best-fit curves were previously 

presented in Figure 4.29 through Figure 4.42. The RC tower panel global 

response algorithm superimposes these best-fit curves, and the resulting 

normalized peak displacement is then multiplied by a base-case peak 

displacement, Δbase, to yield a predicted target-panel peak displacement, Δtarget . 

This process is mathematically described by Equation (4-2), where the individual 

best-fit curves are given in Equations (4-3) through (4-13). In calculating a base-

case peak displacement, a base-case EUI is first calculated per Equation (4-14). 

The base-case EUI is then used as input to Equation (4-15) to yield a base-case 

peak displacement.  

     

 Δtarget = Δbase 1 + (Λi - 1)11

i = 1

 (4-2)

Diaphragm Thickness: Λ1 = 0.0073 tdia 
2 - 0.1667 tdia + 1.955;  

h
b  ≤ 1.0

linear interpolation;  1.0 < 
h
b  ≤ 1.5

1.0;   
h
b  > 1.5

 (4-3)
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Target-Panel Thickness: Λ2 = 779.2 ttarget
-2.676 (4-4)

Side-Panel Thickness: Λ3 = 1.79 tside
-0.234 (4-5)

Rebar Yield Strength: Λ4 = -0.0022 fy + 1.144 (4-6)

Concrete Compressive 
Strength: Λ5 = 1.55 fʹc

 -0.318 (4-7)

Long. Rebar Ratio: Λ6 = 1.016 e-5.178ρlong;  
h
b  ≤ 1.0

linear interpolation;  1.0 < 
h
b  ≤ 1.5

1.012 e-3.226ρlong;   
h
b  > 1.5

 (4-8)

Trans. Rebar Ratio: Λ7 =
1.013 e-3.646ρtrans;  

h
b  ≤ 1.0

linear interpolation;  1.0 < 
h
b  ≤ 1.5

-0.154 ln ρtrans  + 0.239;   
h
b  = 1.5

linear interpolation;  1.5 < 
h
b  ≤ 2.0

-0.168 ln ρtrans  + 0.150;  
h
b  > 2.0

 (4-9)

Horizontal Charge 
Location: Λ8 = 0.063 ln

ah

h + 1.072 (4-10)

Vertical Charge 
Location: Λ9 =

-2.98
av

h
2

+ 1.48
av

h  + 1.00;  
h
b  ≤ 2.0

linear interpolation;  2.0 < 
h
b  ≤ 3.0

-3.24
av

h
2

+ 1.40
av

h  + 1.02;  
h
b  > 3.0

 (4-11)
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Charge Weight and  
Standoff: 

log10(Λ10) = -0.029 log10 EUI
h
b

2

+  
                          2.04 log10 EUI

h
b  - 5.06 

(4-12)

Axial Prestress: Λ11 = 5.0×10-5(U)2 - 0.0074(U) + 0.99;  
h
b  ≤ 1.0

linear interpolation;  1.0 < 
h
b  ≤ 1.5

2.0×10-5(U)2 - 0.0032(U) + 1.00;  
h
b  > 1.5

 (4-13)

Base EUI: EUIbase = -171.7 ln
h
b + 408 (4-14)

Base Deflection: Δbase = -1.704 ln(EUIbase) + 10.62 (4-15)

 

where  Λi  = ith parametric coefficient 

  Δtarget = predicted target-panel peak displacement [in.] 

  tdia = horizontal diaphragm thickness [in.] 

  h = target-panel height [in.] 

  b = target-panel width [in.] 

  ttarget = target-panel thickness [in.] 

  tside = side-panel thickness [in.] 
   fy = steel reinforcement yield strength [ksi] 

  fʹc = unconfined concrete compressive strength [ksi] 

  ρlong = longitudinal steel reinforcement ratio 

  ρtrans = transverse steel reinforcement ratio 
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  ah = horizontal charge-to-free-edge distance [in.] 

  av = vertical charge-to-bridge-deck distance [in.] 

U = ratio of sustained axial compressive force to target-panel 

nominal axial capacity [%] 

EUIbase = equivalent uniform specific impulse for base case [psi-

msec]  

  Δbase = peak target-panel displacement for base case [in.] 

In addition to predicting target-panel peak displacement, the global 

response algorithm calculates an approximate peak edge rotation for subsequent 

comparison with the response limits presented in Table 4.2. The peak edge 

rotation is approximated by first assuming a yield line pattern for a fully 

clamped panel component having the same aspect ratio as the target panel. 

Given a yield line pattern and peak central displacement, the corresponding peak 

edge rotation can be determined. This approximate approach to predicting peak 

edge rotation, which ignores pre-yield deformations and assumes a post-yield 

linkage-type deformed shape, is common in practice (USACE, 2008; U.S. 

Department of Defense, 2008) and is consistent with the level of fidelity provided 

by the global response algorithm. The approximated peak edge rotation is then 

compared with the response limits of Table 4.2, which were taken from the U.S. 

Army Corps of Engineers’ Technical Report PDC-TR 06-08 Revision 1 Single 

Degree of Freedom Structural Response Limits for Antiterrorism Design (USACE, 

2008). The main objective of imposing global response limits is to define a clear 

and practical response limit for global “blowout” failure. Determining that a 

target panel most likely performed in one of the moderate-to-low damage levels 
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is useful information, but the main goal is to predict with reasonable certainty 

whether global component failure occurred. 

Table 4.2  RC Tower Panel Global Response Limits [adapted from USACE (2008)] 

Level of 
Protection1 

Component 
Damage Levels 

Description of Component Damage 
Response 

Limits2 
μ θ 

High/Medium Superficial No visible permanent damage 1 - 

Low Moderate Permanent deflection; generally 
repairable 

- 2° 

Very Low Heavy 
Significant, unrepairable permanent 

deflection; failure not likely - 5° 

Below AT 
Standards Hazardous 

Component failure; debris velocities 
range from insignificant to very 

significant 
- 10° 

Below AT 
Standards 

Blowout Component failure; significant debris 
velocities 

- >10° 

Note 1:  RC tower panels are considered to be Primary Components per PDC-TR 06-08 
Note 2:  μ is the displacement ductility ratio; θ is the max. edge rotation (deg.) 

4.5 MODEL VALIDATION 

At the time of this research, no experimental data on blast-loaded RC 

tower legs were publically available. Despite this shortcoming, an exhaustive 

validation effort was carried out on the proposed RC tower panel response 

model using available numerical data. In addition to using the response model to 

predict the original model calibration data, six additional numerical simulations 

were conducted in LS-DYNA for subsequent comparison with response model 

predictions. The six additional numerical simulations considered various 

permutations of multiple component and threat parameters to evaluate the linear 

combination approach employed by the global response algorithm described in 

Section 4.4.3.  
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Results from the validation effort are graphically illustrated in Figure 4.46. 

Overall, the proposed RC tower panel response model produces reasonable 

response predictions for all considered cases. As can be seen by the circle data 

points in Figure 4.46, all calibration cases are reasonably predicted. The average 

error in peak response prediction considering all calibration data that did not 

represent local or global failure was found to be approximately 0.30-in, where the 

smallest considered RC panel dimensions for the majority of simulations were 

144”×144”×12”. In addition, local breach failures were all captured with the local 

damage algorithm, and global component failures were all captured with the 

proposed global response limits of Table 4.2. Regarding the cross data points  

 

Figure 4.46  Graphical Depiction of RC Bridge Tower Panel Model Validation Results   
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representing the new numerical simulations, it can be seen that (a) peak response 

ranged over two orders of magnitude and (b) the proposed component response 

model predicted reasonably accurate and conservative peak displacements for all 

six simulations. The average error in peak response prediction for the six new 

simulations was found to be approximately 0.77-in., where the smallest 

considered RC panel dimensions were 144”×144”×12”. 

4.6 A DISCUSSION ON SCALED STANDOFF 

Scaling laws have been utilized for many decades to compare blast effects 

from detonations having different charge sizes, physical standoff, and 

atmospheric conditions. The Hopkinson-Cranz cube-root scaling law (Cranz, 

1926; Hopkinson, 1915) is perhaps the most widely known and frequently used 

such law (refer to Section 2.5.1 for more details). The fundamental concept of 

cube-root scaling is that the energy released from a far-field detonation—or the 

detonation of a truly spherical charge—propagates in an expanding spherical 

geometry, which effectively implies proportionality with specific energy (i.e., 

energy per unit volume). Thus, for a far-field detonation, it follows that scaled 

standoff can be defined as the ratio of physical standoff to the cube-root of 

charge weight. Scaled standoff is a key blast load parameter that sees extensive 

practical use (ASCE, 2011; ASCE, 2010; Dusenberry, 2010; U.S. Department of 

Defense, 2008; Conrath et al., 1999). While it is well known as an independent 

variable to the Kingery-Bulmash empirical blast load parameter curves (Kingery 

and Bulmash, 1984), it is often interpreted as an indicator of nominal load 

severity and structural performance. By definition, a decrease in scaled standoff 
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can only result from a decrease in physical standoff, an increase in charge 

weight, or a combination of both. Therefore, such a parameter can serve as an 

indicator of nominal load severity because its magnitude is used to determine 

peak load quantities such as overpressure and applied impulse. Such logic, 

however, does not necessarily endorse the use of scaled standoff as an indicator 

of structural performance.  

Aside from peak load quantities, a blast-loaded structural component’s 

mode of response and resulting level of damage can be strongly influenced by 

temporal and spatial characteristics of a blast load. Blast loads tend to be 

impulsive, where the pulse duration is typically much less than the fundamental 

period of the blast-loaded target. This type of short-duration loading introduces 

the potential for early-time material damage and high-frequency, shear-

dominated modes of response. In addition, non-uniform load distributions from 

near-field detonations can precipitate severe and highly localized response. 

Different combinations of charge weight and physical standoff can yield different 

spatial and temporal load characteristics while still producing the same scaled 

standoff.  

An example of this observation is presented in Figure 4.47, where a fully 

clamped, isolated RC panel component was subjected to two different 

hypothetical hemispherical ground bursts. All contour plots in Figure 4.47 

represent the K&C Concrete Model damage index. The threat scenario presented 

to the left of Figure 4.47 consisted of a 4-ft physical standoff, 100-lb spherical 

TNT charge, and a resulting scaled standoff of 0.86-ft/lb1/3. The threat scenario 

presented to the right of Figure 4.47 consisted of a 10-ft physical standoff, 1,560-

lb spherical TNT charge, and the same scaled standoff of 0.86-ft/lb1/3. The first  



 
334

 

Figure 4.47  Illustration of Different Component Performance for Two Threat 
Scenarios Having Identical Scaled Standoffs 

threat scenario resulted in moderate back-face spall damage, local deformation 

near the panel base, and a peak displacement of approximately 0.84-in. The 

second threat scenario resulted in significant material damage, gross deformation 

along the entire panel height, and a peak displacement of approximately 19.8-in.  

Despite the fact that scaled standoff was identical for both threat scenarios, there 

was clearly a disparity in component performance. This disparity is further 

addressed in what follows. 
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 A 3-D surface plot of peak reflected overpressure distribution is presented 

in Figure 4.48 for both threat scenarios. The first major observation that can be 

made from these plots is that the absolute-peak reflected overpressure is 

identical at approximately 12,000-psi for both threat scenarios. This is precisely 

what the Kingery-Bulmash empirical blast load parameter curves tell us for 

identical scaled standoffs (refer to Section 2.5.2). The second major observation is 

that the spatial distribution of peak reflected overpressure is markedly different 

for the two considered threat scenarios. As can be seen in Figure 4.48a, the 4-ft-

standoff threat scenario produced a peak reflected overpressure distribution that 

was localized in the vicinity of the RC tower panel base. Conversely, from Figure 

4.48b, the 10-ft-standoff threat scenario produced a relatively broad peak 

reflected overpressure distribution that spanned across the entire panel width 

and halfway up the panel height.   

 Peak reflected specific impulse distribution was also examined for both 

threat scenarios, and the associated 3-D surface plots are presented in Figure 

4.49. Peak reflected specific impulse distribution for the 4-ft-standoff case is 

shown in Figure 4.49a, and, again, a relatively narrow spatial distribution can be 

observed. This type of spatial load distribution results in a large amount of 

energy being focused over a small area (i.e., large energy density), which leads to 

severe local material damage and localized, shear-dominated modes of 

component response. In Figure 4.49b, it can be seen that the 10-ft-standoff threat 

scenario produced a broad peak reflected specific impulse distribution. This type 

of spatial load distribution is likely to promote a flexural mode of response and 

can drive the component well into the inelastic range of response (i.e., formation 

of yield lines and potentially tensile membrane behavior). While the two threat  
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(a) 

 

(b) 

Figure 4.48  Comparison of Peak Overpressure Distribution: (a) 4-ft Standoff Case, (b) 
10-ft Standoff Case      
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(a) 

 

(b) 

Figure 4.49  Comparison of Peak Specific Impulse Distribution: (a) 4-ft Standoff Case, 
(b) 10-ft Standoff Case 
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scenarios resulted in different absolute-peak reflected specific impulses, their 

scaled absolute-peak reflected specific impulses were in fact identical. This 

finding is expected and consistent with cube-root scaling. Specifically, the 4-ft-

standoff threat scenario yielded a scaled absolute-peak reflected specific impulse 

of 2,100 1001 3⁄ ≅ 450⁄  psi-msec/lb1/3, and the 10-ft-standoff threat scenario yielded 

a scaled absolute-peak reflected specific impulse of 5,200 1,5601 3⁄ ≅ 450⁄  psi-

msec/lb1/3. As was the case for absolute-peak reflected overpressure, this is 

precisely the piece of information that the Kingery-Bulmash blast load parameter 

curves tell us for identical scaled standoffs.  

 In summary, different threat scenarios having identical scaled standoffs 

also have identical absolute-peak reflected overpressures and scaled absolute-

peak reflected specific impulses. However, as was previously illustrated, the 

spatial distribution of these peak load quantities are not guaranteed to be 

identical. Consequently, the governing mode of component response, as well as 

overall component performance, are likely to be different for two different threat 

scenarios having identical scaled standoffs.  

 A final discussion point on scaled standoff addresses the difference in true 

absolute-peak reflected specific impulse for two threat scenarios having identical 

scaled standoffs. It is often the case that the dynamic response of a blast-loaded 

structural component is primarily driven by applied impulse. It is hypothesized 

that perhaps the scaled standoff parameter would act as a better indicator of 

structural performance if it were directly correlated to true (as opposed to scaled) 

absolute-peak reflected specific impulse. As a first step toward investigating this 

hypothesis, an attempt was made to derive a modified scaled standoff parameter 

to correlate directly with true absolute-peak reflected specific impulse. The 
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Kingery-Bulmash spherical free-air burst blast load parameter relationships were 

first used to graphically illustrate the original scaled standoff parameter’s 

correlation with true absolute-peak reflected specific impulse for a large sample 

of charge weight / physical standoff combinations. The results of this correlation 

effort are graphically presented in Figure 4.50, where it can clearly be seen that 

the same scaled standoff value can represent two different true absolute-peak 

reflected specific impulse values.  

A data manipulation and regression analysis was then carried out to (a) 

identify a modified scaled standoff parameter and (b) propose a high-order 

polynomial curve-fit that could be used in a similar manner as those of the 

Kingery-Bulmash blast load parameter relationships. Based on results from the 

analysis, a modified scaled standoff parameter, Zmod, equal to Z/R2/5, where Z is 

the original scaled standoff parameter and R is physical standoff, was proposed. 

The resulting relationship and associated high-order polynomial curve-fit are 

graphically presented in Figure 4.51. The relatively straightforward modification 

to the original scaled standoff parameter, coupled with the excellent correlation 

shown in Figure 4.51, suggest a promising addition to the well-known Kingery-

Bulmash blast load parameter curves.   



 
340

 

Figure 4.50  Graphical Depiction of Kingery-Bulmash Relationship between Unscaled 
Peak Reflected Specific Impulse and Scaled Standoff (U.S. Department of Defense, 

2008; Kingery and Bulmash, 1984) 

 

Figure 4.51  Illustration of Modified Scaled Standoff Parameter and Associated 
Polynomial Expression for True Absolute-Peak Reflected Specific Impulse from 

Spherical TNT Free-Air Burst at Sea Level 
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 To briefly evaluate the proposed modified scaled standoff parameter, a 

third RC panel simulation was conducted. The modified scaled standoff for the 

10-ft standoff scenario previously presented in Figure 4.47 was determined to be 

approximately 0.34-ft3/5/lb1/3 (Z = 0.86-ft/lb1/3). The threat scenario for the third 

simulation was defined by adjusting physical standoff and charge weight to 

yield the same modified scaled standoff of 0.34-ft3/5/lb1/3. A comparison of the two 

threat scenarios, along with calculated peak displacements and damage contours, 

is presented in Figure 4.52. While the scaled standoff of the new trial case was 

slightly larger than the 10-ft standoff case at 1.03-ft/lb1/3, their modified scaled 

standoff values were essentially identical. Overall, the two RC panels exhibited 

similar performance, with peak displacements differing by slightly less than 1 

inch. Their peak deflected shapes were also found to be similar in nature.   

 

Figure 4.52  Description of Threat Scenario and Presentation of Results for Previous 
10-ft Standoff Case and New Trial Case 
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 Peak reflected overpressure and specific impulse distributions for the 10-ft 

standoff case and new trial case are presented in Figure 4.53. Overall, much 

better agreement in blast load distribution can be seen for these cases than was 

observed previously in Figure 4.48 and Figure 4.49 for the 4-ft and 10-ft standoff 

cases. In addition, it can be seen from Figure 4.53b that absolute-peak reflected 

specific impulse values for the 10-ft standoff and new trial cases are essentially 

identical at approximately 5,400-psi. The high-order polynomial expression of 

Figure 4.51 was also used to predict absolute-peak reflected specific impulse for a 

modified scaled standoff value of 0.34-ft3/5/lb1/3. In doing so, the modified scaled 

standoff parameter for the 10-ft standoff and new trial cases were first adjusted 

to account for hemispherical shock front conditions by multiplying their charge 

weights by a 1.8 reflection factor (Kingery and Bulmash, 1984)—refer to Chapter 

2 for more discussion on spherical versus hemispherical Kingery-Bulmash blast 

load parameters. As expected, this adjustment factor yielded identical reduced 

modified scaled standoff parameters for both cases equal to 0.28-ft3/5/lb1/3. 

Entering this value into the high-order polynomial expression of Figure 4.51 

produced a predicted absolute-peak reflected specific impulse of approximately 

5,430-psi, which was in good agreement with the contours shown in Figure 

4.53b.   
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(a) 

 

 

(b) 

Figure 4.53  Illustration of Blast Load Distribution Comparison for 10-ft Standoff Case 
and New Trial Case: (a) Peak Overpressure Distribution, (b) Peak Specific Impulse 

Distribution 

A next step in investigating the merit of the proposed modified scaled 

standoff parameter could be to evaluate it against live blast test data for 

components subjected to different threat scenarios having identical modified 

scaled standoffs. Results of interest would be comparisons of true absolute-peak 

reflected specific impulse and structural performance.    
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4.7 SUMMARY 

RC bridge towers may be particularly vulnerable to a terrorist attack due 

primarily to their public accessibility and criticality to the overall structural 

integrity of cable-stayed bridges. In addition, RC bridge tower panels possess 

unique characteristics relative to typical wall or slab components that enable 

them to carry sustained service-level axial loads delivered by inclined stay 

cables. The main objectives of this chapter were to (a) validate a numerical 

modeling approach for accurately predicting the dynamic response of blast-

loaded RC tower panels, (b) investigate the influence of RC tower leg side-panel 

overpressure on front-panel response, (c) propose an engineering-level 

component response model capable of accurately and expeditiously predicting 

the dynamic response of blast-loaded RC bridge tower panels, and (d) further the 

understanding of the scaled standoff parameter. 

A rigorous computational study was conducted using experimental test 

data for blast-loaded one-way and two-way RC panel components. The chief 

objective of the study was to determine an adequate blast load characterization 

and finite element modeling approach for blast-loaded RC panel-type 

components. Numerical simulations of full RC tower legs were also conducted to 

determine whether neglecting side-panel overpressure was appropriate during a 

front-panel analysis of an RC tower leg. Results from this study were then 

utilized to devise a computationally expedient component response model to be 

used for design, retrofit, and vulnerability assessment of RC tower panels. 

 The proposed component response model utilizes an advanced ray-

tracing algorithm to characterize blast loads from a bulk explosive threat. A local 



 
345

material damage analysis is then carried out to determine whether early-time 

spall or breach damage occurs. If breach damage is not predicted, a global 

response analysis is conducted. Peak kinematic response quantities are 

predicted, as well as modes of component failure. Results from a model 

validation exercise using numerically generated data suggest reasonable 

accuracy in predicting local material damage/failure and global component 

response/failure. The entire component response model was coded using the 

VB.Net high-level programming language. A single RC tower panel analysis 

runs in a matter of seconds on a standard personal computer having factory 

hardware. Additionally, the proposed model has been incorporated into the 

bridge-specific vulnerability assessment program described in Appendix A of 

this dissertation. 

Results of an investigation into the ability of the scaled standoff parameter 

to act as a general structural performance indicator were also discussed. It was 

shown that, in general, threat scenarios having identical scaled standoffs can lead 

to significantly different levels of structural performance. Motivated by this 

finding, a modified scaled standoff parameter was also proposed. The modified 

scaled standoff parameter and associated high-order polynomial curve-fit 

directly correlate to true absolute-peak reflected specific impulse. It was 

hypothesized that such parameter may serve to better predict structural 

performance of impulsively driven components. Further research is necessary to 

confirm this hypothesis. 

An overall summary and general conclusions of the research effort 

presented in this dissertation are provided in the following chapter. Based on the 
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findings and conclusions of the research presented herein, recommended future 

research efforts are also proposed.       
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CHAPTER 5  

SUMMARY AND CONCLUSIONS 

To succeed, jump as quickly at opportunities as one does at 

conclusions. 

 5 -  Benjamin Franklin 

 

5.1 MOTIVATION AND OBJECTIVES 

The protection of buildings against airblast due to explosions has been a 

national interest for many years.  For at least a half a century, the U.S. 

Government has invested in physical testing, research, and development efforts 

focused on wartime defense scenarios involving both nuclear weapons and high-

explosive detonations.  Moreover, the heavy industrial sector has long been 

concerned with damage and injury mitigation from accidental explosions 

occurring in petrochemical facilities.  With the rise in international and domestic 

terrorism, the vulnerability and state-of-security of the nation’s infrastructure 

have become a national concern.    

While previous infrastructure security research has focused primarily on 

building structures, recent worldwide statistics indicate a trend of increasing 

attacks against public transportation assets, with highway infrastructure being 

among the most frequently targeted. In 1998, highway infrastructure was 
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reportedly the most frequently attacked transportation target worldwide (U.S. 

Department of Transportation, 2000). This statistical observation agrees well with 

the numerous threats received by U.S. Government authorities against various 

public highway bridges since the tragic events of 9/11. A collection of recent 

domestic transportation infrastructure threats were discussed in Section 1.1. 

Public highway bridges are highly accessible, and, unlike typical building 

structures, they often lack the level of structural redundancy and exterior 

envelope protection needed to adequately withstand the extensive localized 

damage likely to result from a nearby explosion.  Furthermore, the limited 

amount of bridge-specific protective design guidance in today’s engineering 

guidelines and specifications suggests that (a) the nation’s existing highway 

bridges may not be well protected against large-scale terrorist attacks and (b) 

anti-terrorist/force protection (ATFP) concepts are not being incorporated into 

new highway bridge designs. As evidenced by recent non-terrorist-related 

bridge collapses (Cormany, 2008, Scheck, 2007, Texas Office of the Governor, 

2001; USCG, 2001) the sudden failure of a highway bridge located on a major 

transportation corridor has the potential to cause significant economic loss, 

human casualties, and societal distress. The crippling consequences from past 

accidental bridge collapses were highlighted through the review of various case 

studies in Section 1.1.    

The recent trend of increasing worldwide attacks and identified 

vulnerabilities associated with public highway bridges highlight the need for 

security enhancement of both existing and future bridges. However, 

implementing an across-the-board terrorist threat mitigation effort for the entire 

U.S. highway bridge inventory and instituting a nationwide integration of 



 
349

essential protective design guidance into the design of new bridges are 

monumental endeavors demanding a prohibitive amount of time and resources.  

As such, security enhancement must be approached in a strategic manner that 

allows for the most efficient use of available resources. Realizing that the risk of 

an attack and the severity of the consequences associated with an attack are 

likely to vary among the U.S. highway bridge inventory, ATFP retrofits of 

existing bridges must be prioritized. Additionally, because typical bridge 

engineers often lack a thorough understanding of advanced structural dynamics 

and protection engineering fundamentals, bridge-specific protective analysis and 

design concepts must be available in practical form and disseminated to bridge 

engineers in a clear and understandable manner. Significant research over the 

past decade has led to a number of important advancements in the areas of 

vulnerability assessment and risk-based prioritization methods, component-level 

blast load characterization and dynamic response analysis procedures, and blast 

threat mitigation techniques; however, little has been done to synthesize the 

state-of-the-art. An essential next step towards enhanced resiliency of the 

nation’s public highway bridges is to begin transitioning novel bridge security 

technology to appropriate personnel within the bridge engineering community.  

The primary objective of the parent research was to advance the state-of-

the-practice in bridge security through the development of bridge-specific 

protective design software capable of characterizing blast loads on critical bridge 

components and providing an estimate of peak dynamic response and incurred 

damage. The software architecture, blast load drivers, and component response 

models were developed and integrated in such a way as to promote 

computational expedience without compromising the fidelity of the computed 
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results. The research presented in this dissertation directly contributed to this 

effort through the development of component response models for blast-loaded 

reinforced concrete (RC) bridge columns and tower panels. The primary 

objectives of this research were as follows: 

• Further the understanding of early-time shear dominance and 

associated direct shear failure for blast-loaded RC bridge columns 

• Devise a component response model for blast-loaded RC bridge 

columns that accounts for early-time local material damage, as well as 

flexural and dynamic shear modes of global component response 

• Devise a component response model for blast-loaded RC bridge tower 

panels that accounts for early-time local material damage, as well as 

flexural and dynamic shear modes of global component response 

• Further the understanding of scaled standoff as it relates to close-in 

detonations, and propose a modified scaled standoff parameter and 

associated high-order polynomial expression that directly correlate 

with absolute-peak reflected specific impulse 

The following sections of this chapter provide summary information and 

concluding remarks related to the aforementioned research objectives. 

Recommendations for future research are also offered. 

5.2 REINFORCED CONCRETE BRIDGE COLUMNS 

Columns are particularly important structural components for typical 

highway bridges. Bridge columns transmit gravity loads from the bridge deck to 

the foundation, and they often play an essential role in a bridge’s lateral force 
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resisting system. While local damage to the bridge deck and/or supporting 

bridge girders is undesirable, redundancy and ductility will often allow for 

internal forces to redistribute when damage occurs to these components, thus 

allowing an alternate load path to be realized and global stability maintained. 

Conversely, extensive damage to a bridge column carries great potential for local 

or even global collapse.  

Given the criticality of bridge columns and their high susceptibility to a 

potential terrorist threat, they were identified as a bridge component of interest 

for this research. The following sub-sections summarize findings from a 

computational investigation of early-time shear dominance in blast-loaded RC 

bridge columns, as well as the development of a simplified component response 

model for blast-loaded RC bridge columns. 

5.2.1 INVESTIGATION OF EARLY-TIME SHEAR BEHAVIOR 

Early-time shear behavior of blast-loaded RC columns was examined from 

first-principles, modal response, and frequency domain perspectives. A 

prototype RC column component was defined for the study, and right-triangular 

blast pulses applied uniformly along the column height were considered for 

representative blast loads. The blast pulses were specifically defined such that 

one would promote traditional flexural response and the other direct shear 

response. The first-principles study revealed a fundamental difference in the 

dominant stress component near an RC column support for flexural and direct 

shear modes of response. The positive principal stress component (i.e., principal 

tensile stress) was found to dominate the flexurally responding column, and this 
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finding was consistent with the diagonal shear failure exhibited during the first 

finite element analysis. The absolute maximum shear stress component was 

found to dominate the direct-shear responding column, and this finding was 

consistent with the discrete, horizontal slip planes that formed early in time 

during the second finite element analysis. The first-principles study also 

validated an elastic dynamic analysis methodology for determining the 

controlling response mode of blast-loaded RC columns. Finally, results of a 

parametric study using the validated elastic dynamic analysis approach showed 

that direct shear behavior was largely influenced by peak blast pulse pressure 

and essentially independent from applied specific impulse. 

During the modal analysis study, a multi-degree-of-freedom (MDOF) 

frame model of the prototype RC column component was constructed based on a 

2-D beam element formulation that considered both shear deformations and 

rotary inertia. The MDOF frame model was validated against the 3-D finite 

element model from the first-principles study, and modal analyses were carried 

out for both considered blast load pulses. Results from the modal analyses 

showed that early-time shear dominance and associated direct shear failure was 

likely due to the aggregate contribution of high-frequency modes of vibration. 

Furthermore, it was shown that the high-frequency, multi-modal behavior 

initiated early in time before the flexurally dominated first mode of vibration 

was engaged. The MDOF frame model was also utilized to examine the 

deformation behavior of a shear-dominated propped cantilever column. Early-

time deformation behavior of both the fixed-fixed column and propped 

cantilever column supported the concept of a linear shape function for describing 
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the direct shear mode of response in a simplified SDOF dynamic analysis 

framework.  

A frequency domain analysis was carried out to examine the frequency 

domain characteristics of two considered blast load pulses. Results from the 

frequency domain analysis revealed that increasing the peak blast pressure and 

reducing the pulse duration both served to increase the energy content 

associated with higher frequency components of the blast pulse. Based on all of 

these findings, the following overall conclusions were made with regard to blast-

loaded RC columns: 

• Direct shear behavior is not related to (and precedes) flexural behavior 

• Early-time shear dominance always occurs due to the high-frequency, 

multi-modal phenomenon; however, whether it results in a direct 

shear failure depends on the direct shear capacity of the RC column 

and the high-frequency energy content of the blast pulse 

• All other things being equal, the likelihood of direct shear failure 

increases with increasing peak blast pressure and decreasing pulse 

duration 

• A linear shape function is appropriate for representing the direct shear 

mode of component response in a simplified SDOF dynamic analysis 

framework 

5.2.2 DEVELOPMENT OF SIMPLIFIED COMPONENT RESPONSE MODEL 

The proposed component response model utilizes an advanced ray-

tracing algorithm to characterize blast loads from a bulk explosive threat. A local 
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material damage analysis is then carried out to determine whether early-time 

spall or breach damage occurs. The computational algorithm for the local 

material damage analysis extends an empirically based 1-D wave propagation 

methodology to account for the slender geometry of an RC bridge column. If 

extensive local material damage is not predicted, a global response analysis is 

conducted, wherein flexural and dynamic shear modes of response are 

considered. The computational algorithm for the flexural response analysis 

comprises (a) a fiber-based section analysis that accounts for strain-rate effects, 

confinement, and the presence of an axial compressive force, (b) a nonlinear 

static finite element analysis that accounts for constitutive and geometric 

nonlinearity in deriving a flexural resistance function, and (c) a nonlinear 

dynamic single-degree-of-freedom (SDOF) analysis that utilizes instantaneous 

load-mass factors.  

The computational algorithm for the dynamic shear response analysis 

comprises a nonlinear dynamic SDOF analysis and a semi-empirical slip 

distribution expression. The nonlinear dynamic SDOF analysis evaluates early-

time direct shear behavior at the column base. The semi-empirical slip 

distribution expression is then used to predict whether distributed shear 

deformation takes place between the RC column base and the location along the 

RC column height equal to the elevation of the explosive charge’s center of 

gravity. Results from the SDOF analysis and semi-empirical expression are then 

superimposed to yield a predicted total dynamic shear response. 

Peak kinematic response quantities and response history data are 

recorded during the global response analysis, and various failure modes are 

assessed. Results from a model validation exercise using experimental blast test 
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data suggest reasonable accuracy in predicting local material damage, global 

flexural response, and global dynamic shear response. The entire component 

response model was coded using the FORTRAN and VB.Net high-level 

programming languages. A single RC bridge column analysis runs in a matter of 

seconds on a standard personal computer having factory hardware. 

Additionally, the proposed model has been incorporated into the bridge-specific 

vulnerability assessment program described in Appendix A of this dissertation. 

5.3 REINFORCED CONCRETE BRIDGE TOWER PANELS 

As with RC bridge columns, RC bridge towers are potentially vulnerable 

to a malicious attack due to their public accessibility. Because of their identified 

vulnerability to a terrorist attack, coupled with their criticality to the structural 

integrity of a cable-stayed bridge, the behavior of RC bridge tower panels under 

critical threat scenarios was studied as part of this research to determine how 

they perform under extreme loading conditions. RC bridge tower panels, while 

seemingly similar to typical RC walls and slabs, possess unique characteristics 

that must be considered when assessing their performance to blast loads. The 

deck of a cable-stayed bridge is supported by inclined, high-strength steel cables 

that are anchored to the bridge tower and deck. The cables deliver a vertical force 

component to the bridge tower, which, in turn, induces an axial compressive 

stress in the tower panels. To carry this service-level axial stress, the tower panels 

are normally designed to have an orthotropic steel reinforcement layout, where 

the larger bars are oriented in the vertical direction. Adding to their complexity is 

the fact that RC bridge tower panels are not isolated. Tower sections generally 
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are comprised of one or more monolithic boxes with horizontal diaphragms 

discretely spaced along the tower height. 

A summary of the proposed component response model for blast-loaded 

RC tower panels, as well as an investigation of scaled standoff as it relates to 

close-in detonations, is provided in the following sub-sections.  

5.3.1 DEVELOPMENT OF SIMPLIFIED COMPONENT RESPONSE MODEL 

A rigorous computational study was conducted using experimental test 

data for blast-loaded one-way and two-way RC panel components. The chief 

objective of the study was to determine adequate blast load characterization and 

finite element modeling approaches for RC panel-type components. Numerical 

simulations of full RC tower legs were also conducted to determine whether 

neglecting side-panel overpressure was appropriate during front-panel analysis 

of an RC tower leg. Results from this study were then utilized to conduct a 

rigorous parametric study of full RC tower legs. 

The main objective of the parametric study was to generate computational 

data to support the development of empirical curve-fits describing the behavior 

of critical threat and component parameters. Two-cell RC tower legs having 

panel aspect ratios of 1, 1.5, 2, and 3 were considered during the parametric 

study. For each panel aspect ratio, a matrix of 92 computational simulations were 

carried out (368 total simulations). For all simulations, a spherical TNT bulk 

explosive charge was assumed for the threat. Each matrix of 92 simulations 

evaluated the following parameters: 

• Diaphragm thickness 
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• Target-panel thickness 

• Side-panel thickness 

• Steel reinforcing yield strength 

• Unconfined concrete compressive strength 

• Longitudinal steel reinforcement ratio 

• Transverse steel reinforcement ratio 

• Horizontal charge location relative to the right edge of the target panel 

• Vertical charge location relative to the bridge deck 

• Charge weight 

• Physical standoff 

The empirical curve-fits were subsequently formulated into fast-running global 

response prediction equations and integrated with a blast load driver and local 

material damage model to form a component response model for blast-loaded 

RC tower panels.    

The proposed component response model utilizes an advanced ray-

tracing algorithm to characterize blast loads from a bulk explosive threat. A local 

material damage analysis is then carried out to determine whether early-time 

spall or breach damage occurs. The computational algorithm for the local 

material damage analysis extends an empirically based 1-D wave propagation 

methodology to account for axial pre-compression in the plane of an RC tower 

panel. If breach damage is not predicted, a global response analysis is conducted 

using the global response prediction equations derived from the previously 

described parametric study. Peak kinematic response quantities are predicted, as 

well as modes of component failure. Results from a model validation exercise 

using numerically generated data suggest reasonable accuracy in predicting local 
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material damage/failure and global component response/failure. The entire 

component response model was coded using the VB.Net high-level 

programming language. A single RC tower panel analysis runs in a matter of 

seconds on a standard personal computer having factory hardware. 

Additionally, the proposed model has been incorporated into the bridge-specific 

vulnerability assessment program described in Appendix A of this dissertation. 

5.3.2 INTERPRETING SCALED STANDOFF FOR CLOSE-IN DETONATIONS 

Scaled standoff is a key blast load parameter that sees extensive practical 

use (ASCE, 2011; ASCE, 2010; Dusenberry, 2010; U.S. Department of Defense, 

2008; Conrath et al., 1999). While it is well known as an independent variable to 

the Kingery-Bulmash empirical blast load parameter curves (Kingery and 

Bulmash, 1984), it is often interpreted as an indicator of nominal load severity 

and structural performance. By definition, a decrease in scaled standoff can only 

result from a decrease in physical standoff, an increase in charge weight, or a 

combination of both. Therefore, such a parameter can serve as an indicator of 

nominal load severity because its magnitude is used to determine peak load 

quantities such as overpressure and applied impulse. Such logic, however, does 

not necessarily endorse the use of scaled standoff as an indicator of structural 

performance. Aside from peak load quantities, a blast-loaded structural 

component’s mode of response and resulting level of damage can be strongly 

influenced by temporal and spatial characteristics of a blast load. Blast loads tend 

to be impulsive, where the pulse duration is typically much less than the 

fundamental period of the blast-loaded target. This type of short-duration 
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loading introduces the potential for early-time material damage and high-

frequency, shear-dominated modes of response. In addition, non-uniform load 

distributions from near-field detonations can precipitate severe and highly 

localized response. Different combinations of charge weight and physical 

standoff can yield different spatial and temporal load characteristics while still 

producing the same scaled standoff. 

A computational investigation into the ability of the scaled standoff 

parameter to act as a general structural performance indicator for threat 

scenarios involving relatively close-in detonations was carried out. Results from 

the investigation revealed that, while different threat scenarios having identical 

scaled standoffs also have identical absolute-peak reflected overpressures and 

scaled absolute-peak reflected specific impulses, the spatial distribution of these 

peak load quantities are not guaranteed to be identical. Consequently, the 

governing mode of component response, as well as overall component 

performance, are likely to be different for two different threat scenarios having 

identical scaled standoffs.  

Motivated by this finding, an attempt was made to derive a modified 

scaled standoff parameter to correlate directly with true absolute-peak reflected 

specific impulse. It was hypothesized that such a parameter may serve to better 

predict structural performance of impulsively driven components. The Kingery-

Bulmash spherical free-air burst blast load parameter relationships were first 

used to graphically illustrate the original scaled standoff parameter’s correlation 

with true absolute-peak reflected specific impulse for a large sample of charge 

weight / physical standoff combinations. A regression analysis was then carried 

out to (a) identify a modified scaled standoff parameter and (b) propose a high-
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order polynomial curve-fit that could be used in a similar manner as those of the 

Kingery-Bulmash blast load parameter relationships. Based on results from the 

analysis, a modified scaled standoff parameter, Zmod, equal to Z/R2/5, where Z is 

the original scaled standoff parameter and R is the physical standoff, was 

proposed. The proposed modified scaled standoff parameter was subsequently 

evaluated with an additional computational case study, which yielded favorable 

results.  A next step in investigating the merit of the proposed modified scaled 

standoff parameter could be to evaluate it against live blast test data for 

components subjected to different threat scenarios having identical modified 

scaled standoffs. Results of interest would be comparisons of true absolute-peak 

reflected specific impulse and structural performance.   

5.4 RECOMMENDATIONS FOR FUTURE RESEARCH 

The research presented in this dissertation provides a significant 

advancement in the ability of bridge engineers and vulnerability assessment 

personnel to rapidly predict peak dynamic response and incurred damage of 

blast-loaded RC bridge columns and tower panels. Additionally, through 

rigorous computational analyses and application of structural mechanics theory, 

this research furthered the understanding of early-time shear behavior in blast-

loaded flexural members, as well as the interpretation and use of scaled standoff 

for threat scenarios involving close-in detonations. During the course of this 

research, areas in need of further research to support the advancement of 

knowledge in blast-resistant bridge design were identified. This section outlines 

several potential topics for future study. 
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During the development and validation of the proposed component 

response model for blast-loaded RC bridge columns, it was found that applying 

state-of-the-practice dynamic increase factors to static material properties 

frequently resulted in conservative estimates of diagonal shear capacity relative 

to available blast test data. While conservative capacity estimates are generally 

viewed as favorable from a design perspective, such is not always true for 

component-level performance assessments. As presented in Chapter 2 of this 

dissertation, better predictions can be made by employing high-fidelity 

computational techniques and strain-rate-dependent constitutive models. 

However, this type of rigorous and complex approach is not well suited for 

typical design engineers and vulnerability assessment personnel. It is believed 

that further experimental testing to better understand high-rate diagonal tension 

behavior of reinforced concrete would lead to better dynamic increase factors for 

reinforced concrete flexural members and ultimately improve the ability to 

predict high-rate diagonal shear failure.  

The proposed component response model for blast-loaded RC bridge 

columns was designed to predict peak response and to estimate incurred 

damage. A valuable enhancement to this model would be the ability to estimate 

a blast-damaged RC column’s residual capacity and post-event structural 

stability. Interpreting component damage and providing quantification in terms 

of capacity degradation would be necessary. Computational simulations and 

experimental testing would both be useful in validating this model enhancement. 

The proposed component response model for blast-loaded RC tower 

panels was designed specifically for two-cell tower geometry. The choice of this 

geometry was primarily driven by the availability of actual structural drawings 
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during the time of this research. In practice, cable-stayed bridge towers are 

designed to have other section geometries in addition to the two-cell 

configuration considered herein. The proposed component response model 

could be enhanced by incorporating global response prediction equations for 

different tower leg geometries. This work could be carried out computationally, 

as was done with this research. 

There exists a limited amount of experimental data on blast-loaded RC 

bridge towers. Additional experimental research on these components would 

greatly benefit researchers and practitioners in the areas of bridge security and 

blast-resistant bridge design. In addition to furthering the understanding of how 

RC bridge towers perform under extreme loading scenarios, experimental data 

could be used to further validate/enhance the component response model 

developed as part of this research and also provide insight into potential blast-

mitigation retrofit strategies for existing cable-stayed bridges. 

In Chapter 2 of this dissertation, it was shown through examination of 

worldwide historical data that non-iconic bridges are attacked just as (if not 

more) often than iconic bridges. Many of the existing highway bridges that make 

up the U.S. highway bridge inventory are of the prestressed girder type. Thus, 

the development of a fast-running component response model for a prestressed 

concrete girder component would likely be of great value to bridge engineers 

and state Departments of Transportation. A similar approach to what was done 

during this research for RC bridge column components could also be followed 

for prestressed concrete girders.  

The research presented in this dissertation focused on component-level 

response; however, after a blast event occurs, the ultimate goal is to determine 
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the post-event structural integrity and collapse potential of affected structures. 

While accurately predicting component-level response is useful and necessary, 

there is a need to develop an accurate method for interpreting component-level 

response/damage and mapping that information into a system-level model for 

subsequent post-event structural integrity evaluation. The interpretation, 

mapping, and system-level evaluation could all be developed as a self-contained 

algorithm or engineering tool. Alternatively, an interpretation and mapping 

strategy could be devised that would be compatible with commercially available 

system-level analysis software such as ETABS (CSI, 2006a) or SAP2000 (CSI, 

2006b).       
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APPENDIX A  

OVERVIEW OF THE ANTI-TERRORIST PLANNER 

FOR BRIDGES SOFTWARE 
A -  John M. Biggs (1964) 

 

Public highway bridges can be vulnerable to a malevolent attack due 

predominately to their public accessibility and direct exposure to the 

environment. Furthermore, the sudden failure of a highway bridge located on a 

major transportation corridor has the potential to cause significant economic loss, 

human casualties, and societal distress. The identified susceptibility of public 

highway bridges to close-in, bulk explosive threats, coupled with the potentially 

disastrous consequences of a disrupted transportation corridor, have spurred 

much research in the area of bridge security over the past decade. Important 

advances have been made in the areas of vulnerability assessment and risk-based 

prioritization methods, component-level blast load characterization and dynamic 

response analysis procedures, and blast threat mitigation techniques. While 

additional research is still needed, it is important to begin transitioning these 

advances in bridge-specific anti-terrorism technology to appropriate users within 

the bridge engineering community. The research described in this dissertation 

was carried out in support of a larger bridge security research effort aimed 

specifically at facilitating this transition process through the development of 

practical engineering software capable of predicting the response of critical 

bridge components subjected to a variety of threat scenarios. The software relies 
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on fast-running computational algorithms that have been validated against 

available experimental data—two of which are the RC bridge column and tower 

panel models described in this dissertation. Such a tool is envisioned to be 

utilized primarily by bridge engineers and vulnerability assessment personnel, 

but it may also prove useful to emergency responders and law enforcement 

professionals by helping to quantify the likelihood of a major transportation 

disruption as a result of a postulated malicious attack. This information can then 

be used to support emergency planning decisions such as critical resource 

allocation. 

The proposed engineering tool―hereafter referred to as the Anti-Terrorist 

Planner for Bridges (ATP-Bridge)―is an interactive, menu-driven software 

program designed to operate efficiently on a Personal Computer (PC). In 

developing the overall program architecture, emphasis was placed on ensuring 

user-friendliness and computational expedience without compromising the 

fidelity of the analysis results. In the context of ATP-Bridge, computational 

expedience refers to single-component analysis times on the order of seconds to 

minutes while operating on a standard PC having factory hardware. The 

graphical user interface (GUI) was designed to accommodate a global system 

approach to information handling. In ATP-Bridge, a “project” is associated with 

an entire bridge structure. Multiple bridge components may be defined for a 

given project. In addition, multiple threat scenarios may be defined for each 

individual bridge component. This organizational scheme results in an efficient 

and intuitive GUI that lends itself well to conducting rapid assessments of entire 

bridge structures. Figure A.1 illustrates the main form of the ATP-Bridge GUI for  
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Figure A.1  ATP-Bridge Main Form with Example RC Tower Panel Component 

a sample project that contains two bridge components and one threat scenario for 

each component. 

Version 3 of the ATP-Bridge software encompasses component response 

models for reinforced concrete (RC) bridge columns, steel suspension bridge 

tower panels, RC bridge tower panels, and high-strength steel cables. With 

regard to threat scenarios, the software is capable of considering contact and 

near-contact high explosive charges, standoff detonations from bulk high-

explosive threats, and various cutting threats. A detailed description of the 

software architecture is given by Bui (2012). In addition, an overview of the 
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computational algorithms for the steel suspension bridge tower panel and high-

strength steel cable components are given by Sammarco et al. (2013) and Barsotti 

et al. (2013), respectively. Because the primary focus of this dissertation considers 

RC bridge columns and tower panels, the implementation of these component 

models is described in detail in the remainder of this Appendix. 

A.1   RC Bridge Column Component 

ATP-Bridge provides a user-friendly and interactive interface for 

inputting RC bridge column geometry, boundary conditions, and material data. 

The RC bridge column geometry form is illustrated in Figure A.2, where  

 

 

Figure A.2  Example Geometry Input Forms for RC Bridge Column Component 
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transverse and longitudinal steel reinforcement input tabs are shown. The 2-D 

graphics in the center of the geometry form are interactive; that is, they are 

updated in real time as a user enters, modifies, or deletes an input value. ATP-

Bridge also incorporates a real-time error-checking algorithm that monitors 

invalid input data. If a user inputs an invalid input value, the offending control 

on the geometry form changes color and the “OK” button is disabled until the 

error is fixed. In addition, details of the identified error are provided in a tool tip, 

which can be made visible by hovering the mouse cursor over the false-colored 

form control. The “Advanced” tab allows a user to toggle the threshold limit of 

“excessive spall damage” as a function of the column height—half the column 

height being the allowable upper bound. While deviating from the prescribed 1.5 

column diameters is not recommended for producing final RC column 

performance predictions, it may be helpful during intermediate stages of an 

assessment to explore global response predictions regardless of the predicted 

local damage state.  

Once all RC bridge column component information has been input, a 

threat scenario can be defined. An example of the RC bridge column threat 

scenario form is shown in Figure A.3. Information such as bulk explosive charge 

weight, charge shape, charge orientation, charge location, and explosive 

composition are specified with this form. The RC bridge column threat scenario 

form is primarily designed to accommodate below-deck threat scenarios. 

However, certain form controls can be toggled to simulate an above-deck threat 

scenario. Using the “Deck” tab, the presence of shock wave reflections off the 

bridge deck can be toggled on or off. While the terminology of the RC bridge 

column threat scenario form was provided within the context of below-deck 
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threat scenarios, it should be understood that toggling on/off “deck reflections” 

simply dictates whether a rigid reflecting surface exists at the top of the column 

during blast load characterization. For a below-deck threat scenario, toggling off 

deck reflections literally means the bridge deck will not be included as a rigid 

reflecting surface during blast load characterization. Such an option may be 

needed for the analysis of a straddle bent column, where the inclusion of deck 

reflections may not be appropriate. For an above-deck threat scenario, deck 

reflections should be ignored so that a rigid reflecting surface does not exist at 

the top of the column during blast load characterization. An above-deck threat 

scenario may be appropriate for analyzing RC bridge columns of a multi-level 

highway overpass. Furthermore, using the “Static Load” tab, an axial force can 

be applied to the RC column. 

 

 

Figure A.3  Example Explosive Threat Form for RC Bridge Column Component 
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Once a threat scenario has been defined for an RC bridge column 

component, a response analysis can be conducted. ATP-Bridge provides a 

number of user-friendly utilities for reviewing and interpreting analysis results. 

Figure A.4 shows example flexural response results being reported in the RC 

bridge column results form. It should be noted that the analysis results shown in 

Figure A.4 are hypothetical and completely unrelated to the specific RC column 

and bulk explosive threat described in Figure A.2 and Figure A.3, respectively. 

Key flexural capacity and peak kinematic response quantities are provided in the 

summary box at the top of the form. In addition, the drop-down menu in the 

middle of the form can be used to display the numerically generated flexural 

resistance function, hysteresis plot, as well as displacement, velocity, and 

acceleration history plots. The tabs at the top of the results form can be used to  

 

 

Figure A.4  Example Flexural Result Forms for RC Bridge Column Component 
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toggle between tabular and graphical results from the local damage analysis, 

dynamic shear response analysis, and flexural response analysis. The 3-D 

graphics utility can also be used to qualitatively review analysis results, as 

shown in Figure A.5 for the NCHRP specimen 3A (Williamson et al., 2010) 

response prediction. Figure A.5a illustrates the post-event dynamic shear 

damage experienced by NCHRP specimen 3A, and Figure A.5b demonstrates 

how the 3-D graphics utility can be used to qualitatively review local damage 

and global response predictions. Users have the ability to toggle contour colors 

when viewing local damage results, and displacements can be scaled for easier 

interpretation when viewing peak global response predictions. 
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(a) 

 

 

(b) 

Figure A.5  Example 3-D Graphics Renderings for RC Bridge Column Component: (a) 
Post-Test Photos of NCHRP Specimen 3A [Williamson et al., 2010], (b) Graphical 

Depiction of ATP-Bridge Local Spall Damage and Dynamic Shear Response 
Predictions for NCHRP Specimen 3A 
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A.2   RC Bridge Tower Panel Component 

The procedure for defining an RC bridge tower panel component and 

threat scenario is nearly identical to that of the RC bridge column. The RC bridge 

tower panel geometry form is illustrated in Figure A.6, where plan geometry and 

steel reinforcement input tabs are shown. The 2-D graphics in the center of the 

geometry form are interactive; that is, they are updated in real time as a user 

enters, modifies, or deletes an input value. The real-time error-checking 

algorithm previously described for the RC bridge column input forms is also 

active for the RC bridge tower panel forms. 

Once all RC bridge tower panel component information has been input, a 

threat scenario can be defined. An example of the RC bridge tower panel threat 

scenario form is shown in Figure A.7. Information such as bulk explosive charge  

 

Figure A.6  Example Geometry Input Forms for RC Bridge Tower Panel Component 
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Figure A.7  Example Explosive Threat Form for RC Bridge Tower Panel Component 

weight, charge shape, charge orientation, charge location, and explosive 

composition are specified with this form. Using the “Static Load” tab, an axial 

force can be applied to the RC column. The diagonal hatching shown in the 2-D 

graphics of Figure A.7 denotes the target panel (i.e., the panel to be analyzed).  

Once a threat scenario has been defined for an RC bridge tower panel 

component, a response analysis can be conducted. ATP-Bridge provides a 

number of user-friendly utilities for reviewing and interpreting analysis results. 

Figure A.8 illustrates how local damage and global response results are reported 

in the RC bridge tower panel results form. It should be noted that the analysis 

results shown in Figure A.8 are hypothetical and completely unrelated to the 

specific RC tower panel and bulk explosive threat described in Figure A.6 and 

Figure A.7, respectively. If local damage is predicted to occur, ATP-Bridge 
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reports (a) damage state (i.e., spall or breach), (b) damage extent, and (c) 

threshold panel thicknesses to prevent local spall/breach damage. Specifically, if 

breach damage is predicted, a 2-D figure illustrating damage extent is presented 

at the bottom of the results form, and a global response analysis is not 

conducted. Alternatively, if breach damage is not predicted, a global response 

analysis is conducted, and recommended response limits are presented at the 

bottom of the results form. In addition, key kinematic response parameters are 

included in the summary table at the top of the results form, along with any 

reported local damage results. The 3-D graphics utility can also be used to 

qualitatively review analysis results, as shown in Figure A.9 for a hypothetical 

RC bridge tower panel component. Just as was previously described for the RC 

   

 

Figure A.8  Example Flexural Result Forms for RC Bridge Tower Panel Component   
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Figure A.9  Example 3-D Graphics Renderings for RC Bridge Tower Panel Component 

bridge column component, local damage contours can be shown in the 3-D 

graphics for RC bridge tower panel components. 

A.3   Summary 

A trend of increasing worldwide terrorist attacks against public 

transportation infrastructure has been identified. As a result, much research has 

been conducted over the past decade in the area of bridge security. The 

engineering tool presented in this appendix marks a step toward synthesizing 

recent advances in bridge-specific protective design and transitioning new 

technology into practice. To date, Version 3 of ATP-Bridge has been well 

received by various bridge assessment professionals and U.S. Government 

agencies. Professional workshops on ATP-Bridge software functionality, 
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capability, and application have been given in various states across the U.S. In 

addition, the software has already been utilized by the U.S. military in a wartime 

theater situation. Version 3 of ATP-Bridge is currently in its final stages of 

approval with the U.S. Government, and it will likely be available to U.S. 

Government employees and qualified U.S. Government contractors in the near 

future.   
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