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Current analytical tools were calibrated mainly using pseudo-static experimental 

investigations of individual structural components. Relatively few tests have been 

performed on reinforced concrete structural systems under realistic boundary conditions 

and even fewer exist that were conducted dynamically due to the high costs and 

experimental challenges. Thus, the structural engineering field has resorted to a number 

of extrapolations from limited test data to form analytical models of structural systems 

they design. It is therefore no surprise that blind prediction contest results for structural 

strength and deformation are typically several times higher and lower than those from 

experiments. 

A complete system of a full-scale, four-story, reinforced concrete structure was 

tested under increasing seismic excitations, to near collapse damage states, one the 

National Research Institute for Earth Science and Disaster Prevention (NIED)/E-Defense 

shaking table in Japan. A moment frame system was adopted in one direction and a pair 

of shear walls incorporated in the exterior frames in the other direction. Wherever 

possible, minor adjustments to the designs were made to bring the final structures closer 

to U.S. seismic design provisions. No other tests currently exist that provide behavioral 

data about a complete, seismically detailed, reinforced concrete structural system tested 



 vii 

under such realistic boundary conditions. Comprehensive and in-depth analyses were 

performed in light of the NIED/E-Defense test data to 1) assess the validity of current 

behavioral knowledge and design codes; 2) to assess the accuracy of current analytical 

methods for this common type of structure; 3) to recommend improvements and ways 

forward on both fronts.  

Implications of test results to U.S. seismic provisions and recommendations for 

estimating structural strength and stiffness of reinforced concrete buildings were made 

based on comparison between the estimates from the current analytical methods and the 

actual seismic behavior of the NIED/E-Defense test data. 
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CHAPTER 1 INTRODUCTION 

 

1.1     OVERVIEW 

Structural analysis plays an essential role at several levels when achieving reliable 

and safe seismic designs. Accurate estimation of structural stiffness is an integral part of 

the design process since stiffness plays a crucial role in determining structural 

deformations, periods, and seismic demands. In the U.S., design limits in seismic regions 

are controlled by deformation demands that are evaluated based on structural stiffness.  

Accurate estimation of strength demands is also important, particularly when applying 

capacity design principles, since relative strengths determine which members fail and the 

failure mechanisms within each member from ductile flexural failures to brittle shear, 

sliding, or anchorage failures. 

For the most part however, current seismic provisions and analytical procedures 

were generated based on pseudo-static experimental investigations of individual 

structural components. Limited tests of structural subassemblies or full structural systems 

are available to calibrate strength and stiffness models, and even fewer exist that were 

conducted dynamically. The structural engineering field has therefore resorted to 

extrapolating from component test data to develop analytical models and design 

procedures for complete structural systems. 

Recent blind prediction analysis contests for concrete structural systems have 

demonstrated that our current state of knowledge results in large errors in the estimates of 

structural stiffness, strength, and force demands for reinforced concrete structures. In 

contests considering single component tests, the scatter in the analytical predictions can 

be immense, particularly in deformation estimates that can easily differ by a factor of two 
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or three (Mahin et al. 2010). For structural systems, the problem is even worse as 

highlighted by the blind prediction contest for a 7-story reinforced concrete building 

tested on the University of California, San Diego (UCSD) shaking table (Bachman 2006). 

Analytical estimates by competing teams of the maximum shear forces at each story were 

several times lower or higher than experimental values of the 7-story building. 

Consequently, if this building was designed by several design firms, estimates of story 

shear, and likewise deformations, could be multiples of each other, leading to very 

different designs; and there is really no way with our level of knowledge to know which 

of the analyses and designs is the correct one.  

In December of 2010, a full-scale, four-story, reinforced concrete building 

structure designed according to the latest Japanese seismic provisions was tested under 

increasing multi-directional seismic excitations, on the National Research Institute for 

Earth Science and Disaster Prevention (NIED)/E-Defense shaking table in Japan. The 

tests series produced a wealth of data from which lessons can be learned about our state-

of-the-art reinforced concrete seismic design and analysis procedures, both at the 

individual component level and the overall structural system level.  

 

1.2     OBJECTIVES AND SCOPE 

In light of the NIED/E-Defense test data and additional data mined from the 

literature, the Ph.D. dissertation encompasses the following tasks: 

 

1. Analysis of the NIED/E-Defense test behavioral data was performed to assess 

the U.S. seismic design, detailing, and analytical provisions. Based on results of this task, 

recommendations to modify U.S. seismic design and detailing practices for reinforced 
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concrete buildings were derived and published in the American Concrete Institute’s 

Structural Journal. This task was essential in understanding the behavior of the NIED/E-

Defense structure and also identified deficiencies in the analytical procedures of today’s 

seismic design standards, which were the focus of subsequent tasks. Details about this 

task are presented in CHAPTER 2. 

2. In CHAPTER 3, the accuracy of existing procedures for evaluating the stiffness 

of reinforced concrete buildings was examined. The concrete stiffness provisions of 

standards from the U.S. (ACI 318-14, ASCE/SEI 41-13), Japan (AIJ 2010), Canada 

(CAN/CSA-A23.3-04), New Zealand (NZS3101:2006), and Europe (Eurocode2 & 8, fib 

2010) were evaluated in light of the experimentally derived lateral stiffnesses of the 

NIED/E-Defense building. Severe shortcomings in the stiffness provisions of those 

standards were uncovered. 

3. Based on the NIED/E-Defense test data, improved relations for estimating the 

stiffness of concrete frame members were proposed. The proposed relations were 

extended for use with a wider range of axial loads and longitudinal reinforcement ratios 

than those present in the NIED/E-Defense test building based on 160 column tests and 

fiber-section analyses (CHAPTER 4).  

4. In CHAPTER 5, strength estimates for the NIED/E-Defense test building, 

obtained in accordance with the provisions of the American Concrete Institute’s 318-14 

code (ACI Committee 318 2014), were compared with the measured building strength. 

Significant over-strengths were reported in the nonlinear range of the building’s behavior. 

Strain-rate effects were found to play a major role in the observed over-strength, as was 

also reported in prior shaking table tests and other rapid-loading tests (e.g., Reinschmidt 

et al 1964, Mahin et al. 1972, Ghannoum and Moehle 2012a, 2012b, Ghannoum et al. 

2012). CHAPTER 5 presents test results pertaining to structural strength, their 
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implications, and recommendations for estimating over-strengths in reinforced concrete 

buildings due to seismic loading rates. 

 

 1.3     OUTLINE OF DISSERTATION 

This dissertation is categorized into six chapters. CHAPTER 1 presents overview, 

objectives, and scope of research. CHAPTER 2 presents the assessment of the U.S. 

seismic design, detailing, and analytical provisions in light of NIED/E-Defense test data. 

CHAPTER 3 presents evaluation of international standard provisions on stiffness of 

reinforced concrete moment frame and shear wall buildings. CHAPTER 4 presents 

recommendations for evaluating the stiffness of reinforced concrete moment frame in 

light of the NIED/E-Defense test data and component tests. It is noted that CHAPTER 2, 

CHAPTER 3, CHAPTER 4, and CHAPTER 5 were written for publication independently 

from each other. Therefore, each chapter may contain duplicate information such as 

details of the NIED/E-Defense experimental program. Finally, CHAPTER 6 presents 

summary and conclusions for all research tasks and future work.  

Appendices provide more detailed information and calculations supporting 

findings presented in this dissertation. APPENDIX A presents more detail about the 

NIED/E-Defense tests, such as the instrumentation used and test specimen pictures at 

various damage states. Sample calculations are given in APPENDIX B in support of 

findings concerning U.S. seismic design and detailing provisions. Details of the 

computational models used for stiffness evaluations and recommendations can be found 

in APPENDIX C. APPENDIX D presents details of the column database and fiber-

section based moment curvature analyses used in developing stiffness recommendations. 

APPENDIX E presents details of the computational model used for strength evaluations 



 5 

and recommendations. In APPENDIX F, derivation relating strain rates in longitudinal 

bars and drift-ratio velocities are introduced. 
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CHAPTER 2 DESIGN IMPLICATIONS OF LARGE-SCALE 

SHAKING TABLE TESTS ON A FOUR-STORY REINFORCED 

CONCRETE BUILDING1      

 

A full-scale, four-story, reinforced concrete building designed in accordance with 

the current Japanese seismic design code was tested under increasing multi-directional 

seismic excitations on the National Research Institute for Earth Science and Disaster 

Prevention (NIED)/E-Defense shaking table. A two-bay moment frame system was 

adopted in the longer plan direction and a pair of multi-story walls were incorporated in  

                                                                                                                                                 

1Materials presented in this chapter have been published in the following 

publication by the author of this dissertation and his colleagues: 

Nagae, T., Ghannoum, W. M., Kwon, J., Tahara, K., Fukuyama, K., Matsumori, 

T., Shiohara, H., Kabeyasawa, T., Kono, S., Nishiyama, M., Sause, R., Wallace, J. W., 

Moehle, J. P., “Design Implications of Large-Scale Shake-Table Test on Four-Story 

Reinforced Concrete Building,” ACI Structural Journal, 2015; Vol.112 No.2, pp.135-146. 

T. Nagae, K. Tahara, K. Fukuyama, T. Matsumori, H. Shiohara, T. Kabeyasawa, S. 

Kono, and M. Nishiyama performed the detailed design of the test program, performed 

the test, and provided raw test data. In addition, T. Nagae and H. Matsumori contributed 

to the following figures: Figure 2-3, Figure 2-5, Figure 2-6, Figure 2-7, Figure 2-8, 

Figure 2-9, Figure 2-10, and Figure 2-12; W. M. Ghannoum, R. Sause, J. W. Wallace, 

and J. P. Moehle assisted in concept development of the test program. In addition, W. M. 

Ghannoum supervised the research and reviewed/edited the manuscript; J. Kwon 

generated the intellecture content, interpreted the data, prepared the figures, and wrote the 

manuscript. 
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the exterior frames in the shorter plan direction. Minor adjustments to the designs were 

made to bring the final structure closer to U.S. practice and thereby benefit a broader 

audience. The resulting details of the test building reflected most current U.S. seismic 

design provisions. The structure remained stable throughout the series of severe shaking 

tests, even though lateral story drift ratios exceeded 0.04. The structure did, however, 

sustain severe damage in the walls and beam-column joints. Beams and columns showed 

limited damage and maintained core integrity throughout the series of tests. Implications 

of test results for the seismic design provisions of ACI 318-11 are discussed in this 

chapter. 

 

2.1     INTRODUCTION 

Code requirements for reinforced concrete have evolved significantly around the 

world in the past decades. In the United States, the 1971 San Fernando, CA, earthquake 

was a watershed event leading to the introduction of requirements for ductile reinforced 

concrete buildings, which have evolved incrementally since that time based on field and 

laboratory experiences. In Japan, following a history of several damaging earthquakes 

and many laboratory tests, the Japanese seismic design code was substantially revised in 

1981. In the 1995 Hyogoken-Nanbu earthquake, many reinforced concrete buildings 

designed before 1981 experienced major failures, especially in the first-story columns 

and walls. Although newer reinforced concrete buildings designed in accordance with the 

revised 1981 code showed improved resistance against collapse, several sustained severe 

damage due to their large deformations. Such damage made it difficult to continue using 

them after the earthquake and resulted in high repair costs. This experience demonstrates 

that further improvements in seismic design of concrete buildings are needed. 
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It was in light of the aforementioned experiences that a large-scale shaking table 

testing program was conducted in 2010. Within the program, a full-scale, four-story, 

reinforced concrete building designed in accordance with the present Japanese seismic 

design code was tested by using the NIED/E-Defense shaking table. The main objectives 

related to the concrete building were: 1) to verify methods for assessing performance 

such as strength, deformation capacity, and failure mode; 2) to identify suitable 

computational methods to reproduce the seismic responses of the building; and 3) to 

develop a practical method for assessing damage states regarding reparability. 

Design and instrumentation of the test structure were performed with input from 

U.S. researchers. Wherever possible, minor adjustments to the designs were made to 

bring the final structures closer to U.S. practice and thereby benefit a broader audience. 

The resulting details of the test building reflected most current U.S. seismic design 

provisions (Nagae et al. 2011b).  

Summaries of the global behavior of the test building and key local damage and 

deformation observations are presented. A comparison between the details of the test 

structure and U.S. seismic design practices is also provided. Implications of test results 

for the seismic design provisions of ASCE/SEI 7-10 (American Society of Civil 

Engineers/Structural Engineering Institute (ASCE/SEI) Committee 7 2010) and ACI 318-

11 (American Concrete Institute (ACI) Committee 318 2011) are discussed. In a related 

publication (Nagae et al. 2011a), the seismic design provisions of the Architectural 

Institute of Japan (AIJ 1999) were evaluated in light of test results. 
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2.2     SPECIMEN DETAILS 

Figure 2-1 shows the plans and framing elevations of the reinforced concrete test 

building. Figure 2-2 shows a photograph of the test building on the NIED/E-Defense 

shaking table. The height of each story is 3 m [118.1 in.]. The building footprint 

measures 14.4 m [47 ft 3 in.] in the longer direction and 7.2 m [23 ft 7.5 in.] in the shorter 

direction. A two-bay moment frame system was adopted in the longer plan direction 

(Frame Direction) and a pair of multi-story walls were incorporated in the exterior frames 

in the shorter plan direction (Wall Direction). All column sections were 500 mm x 500 

mm [19.7 in. x 19.7 in.]. In the Frame Direction, the beam depth was 600 mm [23.6 in.]. 

The wall section was 250 mm x 2500 mm [9.8 in. x 98.4 in.]. Walls were coupled to the 

corner columns by slab beams with a depth of 300 mm [11.8 in.]. The thickness of the top 

slab was 130 mm [5.1 in.] and the foundation beam had a depth of 1,200 mm [47.2 in.]. 

Rigid steel frames were set within the open stories of the test specimen for collapse 

prevention and measurement of story deformations. Representative building mechanical 

equipment was incorporated to assess potential damage during strong seismic motions.  
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                          (a) Floor plan                                 (b) Elevation (1-frame and 2-frame) 

 

 

      (c) Elevation (A-frame and C-frame)                          (d) Elevation (B-frame) 

Figure 2-1 – Building plan and framing elevations of NIED/E-Defense shaking table. 

(Units: mm; 1 mm = 0.039 in.) 
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Figure 2-2 – Reinforced concrete (left) and prestressed concrete (right) specimens on the 

NIED/E-Defense shaking table. [Nagae et al. 2015] 

Table 2.1 lists the weight and design forces of the test specimen. The weight was 

estimated based on the reinforced concrete members, the fixed steel frames, and the 

equipment. The weights of the floors of the test building, from the second floor to the 

roof, were 867 kN (2nd floor), 872 kN (3rd floor), 867 kN (4th floor), and 934 kN (Roof). 

The total weight from the second floor to the roof was 3,541 kN [796 kip]. 
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Table 2.1 - Weight and design forces [Nagae et al. 2015] 

(A) Structural elements (kN) Roof 4th floor 3rd floor 2nd floor 

RC 

Column 53 106 106 106 

Beam 240 240 240 240 

Wall 40 79 79 79 

Slab 484 428 424 420 

Sum 816 853 849 845 

(B) Non-structural elements (kN) Roof 4th floor 3rd floor 2nd floor 

Steel 
Stair and handrail 6 6 6 6 

Measurement frame 0 3 17 17 

Equipment 112 5 0 0 

Sum 118 14 23 23 

Total of (A) and (B) (kN) 934 867 872 867 

 4th story 3rd story 2nd story 1st story 

ΣWi (kN) 934 1,801 2,673 3,541 

Ci=0.2*Ai 0.29 0.25 0.22 0.20 

Qi (kN) 273 450 593 708 

Where Wi = weight of floor i, Ai = shape factor for vertical distribution of lateral forces for floor i, 
Ci = lateral force at floor i as a fraction of Wi, Qi = shear at story i; 1 kN = 0.225 kip. 

 

Table 2.2 lists dimensions and reinforcement details of typical members. The test 

building was designed in accordance with current Japanese seismic design practice. The 

concrete specified strength was 27 MPa [3.92 ksi]. The longitudinal reinforcement was 

SD345 (nominal yield strength 345 MPa [50.0 ksi]) and the transverse reinforcement was 

SD295 (nominal yield strength 295 MPa [42.8 ksi]). The amount of longitudinal 

reinforcement of the beams resulted from allowable stress design requirements (AIJ 
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2010). Longitudinal reinforcement of the columns was increased such that the column-to-

beam moment strength ratios became approximately 1.0 or greater. 

The diameters of the longitudinal reinforcement of beams and columns were D22 

[0.87 in. diameter] and D19 [0.75 in. diameter], while those of the walls were D19 and 

D13 [0.51 in. diameter]. The diameter of transverse reinforcement was D10 [0.39 in. 

diameter]. When constructing the test building, columns, walls, beams, and the floor slab 

were cast monolithically. The longitudinal reinforcement of columns, beams, and the wall 

boundaries were connected by gas pressure welding. Lap splices were used for the 

reinforcement of other parts of the walls and the floor slabs. The frames in the test 

building were nominally identical in design and detailing. The shear walls at axes A and 

C contained the same amount of longitudinal reinforcement but differed in the spacing of 

transverse reinforcement (Table 2.2). A complete set of drawings and specimen details 

can be found in Nagae et al. 2011b. Additional test data can be found on the NEEShub 

website (NEEShub 2011) and in Tuna 2012. 
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Table 2.2 – Typical dimensions and reinforcement details of members [Nagae et al. 2015] 

 
Example nomenclature for hoop and joint transverse reinforcement: 2,3-D10@100 

signifies 2 legs in the H direction and 3 legs in the B direction of D10 bars spaced at 100 

mm (Units: mm; 1 mm = 0.039 in.) 

 

The design of the test building satisfied most ACI 318-11 seismic provisions for 

special moment frames and walls. Notable differences are: 1) some column-to-beam 

strength ratios were smaller than the ACI requirement of 6/5; 2) beam-column joints did 

not satisfy ACI requirements for minimum volumetric ratio of transverse reinforcement; 

3) column transverse reinforcement met all ACI seismic provisions except that of 

minimum volumetric ratio; and 4) beam transverse reinforcement was spaced at 200 mm 

[7.87 in.] in the critical plastic hinge regions, which is larger than the 132 mm [5.20] 

required by ACI provisions. The walls generally satisfied requirements of ACI 318-11.   



 15 

2.3     SPECIMEN DESIGN 

The extent to which the test structure satisfies the seismic design provisions of 

ASCE/SEI 7-10 and ACI 318-11 is explored in this section. The building specimen was 

designed to withstand the seismic lateral forces presented in Table 2.1 (MLIT 2007) 

without members exceeding their elastic limits. These forces, which sum to 20% of the 

weight of the structure, are higher than those that would be specified by ASCE/SEI 7-10 

(Section 12.8.1.3), which caps seismic lateral forces for a low-rise building to 1/R times 

the structure weight for a design basis earthquake, where R is the response modification 

coefficient (8 for special reinforced concrete moment frames and 6 for special reinforced 

concrete shear walls). The vertical distribution of the design forces, given by the 

parameter Ai in Table 2.1, is similar to the ASCE/SEI 7-10 specification (approximate 

inverted triangular distribution).  

Results of material tests are given in Table 2.3 and Table 2.4. In subsequent 

evaluations, the moment and shear strengths of each member were calculated adopting 

the compressive strength of concrete and the yield strength of steel reinforcement 

obtained by averaging material test results.  

 

Table 2.3 - Material properties of concrete [Nagae et al. 2015] 

 f’c,S (N/mm2) f’c,M (N/mm2) Ec (kN/mm2) 

Cast of 4th story and roof 27 41.0 30.5 

Cast of 3rd story and 4th floor 27 30.2 30.3 

Cast of 2nd story and 3rd floor 27 39.2 32.8 

Cast of 1st story and 2nd floor 27 39.6 32.9 

Notes: f’c,S is specified concrete compressive strength; f’c,M is measured concrete compressive 

strength; and Ec is measured secant modulus of concrete; 1 N/mm2 = 0.145 ksi. 
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Table 2.4 - Material properties of steel [Nagae et al. 2015] 

 Grade Anominal (mm2) fy,M (N/mm2) ft,M (N/mm2) Es (kN/mm2) 

D22 SD345 387 370 555 209 

D19 SD345 287 380 563 195 

D13 SD295 127 372 522 199 

D10 SD295 71 388 513 191 

D10 SD295 71 448 545 188 

D10 KSS785 71 952 1,055 203 

Note: Anominal is nominal area of reinforcing bars; fy,M is measured yield strength of steel 
reinforcement; ft,M is measured ultimate strength of steel reinforcement; and Es is measured elastic 

modulus of steel reinforcement; 1 mm2 = 0.0016 in.2; 1 N/mm2 = 0.145 ksi. 

 

To aid in the design of the test specimen, pushover (nonlinear static) analyses 

were conducted on line-element models of the structure. Figure 2-3 presents pushover 

results for the final test specimen details. The analytical model used for pushover 

analyses was based on work by Kabeyasawa et al. 1984. The effective flange width of a 

top slab was adopted in accordance with the recommendations of the 2007 Ministry of 

Land, Infrastructure, Transport, and Tourism (MLIT) Standard. A vertical distribution 

defined by the parameter Ai (Table 2.1) was adopted for the lateral force distribution. In 

the analytical model, inelastic deformations of beam elements were represented by 

rotational springs at the ends of elements. The first and second break points 

corresponding to member cracking strength and flexural strength were assigned in the tri-

linear moment-rotation relationship. The secant stiffness corresponding to the flexural 

strength was calculated in accordance with provisions of the MLIT standard (MLIT 

2007). Beyond flexural yielding, the stiffness was reduced to 0.01 times the initial 

effective stiffness. The pushover analysis indicates that the ultimate base shear strength 
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of the building specimen is approximately 0.42W (1,500 kN [337 kip]) in the Frame 

Direction and 0.51W (1,800 kN [405 kip]) in the Wall Direction.  

 

 
(a) Hinge distribution; filled circles mark locations of inelastic rotations at larger drifts 

highlighted in (b) 

 

 
 (b) Story shear force versus story drift relationship; pushover curves are linked at two 

deformation levels to illustrate the distribution of deformations across the stories. Link-

lines were drawn where the maximum story drift angles reached 0.01 and 0.02. Link-lines 

at the higher deformations correspond to the hinge locations shown in (a) 

Figure 2-3 - Pushover analysis results. (Note: 1 kN = 0.225 kip) [Nagae et al. 2015] 

 

 

 



 18 

Figure 2-4 shows the column-beam moment strength ratios. Reinforcement of the 

top slab was reflected in the moment strength of beams in negative bending (top in 

tension). Effective flange widths of beams were adopted in accordance with the 

recommendations of the 2007 MLIT Standard or ACI 318-11, which produced roughly 

similar flange widths. Variations of column axial forces due to lateral forces were 

estimated from pushover analysis in the Japanese calculations. In the U.S. calculations, a 

plastic mechanism was assumed in which hinging of the columns occurs at the 

foundation and just below the roof, and beam hinging occurs at column faces at 

intermediate floors in the Frame Direction. In the Wall Direction, the assumed plastic 

mechanism considered hinging of the columns and walls at the foundation, and beam 

hinging at column and wall faces. Discrepancies in column-beam moment strength ratios 

evaluated using ACI and MLIT procedures (Figure 2-4) can mostly be attributed to 

differences in the estimates of axial forces on columns. From the second to fourth floors, 

the column-beam moment strength ratios were slightly below 1.0 for interior columns, 

while those of exterior columns ranged from approximately 1.0 to 1.87. 
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(a) Frame Direction – MLIT (ACI 318-11) 

 

 
 (b) Wall Direction – MLIT (ACI 318-11) 

Figure 2-4 - Moment strength ratios of columns to beams. [Nagae et al. 2015] 
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2.4     ASSESSMENT OF SPECIMEN DESIGN IN ACCORDANCE WITH U.S. SEISMIC DESIGN 

PRACTICE 

The structure was assessed in both the Frame and Wall Directions using ACI 318-

11 and ASCE/SEI 7-10 provisions. The goal was to determine how well the structure 

compares with U.S. seismic design practices. Rather than presume that the building was 

to be constructed at a particular site with corresponding site seismic hazard, the 

assessments of seismic design requirements are based on a seismic hazard represented by 

the linear response spectrum for the 100% JMA-Kobe ground motion to which the test 

structure was subjected. 

 

2.4.1     Shear wall direction (Wall Direction) 

The approximate natural period in the Wall Direction is 0.31 seconds based on 

Eq. 12.8-7 in ASCE/SEI 7-10. The spectral acceleration corresponding to this period is 

approximately 2.5g for the 100% JMA-Kobe ground motion imparted to the structure 

(Figure 2-5, Wall Direction). Elastic analysis was performed using equivalent (static) 

lateral forces corresponding to the spectral acceleration divided by an R factor of 6, as 

specified in ASCE/SEI 7-10 for a building frame system with special reinforced concrete 

shear walls. Equivalent lateral forces were distributed over the height of the structure in 

accordance with provisions of ASCE/SEI 7-10. An effective moment of inertia equal to 

50% of the gross moment of inertia was used over the full wall height: an intermediate 

value between the effective moments of inertia provided in ACI 318-11 for cracked and 

uncracked walls. Selected wall effective moments of inertia are also consistent with 

values recommended by ASCE/SEI 41-06 (ASCE/SEI Committee 41 2007a) for cracked 

walls. An effective moment of inertia equal to 30% of the gross moment of inertia was 

used for beams and columns as per ASCE/SEI 41-06 – supplement 1 (ASCE/SEI 
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Committee 41 2007b) provisions for beams and columns with low axial loads. Beams 

were considered T-beams with an effective flange width evaluated in accordance with 

provisions of ACI 318-11. Joints were taken as rigid. Elastic analysis of the walls 

decoupled from frames at Axes A and C indicates that the walls would develop their 

design moment strength (0.9 × nominal moment strength) at approximately 0.37/R of the 

JMA-Kobe 100% motion. If wall-frame interaction is taken into account, however, the 

wall-frame system would develop its design moment strength at approximately 0.55/R of 

the 100% JMA-Kobe motion. Thus, the building in the wall direction has only 55% of the 

strength that would be required for the JMA-Kobe motion if that motion is considered as 

the design earthquake shaking level. In subsequent discussion, wall-frame interaction is 

taken into account. When applying the equivalent lateral-force distribution in accordance 

with ASCE/SEI 7-10, wall flexural yielding occurs at a lower load than that generating 

the wall’s factored shear strength. Distributed vertical and horizontal steel satisfied all 

shear reinforcement requirements of ACI 318-11.  
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Figure 2-5 – Acceleration response spectra of input waves. (Note: Damping ratio = 0.05; 

1 m/s2 = 39.37 in./s2) [Nagae et al. 2015]  

The wall-foundation interface was not intentionally roughened prior to casting the 

walls. Given the amount of longitudinal steel crossing the interface, the axial force on the 

walls, and a friction coefficient of 0.6, nominal shear-friction strength in accordance with 

ACI 318-11 of both wall bases was approximately 2,140 kN [482 kip]. That shear-

friction strength exceeded estimated shear demands by approximately 60% based on the 

100% JMA-Kobe ground motion. Nominal shear-friction strength was, however, only 

20% higher than maximum base shear demand estimated from pushover analysis 

(approximately 1,800 kN [405 kip]). 

ACI 318-11 allows the use of two methods to determine if boundary elements are 

required in walls. If the drift-based method is considered (ACI 318-11, Section 21.9.6.2), 

no boundary elements are required in the walls for the 100% JMA-Kobe motion, whether 
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drift estimates are obtained considering wall-frame interaction or not. If the stress-based 

method is considered (ACI 318-11, Section 21.9.6.3), however, boundary elements are 

required in the walls up to a height of 7,550 mm [297 in.] from the base of the wall if 

walls are considered decoupled from the frames, and a height of 5,060 mm [199 in.] if 

wall-frame interaction is accounted. If one considers that boundary elements are not 

required in the walls, minimum boundary detailing in both walls satisfies ACI 318-11 

provisions. If one considers that boundary elements are required, however, the provided 

spacing of hoops in the boundary elements of the wall at Axis C (100 mm [3.94 in.]) 

marginally exceeds the required spacing (83 mm [3.26 in.]). In the wall at Axis A, hoops 

were spaced at 80 mm [3.15 in.] in the first story and this spacing satisfies all ACI 318 

hoop spacing requirements for the boundary element. In the upper stories of the wall at 

Axis A, hoops in the boundary regions were spaced at 100 mm [3.93 in.] and therefore 

did not satisfy the ACI 318-required spacing of 83 mm [3.26 in.]. 

If wall-frame interaction was considered, beam spanning between shear walls and 

corner columns were found to have sufficient moment strength to resist moments from 

elastic analysis based on the 100% JMA-Kobe motion hazard level. Shear strengths of the 

beams were sufficient to develop beam probable moment strengths. 

Because demands on corner columns in the Wall Direction were significantly 

lower than demands on the same columns in the Frame Direction, capacity and detailing 

of corner columns will be described in the section discussing the Frame Direction. 

 

2.4.2     Frame direction (Frame Direction) 

The approximate natural period in the moment frame direction is 0.44 seconds 

based on ASCE/SEI 7-10 Eq. 12.8-7. The spectral acceleration corresponding to this 
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period is approximately 1.45g for the 100% JMA-Kobe ground motion imparted to the 

structure (Figure 2-5, Frame Direction). Elastic analysis was performed using equivalent 

(static) lateral forces corresponding to the spectral acceleration divided by an R factor of 

8, as specified in ASCE/SEI 7-10 for special reinforced concrete moment frames. 

Equivalent lateral forces were distributed over the height of the structure in accordance 

with ASCE/SEI 7-10. Elastic analysis of the frames indicates that the first-story corner 

columns reach design flexural strength at a shaking level corresponding to approximately 

1.4/R of the JMA-Kobe 100% motion. All frame member strengths therefore exceeded 

the required design strength corresponding to a 100% JMA-Kobe hazard level.  

Factored shear strengths of all beams were not sufficient to develop probable 

moment strengths due to the requirement that concrete shear contribution be taken as zero 

(ACI 318-11, Section 21.5.4.2). Maximum beam shear stresses corresponding to the 

development of probable moment strengths ranged from 0.17 to 0.22 times the square 

root of the concrete compressive strength in MPa (2.0 to 2.7 in psi). The spacing of beam 

transverse reinforcement was 200 mm [7.87 in.] in the critical plastic hinge regions, 

which exceeds the maximum allowable spacing of 132 mm [5.20 in.] as required by ACI 

318-11. 

Factored shear strengths of the third and fourth story columns were not sufficient 

to develop probable moment strengths. Column shear stresses corresponding to the 

development of column probable moment strengths ranged from 0.11 to 0.32 times the 

square root of the concrete compressive strength in MPa (1.4 to 3.8 in psi). Column-end 

transverse reinforcement met spacing and layout requirements of ACI 318-11 in the first 

two stories but not the top two stories. No columns met the requirement for minimum 

volumetric reinforcement ratio in the critical end regions; columns had 20 to 50% of the 

hoop volumes required by ACI 318-11 in the critical end regions. Transverse 
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reinforcement ratios varied substantially between columns in different stories due to 

differences in numbers of crossties. 

Joint shear demands for both interior and exterior joints were calculated 

considering force equilibrium on a horizontal plane at the mid-height of the joints, in 

accordance with ACI 318-11. Joint shear demands calculated including the contribution 

of slab flexural tension reinforcement within the ACI 318 effective flange width were 

found to be approximately 20 to 40% higher than demands computed ignoring the slab 

contribution. Note that ACI 318 does not require consideration of the slab reinforcement 

in calculations of joint shear demand. Regardless of whether slab contribution was taken 

into account, all joint design shear strengths, based on ACI 318-11, exceeded joint shear 

demands. Because joints were only confined by hoops without crossties, the maximum 

center-to-center horizontal spacing between hoop and crosstie legs was larger than the 

ACI 318-11 limit of 350 mm [14 in.]. The provided hoop spacing in the joints of 140 mm 

[5.5 in.] was larger than the maximum spacing allowed by ACI 318-11 of approximately 

25 mm [1 in.] for the provided arrangement of hoops without crossties (limited by 

minimum volumetric reinforcement ratio requirements). Other joint detailing satisfied 

ACI 318-11 requirements, including those for longitudinal bar anchorage. 

Figure 2-4 shows column-beam nominal moment strength ratios. Below the roof, 

all strength ratios for exterior columns satisfied the 6/5 minimum requirement of ACI 

318-11. That requirement was not satisfied at interior joints. 

 

2.5     NIED/E-DEFENSE SHAKING TABLE FACILITY AND TEST CONDITIONS 

The NIED/E-Defense shaking table facility has been operated by the National 

Research Institute for Earth Science and Disaster Prevention (NIED) of Japan since 2005. 
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The table is 20 x 15 m [65 ft 7 in. x 49 ft 3 in.] in plan dimension and can produce a 

velocity of 2.0 m/s [78.7 in./s] and a displacement of 1.0 m [39.4 in.] in two horizontal 

directions simultaneously. It can accommodate a specimen weighing up to 1,200 tonnes 

[1,323 tons]. In this series of tests, the considered reinforced concrete building was tested 

side-by-side with a prestressed concrete building having almost the same configuration 

and overall dimensions (Figure 2-2). More detail about the test structure, including 

detailed drawings, can be found in Nagae et al. 2011b. 

 

2.6     LOADING PROGRAM 

Ground motions designated as JMA-Kobe and JR-Takatori, recorded in the 1995 

Hyogoken-Nanbu earthquake, were adopted as the input base motions. The North-South 

direction wave, East-West-direction wave, and vertical direction wave were input to the 

Wall Direction, Frame Direction, and vertical direction of the specimen, respectively. 

The intensity of input motions was gradually increased to observe damage progression. 

The adopted amplitude scaling factors for JMA-Kobe were 10%, 25%, 50%, and 100%. 

Following the JMA-Kobe motions, the JR-Takatori motion scaled to 40% and 60% was 

applied to impart large cyclic deformations. Figure 2-5 presents the acceleration response 

spectra for the input motions. JMA-Kobe 100% has a strong intensity in the short-period 

range corresponding to the natural period of the specimen, as can be seen in Figure 2-5. 

The JR-Takatori 60% has a strong intensity in the longer-period ranges corresponding to 

estimated damaged specimen periods. 
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2.7     TEST RESULTS 

2.7.1     Maximum recorded story drift and global behavior 

White-noise inputs were applied prior to each main test. From these, the initial 

natural periods of the test building were found to be 0.43 seconds in the Frame Direction 

and 0.31 seconds in the Wall Direction, which compare favorably with periods estimated 

using ASCE/SEI 7-10 Eq. 12.8-7 (0.44 seconds in the Frame Direction and 0.31 seconds 

in the Wall Direction). Figure 2-6 shows the distribution of maximum story drift over the 

height of the specimen for the shaking tests. In the Frame Direction, the story drift is 

larger in the first and second stories than in the third and fourth stories. In the Wall 

Direction, the story drifts are relatively uniform, although the drifts become larger in the 

first story than drifts of other stories in the JMA-Kobe 100% test and JR-Takatori tests. 

The structure remained stable through all the severe dynamic tests and thus satisfied the 

minimum collapse-prevention performance objective. Table 2.5 lists the maximum 

recorded roof level accelerations, drifts, and residual drifts for all earthquake simulation 

tests. Residual drifts were relatively low, with a maximum recorded value of 22.5 mm 

[0.88 in.] in the Wall Direction at the end of the JMA-Kobe 100% motion. 

 

 

 

Figure 2-6 - Maximum inter-story drift distribution. [Nagae et al. 2015] 
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Table 2.5 - Key response values at roof [Nagae et al. 2015] 

Test 

No. 
 

Maximum roof acceleration 

(m/s
2
) 

Maximum roof drift* 

(mm) 

Residual roof drift 

(mm) 

 Input wave 
Frame 

Direction  

Wall 

Direction  

Frame  

Direction 

Wall  

Direction 

Frame  

Direction 

Wall  

Direction  

1 JMA-Kobe 25% 3.12 6.37 16.9 24.2 0.5 0.4 

2 JMA-Kobe 50% 7.03 11.01 122.4 106.9 1.1 5.4 

3 JMA-Kobe 100% 9.65 14.01 242.7 323.9 6.2 22.5 

4 JR-Takatori 40% 6.46 8.13 240.4 240.8 1.3 7.9 

5 JR-Takatori 60% 8.09 9.99 278.1 414.0 8.0 11.6 

*Maximum roof drifts do not include residual drifts accrued from previous tests. 

Notes: 1 m/s2 = 39.37 in./s2; 1mm = 0.039 in.  

 

2.7.2     Damage states of members 

Figure 2-7 through Figure 2-9 show images of damage in the lower parts of the 

specimen. After the JMA-Kobe 50% test, the interior beam-column joints of the second 

floor and the column and wall bases of the first story showed minor cracking. In the 

interior beam-column joints, the maximum measured inclined crack width of 0.5 mm 

[0.02 in.] after the JMA-Kobe 50% test increased to 2.5 mm [0.1 in.] after the JMA-Kobe 

100% test. Eventually, inclined cracks in the interior beam-column joints at the second 

floor reached 5.3 mm [0.21 in.] after the JR-Takatori 60% test. Maximum inclined crack 

widths at beam ends and exterior beam-column joints were limited to approximately 1.5 

mm [0.06 in.], even after the JR-Takatori 60% test. Compressive failure of concrete 

apparently due to large flexural deformations was observed in column and wall bases. 

The cover concrete of column bases partially spalled to a height of 250 mm [9.8 in.] in 

the JMA-Kobe 100% test, and completely spalled to a height of 200 to 400 mm [7.9 to 

15.8 in] in the JR-Takatori 60% test. The core concrete of column bases remained 

adequately confined by transverse reinforcement even after the JR-Takatori 60% test. 
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Figure 2-7 - Damage state of moment frame with cracks highlighted. [Nagae et al. 2015] 
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Figure 2-8 - Deformation of interior beam-column joint in the JMA-Kobe 100%. [Nagae 

et al. 2015] 
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Figure 2-9 – Deformation of wall base in JMA-Kobe 100% (Note: 1 mm = 0.039 in.) 

[Nagae et al. 2015] 
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The corner portion of both wall bases suffered compressive failure to a height of 

300 mm [11.8 in.] and length of 600 mm [23.6 in.] in the JMA- Kobe 100% test. The 

longitudinal reinforcement in that region had lateral offset due to inelastic buckling. Wall 

sliding at both wall bases was observed in the JMA-Kobe 100% and subsequent tests. 

Significant sliding was primarily observed following crushing of the wall boundary zones 

(Wallace 2012), which may have weakened the wall-foundation interface shear friction 

resistance. The sliding mechanism affected the maximum drift and deformation demands 

in the test structure and may have accentuated the damage observed in the wall boundary 

regions. Sliding of the walls at their base reached approximately 100 mm [3.93 in.] 

during the JMA-Kobe 100% test and accounted for up to 10% of the roof drifts during 

that motion.  

 

2.7.3     Local deformations 

The shear deformations of the second-floor interior joints are highlighted first 

because these joints sustained severe damage and degradation. Shear deformations of the 

second-floor interior beam-column joints were measured in the Frame Direction, as 

shown in Figure 2-8(a). Figure 2-8(b) shows the history of the shear deformation angles 

as well as the average story drift angles of the upper and lower stories during the JMA-

Kobe 100% test. Peaks a to e in the response history (Figure 2-8(b)) are identified for 

later reference. Assuming that the shear deformation angle of the beam-column joint 

contributes to the average story drift angle, as shown in Figure 2-8(c), the deformation 

ratio is defined as the ratio of the shear deformation angle to the average story drift angle. 

Figure 2-8(d) shows the deformation ratio from Peaks a to e. The deformation ratio was 

0.35 at Peak a (when the average story drift ratio reached 0.009) and reached more than 
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0.6 at Peak d. Figure 2-8(e) shows the development of inclined cracks in the joint at 

Peaks b, c, and d.  

The rotation and lateral slip deformations of the wall base were measured in the 

Wall Direction using instrumentation shown schematically in Figure 2-9(a). The histories 

of the base rotation angle, lateral slip, and first story drift and drift angle during the JMA-

Kobe 100% test are shown in Figure 2-9(b) and (f). Peaks of story drift are denoted a to g 

for cross reference with other figures. Figure 2-9(c) shows an overall photograph of the 

wall at Peak c. A local compressive failure is seen at the base corner of the A-side and 

several tension cracks are seen at the lower part of the B-side. Figure 2-9(d) shows the 

deformation ratio at the peak story drifts in the JMA-Kobe 100% test. The deformation 

ratio is defined as the ratio of drift due to base rotation and lateral sliding to story drift. At 

Peak c, the story drift was mostly derived from the rotation and lateral sliding of the wall 

base. Because the maximum lateral sliding displacement becomes approximately constant 

after the maximum deformation of Peak c, the deformation ratio of lateral sliding 

increased at Peaks e and g. Figure 2-9(e) shows the damage of a wall base after the test. 

From video observations, lateral sliding became significant at Peak c and the local 

buckling of bars occurred at the base of B-side in the cycle when the story drift 

approached Peak d. 

 

2.7.4     Global hysteretic behavior and strength 

The global drift angle is defined as the relative horizontal displacement of the 

fourth floor level (Figure 2-1) divided by its height above the base. The base shear force 

was calculated based on the horizontal inertia forces given by the estimated weight of 



 34 

each floor and the corresponding floor accelerations. In shear force calculations, the 

weights of vertical elements were lumped with floor weights as presented in Table 2.1. 

Figure 2-10 shows the relationship between the base shear force and global drift 

angle. In the relationships, the hysteretic loops show inelastic behavior, while the 

stiffness is observed to decrease with an increase in the drift angle, as evinced by the 

decrease in reloading stiffness with increasing drift angles. The history of story shear 

force (Figure 2-10) indicates that the elongation of the first-mode period is more 

significant in the Frame Direction than in the Wall direction in the JMA-Kobe 50% test, 

while the period in the Wall Direction elongated noticeably in the JMA-Kobe 100% test 

due to the damage incurred by the shear walls. The apparent lowest periods of the 

structure estimated by the white-noise input were 0.99 seconds in the Frame Direction 

and 0.88 seconds in the Wall Direction after the JMA-Kobe 100% test. It is useful to note 

that measured base shear forces reached a maximum of approximately 85% of the 

building weight in the wall direction and 55% in the frame direction. Thus, actual 

strength was well in excess of the design lateral force level of 0.2W in each direction. 
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(a) JMA-Kobe 25% 

 

 
(b) JMA-Kobe 50% 
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 (c) JMA-Kobe 100% 

Figure 2-10 – Hysteretic behavior and history of base shear force. (Note: 1 kN = 0.225 

kip) [Nagae et al. 2015] 

Figure 2-11 shows the distribution of the story shear coefficient over the height of 

the structure. The story shear coefficient is defined as the story shear force divided by the 

weight of the floors above that story, normalized by the value of the coefficient at the 

first story. The figure presents values of the coefficient evaluated using the maximum 

story shear forces recorded during a given motion (“Max.” in the figure), and values of 

the coefficient evaluated using story shear forces occurring at the same time instant when 

the base shear reaches its maximum (“Base Peak” in the figure). Also presented in the 

figure are the design shear coefficients prescribed in Japanese design practice (given by 

the factor Ai in the 2007 MLIT standard). Equivalent story shear coefficients estimated 
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using the ASCE/SEI 7-10 equivalent lateral-force procedures are also shown in the 

figure. It is useful to note that the distribution of the story shear coefficients corresponds 

to a similar distribution of applied floor inertia forces; for example, an inverted triangular 

distribution of story shear force coefficients implies an inverted triangular distribution of 

floor inertia forces. Figure 2-11 indicates that floor inertia forces at peak base shear had a 

nearly uniform distribution over the height of the building, as opposed to an inverted 

triangular distribution often assumed in design, especially in the JMA-Kobe 100% and 

the JR-Takatori 60% tests. Such uniform vertical seismic force distributions have been 

observed in previous shaking table tests (for example, Kabeyasawa et al. 1984). Higher 

mode contributions and localization of damage may have influenced the observed vertical 

distribution of lateral forces. Such observation can partly explain the higher than 

estimated base shear forces seen in Figure 2-10. This is particularly the case in the Wall 

Direction where observed base shear forces during the JMA-Kobe 100% motions were 

more than 50% larger than those estimated from pushover analysis; which was based on 

an approximate inverted triangular lateral load distribution (Figure 2-3). 

 

 

Figure 2-11 – Distribution of floor lateral force coefficient. [Nagae et al. 2015] 
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Overturning moment at the base of the first story is mostly produced by the first-

mode response of a structure and is relatively insensitive to the distribution of the lateral 

forces (Kabeyasawa et al. 1984). Roof drift is also relatively insensitive to higher modes. 

Thus, the relation between roof drift angle and base moment is a convenient measure for 

comparing calculated and laboratory test strengths. Figure 2-12 shows the measured 

relationships between roof drift angle and overturning moment. Calculated overturning 

moments, obtained by pushover analyses at maximum story drift ratio of 0.02 (Figure 

2-4), are also shown in Figure 2-12. In the Frame Direction, the measured maximum 

overturning moment is 1.3 times the calculated value, while in the Wall Direction, the 

measured maximum overturning moment is 1.5 times the calculated value. Several 

factors may have contributed to the measured overstrength, including underestimation of 

the slab contribution to member strengths, other three-dimensional effects, and strain-rate 

effects. 

 

 

Figure 2-12 – Hysteretic behavior based on overturning moment. (Note: 1 kN-m = 0.737 

k-ft) [Nagae et al. 2015] 
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2.8     IMPLICATIONS OF TEST RESULTS TO ACI 318-11 

Although columns had 20 to 50% of the hoop volumes required by ACI 318-11 in 

the critical end regions, they performed adequately, maintaining core integrity through 

the full series of severe dynamic tests. It is noted, however, that column axial forces were 

relatively low, varying from an estimated tensile force on corner columns due to uplift, to 

a maximum compressive axial force of approximately 0.1Ag f’c,M at the first story (where 

Ag is the column gross-section area and f’c,M is the measured concrete compressive 

strength). This observation suggests that the volume of transverse reinforcement required 

by ACI 318-11 may be reduced in the axial force ranges of the tested columns. Several 

design codes (including the Japanese MLIT Standard (MLIT 2007), Design of concrete 

structures (CAN/CSA A23.3-04), and Concrete structures standard (NZS3101: Part 

1:2006) and Concrete structures standard-Commentary (NZS3101: Part 2:2006) account 

for the effects of axial force on confinement requirements of concrete columns. While 

these codes treat the effects of axial forces in different ways, they generally require less 

confinement reinforcement for lower axial forces. 

Similarly, the volume ratios of hoops in the critical regions of the beams were 

60% of the ratios required. Beams performed adequately and suffered relatively minor 

damage while maintaining core integrity throughout the dynamic tests. It is important to 

note that the beams were under relatively low shear stresses. Such observations indicate 

that beams under low shear stresses and conforming to the principles of ACI 318-11 but 

with somewhat lighter transverse reinforcement can meet life-safety performance 

objectives. 

Both shear walls sustained notable damage, including cover spalling and bar 

buckling, during the first high-intensity ground motion (JMA-Kobe 100%). It is 

noteworthy that confined boundary elements were not even required by the ACI 318 
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provisions (using the displacement-based approach). One of the reasons for the 

inconsistency here is that the measured lateral displacements were approximately twice 

the design values. Considering the measured displacements, ACI 318 provisions would 

have required confined boundary elements. 

Although confinement was not required by the ACI 318 provisions, the wall 

boundaries nonetheless contained confinement reinforcement satisfying the ACI 318 

special boundary element requirements at Axis A and nearly satisfying them at Axis C. 

The high levels of observed concrete spalling and longitudinal reinforcement buckling 

may suggest a need for improved detailing requirements. 

The nominal shear-friction strength at the wall-foundation interface, calculated in 

accordance with ACI 318-11, was 2,140 kN [482 kip] for both walls combined. Shear 

demands on the first story were estimated to be 1,400 kN [315 kip] based on the JMA-

Kobe 100% ground motion being the design motion, 1,800 kN [405 kip] based on 

pushover analysis, and 3,000 kN [675 kip] based on recorded data. Measured base shear 

demands were 40% larger than the calculated shear-friction capacity of the wall-

foundation interface. Test data therefore indicate that improvements on methods for 

estimating peak shear demands on wall systems should be sought. Notably, the effects of 

higher modes and localized damage on the vertical distribution of lateral loads should be 

considered when estimating peak story-shear demands. 

The interior beam-column joints sustained significant damage during the 

earthquake simulation tests. Implications for ACI 318 are not readily extracted, however, 

because the beam-column joint designs did not satisfy the ACI 318 requirements. 

Deficiencies included deficient column-to-beam flexural strength ratios and deficient 

volumetric ratios of joint transverse reinforcement. 
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2.9     SUMMARY AND CONCLUSIONS 

A full-scale, four-story, reinforced concrete building structure was tested on the 

NIED/E-Defense shaking table. The structure was designed in accordance with the 

present Japanese seismic design code. Minor adjustments to the design were made to 

bring the final structure closer to U.S. practice and thereby benefit a broader audience. 

The structure was subjected to a series of multi-directional seismic base motions 

including three high-intensity motions. The following key observations were made: 

1. The structure remained stable throughout the tests, even though lateral drift 

ratios exceeded 0.04. Thus, the structure satisfied a collapse-prevention performance 

objective. The structure did, however, sustain severe damage in the walls and beam-

column joints. 

2. At points of maximum base shear, the distribution of lateral inertia forces was 

approximately uniform over height, unlike the inverted triangular distribution used to 

design the structure. The nearly uniform lateral force distribution, along with other 

factors, resulted in a significant increase in the maximum base shear during the tests. Test 

data therefore indicate that improvements on methods for estimating peak shear demands 

on wall systems should be sought. 

3. Both walls suffered significant damage in their boundary regions, including 

wall boundary crushing, longitudinal reinforcement buckling, and lateral instability. 

Walls had tightly spaced hoop reinforcement at the boundaries that satisfied all ACI 

confinement requirements at Axis A and nearly satisfied them at Axis C. ACI 318-11 

provisions for the transverse reinforcement of special structural walls may need to be 

adjusted if more limited damage is desired, particularly for thin walls with relatively large 

cover, such as those in the test structure. 
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4. Significant sliding at the wall-foundation construction joint was observed at the 

base of both walls. The sliding mechanism affected the maximum drift and deformation 

demands in the test structure and may have accentuated the damage observed in the wall 

boundary regions. Three factors may have contributed to the observed sliding. First, 

although the construction joint between the walls and the foundation were cleaned as per 

Japanese practice, they were not intentionally roughened as required by ACI 318-11. 

Second, although design shear demands were less than the sliding shear strength 

calculated in accordance with ACI 318-11, the actual test shears were much higher than 

the design values. Third, damage to the wall-boundary regions may have reduced the 

shear-friction strength at the wall-foundation joints. These observations suggest two 

issues that may not be adequately treated in current codes. First, that higher-mode 

contributions and effects of localized damage should be accounted for when estimating 

shear force demands on shear walls, and second, that integrity and stability of the wall 

boundary zone is an important component of wall sliding shear resistance.  

5. Columns performed adequately and maintained core integrity throughout the 

series of severe tests even though they did not satisfy volumetric reinforcement ratio 

requirements of ACI 318-11 for confinement. Column axial force ratios were relatively 

low and did not exceed 10% of the column gross-section axial capacity. Test results 

therefore indicate that it might be possible to reduce the ACI 318-11 minimum volumes 

of confining reinforcement for columns with low axial force ratios. 

6. Beams also performed adequately and maintained core integrity even though 

they did not satisfy the confinement volumetric reinforcement ratio requirements of ACI 

318-11. Beam shear stresses were, however, relatively low and did not exceed 0.22 times 

the square root of concrete compressive strength in MPa (2.7 in psi). 
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7. Joints performed poorly, exhibiting wide inclined cracks and deformations that 

accounted for up to 60% of floor drifts at the end of the test series. Interior joints 

performed worse than exterior joints. It is noted that the joint designs satisfied Japanese 

code requirements but did not satisfy ACI 318-11 code requirements. 
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CHAPTER 3 ASSESSMENT OF INTERNATIONAL STANDARD 

PROVISIONS ON STIFFNESS OF REINFORCED CONCRETE 

MOMENT FRAME AND SHEAR WALL BUILDINGS 

 

The accuracy of the lateral stiffness provisions of international standards is 

examined for concrete buildings. The stiffness provisions of American, Japanese, 

Canadian, New Zealand, and European standards are evaluated. Standard stiffness 

estimates are compared with the experimentally derived lateral stiffnesses of a four-story, 

full-scale, reinforced concrete building tested under multi-directional seismic motions on 

the National Research Institute for Earth Science and Disaster Prevention (NIED)/E-

Defense shaking table in Japan. The structure was designed to Japanese seismic design 

requirements and met most U.S. design requirements for regions of high seismicity. The 

building had moment frames resisting lateral loads in one direction and shear walls in the 

other. Building stiffness was found to degrade substantially with increasing lateral drifts 

and relate to prior deformation history. In general, standard stiffness values were higher 

than those of the building. Standard provisions produced more accurate stiffness 

estimates for frame members than for walls. All standard provisions produced 

substantially larger stiffness estimates than experimental values for shear walls.  Study 

results therefore indicate that improvements in the stiffness provisions of all investigated 

standards for concrete buildings may be warranted. Particularly, ranges should be 

specified for concrete-member stiffnesses that relate to deformation histories, and means 

to account for deformation history in stiffness evaluations should be introduced. 
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3.1     INTRODUCTION 

Structural analysis is an integral part of the design process and its accuracy is 

essential to achieving safe seismic designs. Particularly, structural stiffness plays a 

crucial role in determining the natural periods of structures, from which seismic demands 

ensue. Yet the numerous recommendations found in the literature and design standards 

around the world provide drastically different recommendations for evaluating the 

stiffness of structural members and systems. This is especially true for reinforced 

concrete structures, in which cracking in the concrete generates significant stiffness 

degradation even at relatively low deformation levels. Given the wide range of stiffness 

recommendations, it is no surprise that blind prediction contests result in predictions of 

structural strength and deformations that are several times higher or lower than 

experimental results (Mahin et al. 2010 and Bachman 2006). 

At the heart of the issue is the complexity of the stiffness degradation of 

reinforced concrete members related to concrete cracking and the slip of longitudinal bars 

in foundations and joints (Ghannoum and Moehle 2012a, 2012b). Moreover, the vast 

majority of experimental tests, on which stiffness recommendations are based, were 

conducted pseudo-statically on individual structural components. Limited data is 

available from dynamic tests and tests on complete structural systems, in which member 

interactions and boundary conditions affecting longitudinal bar-slip are realistically 

reproduced. 

A full-scale, four-story, reinforced concrete building was tested under multi-

directional seismic excitations of increasing amplitude on the National Research Institute 

for Earth Science and Disaster Prevention (NIED)/E-Defense shaking table in Japan in 

December of 2010. A two-bay moment-frame system was adopted in the longer plan 

direction, and a pair of multi-story planar shear-walls were incorporated in the exterior 
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frames in the shorter direction. The building was designed to the modern seismic design 

requirements of Japan and reflected closely the latest United States (U.S.) seismic 

provisions for regions of high seismic risk (Nagae et al. 2011, 2015 (CHAPTER 2)). The 

test series is unique in that no other experiments in the literature involved a full-scale 

complete structural system of a building designed according to modern seismic design 

standards, and tested under multi-directional seismic motions, including vertical 

excitations. 

The stiffness provisions of U.S., Japanese, Canadian, New Zealand, and European 

standards were evaluated in light of experimental data. Stiffness comparisons between 

standard values and experimental ones were performed at various stages in the loading 

protocol as the amplitudes of ground motions imparted on the test structure increased. 

A linear elastic three-dimensional model of the test building was generated to 

identify the optimal set of effective member stiffnesses that best match experimentally 

derived stiffness values. As is common in structural analyses supporting seismic designs, 

the computational model used line-element members having effective flexural stiffness 

values. An effective slab width was used to obtain the effective stiffness of beams. 

 

3.2     TEST BUILDING DETAILS 

The plan and framing elevations of the test building are shown in Figure 3-1. A 

moment frame system was adopted in the Frame Direction with two spans of 7.2 m [23 ft 

7.5 in.]. A pair of multi-story planar walls were incorporated in the Wall Direction of one 

span of 7.2 m [23 ft 7.5 in.]. Walls were coupled to the corner columns by 300 mm [11.8 

in.] deep beams. The thickness of the slab was 130 mm [5.1 in.]. The story height was 3 

m [118.1 in.] for all stories. The frames in the building were nominally identical in design 
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and detailing. The shear walls at axes A and C contained the same amount of longitudinal 

reinforcement but differed in the spacing of transverse reinforcement confining the 

boundary regions. Equivalent lateral forces used to design the building in both directions 

summed to 20% of the building weight at the base. Building floor weights were 867 kN 

[195 kip], 872 kN [196 kip], 867 kN [195 kip], and 934 kN [210 kip] at the 2nd floor, 3rd 

floor, 4th floor, and roof, respectively. 

 

 

Figure 3-1 – Building plan, framing elevations, and picture of the NIED/E-Defense 

shaking table. (Units: mm; 1 mm = 0.039 in.) 
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The measured concrete compressive strengths and moduli of elasticity of the 1st 

story and 2nd floor, the 2nd story and 3rd floor, the 3rd story and 4th floor, and the 4th story 

and roof were 39.6 N/mm2 [5.7 ksi] (32.9 kN/mm2 [4,771 ksi]), 39.2 N/mm2 [5.7 ksi] 

(32.8 kN/mm2 [4,757 ksi]), 30.2 N/mm2 [4.4 ksi] (30.3 kN/mm2 [4,395 ksi]), and 41.0 

N/mm2 [5.9 ksi] (30.5 kN/mm2 [4,424 ksi]), respectively. The measured yield strengths 

of the D10 (10 mm [0.39 in.] nominal diameter), D13, D19, and D22 steel bars were 388 

N/mm2 [56.3 ksi], 372 N/mm2 [54.0 ksi], 380 N/mm2 [55.1 ksi], and 387 N/mm2 [56.1 

ksi], respectively.  Dimensions and reinforcement details of members are shown in Table 

3.1. Axial load ratios due to gravity loads were relatively low and ranged between 0.9% 

and 7.5% for columns and were 0.2 to 1.0% for walls (Table 3.2). The axial load ratio is 

the applied axial load divided by the member gross sectional area and concrete 

compressive strength. 

 

Table 3.1 – Typical dimensions and reinforcement details of members; 1 mm = 0.039 in. 

 



 49 

Table 3.2 – Axial load due to gravity loads on columns and walls 

 
Exterior columns (%) Interior columns (%) Shear walls (%) 

4th story 0.9% 2.2% 0.2% 

3rd story 2.5% 5.2% 0.6% 

2nd story 2.9% 5.8% 0.8% 

1st story 3.8% 7.5% 1.0% 

 

3.3     BEHAVIOR OF THE TEST BUILDING 

The input ground motions applied for the experiments were the JMA-Kobe and 

JR-Takatori motions recorded during the 1995 Hyogoken-Nanbu earthquake. All 

components of the JMA-Kobe ground motion were imparted to the test structure 

sequentially scaled to 10%, 25%, 50%, and 100% of the original recorded motion. 

Subsequently, all components of the JR-Takatori motion were imparted scaled to 40% 

and 60% of the motion. At the end of the test series, the structure had sustained 

significant damage. The JMA-Kobe motion scaled to 10% did not cause any observable 

cracking or softening of the structure. The JMA-Kobe motion scaled by 50% was the first 

motion to generate minor flexural yielding in some members and minor damage in beam-

column joints. The seismic motions imparted to the structure beyond the 50% JMA-Kobe 

motion generated significant inelastic demands and damage. Consequently, this study 

only explores the effective stiffness of the structure up to the JMA-Kobe 50% test. Figure 

3-2 and Figure 3-3 show the acceleration histories and 5% damping response spectra for 

the recorded shaking table motions during the JMA-Kobe 25% and 50% tests.  
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(a) Frame Direction 

 

 
 (b) Wall Direction 

Figure 3-2 – Acceleration histories of recorded motions at shaking table base. (Note: 1 

m/s2 = 39.37 in./s2) 
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(a) Frame Direction 

 

 
 (b) Wall Direction 

Figure 3-3 – Acceleration response spectra of recorded motions. (Note: Damping ratio = 

0.05) 

Table 3.3 presents the maximum drift ratios of the test specimen during the first 

three seismic motions imparted to it. A story drift ratio is calculated as the lateral drift of 

the story divided by the story height (3 m [118 in.]), while the roof drift ratio is calculated 
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as the drift of the roof divided by the roof height above the foundation (12 m [472.4 in.]). 

During the JMA-Kobe 25% test, the maximum story drift ratios reached were smaller 

than 0.3% in both directions. During the JMA-Kobe 50% test, the maximum story drift 

ratios reached between 0.55% and 1.72% in the Frame Direction, and between 0.61% and 

0.89% in the Wall Direction. 

 

Table 3.3 – Maximum drift ratios 

 

JMA-Kobe 10% JMA-Kobe 25% JMA-Kobe 50% 

Frame 

Direction 

Wall 

Direction 

Frame 

Direction 

Wall 

Direction 

Frame 

Direction 

Wall 

Direction 

4th story 0.03% 0.02% 0.10% 0.15% 0.55% 0.61% 

3rd story 0.06% 0.04% 0.19% 0.22% 1.10% 0.81% 

2nd story 0.07% 0.04% 0.25% 0.22% 1.72% 0.85% 

1st story 0.06% 0.03% 0.19% 0.18% 1.46% 0.89% 

Roof drift 

ratio 
0.05% 0.03% 0.18% 0.19% 1.18% 0.79% 

 

Secant story stiffness values were obtained by joining the lateral drift peaks at 

each drift cycle as illustrated in Figure 3-4. The story secant stiffness histories for all 

loading cycles are plotted in Figure 3-5 for the JMA-Kobe 25% and 50% tests. During 

the JMA-Kobe 10% motion, no changes in the lateral stiffness of stories were observed. 

During the JMA-Kobe 25% test, however, significant decreases in the stiffness of the test 

building were observed in both Frame and Wall directions. Story stiffnesses decreased by 

33 to 36% in the Frame Direction and by 41 to 47% in the Wall Direction (Figure 3-5). 

The maximum roof drift ratios reached were 0.18% in the Frame and 0.19% in the Wall 

Directions during the JMA-Kobe 25% motion. These results therefore indicate that 

significant stiffness degradation of reinforced concrete buildings can occur even at low 
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drift levels. During the JMA-Kobe 50% test, the decrease in story stiffness was also 

significant in both directions. Story stiffnesses decreased by 64 to 75% in the Frame 

Direction and 73 to 84% in the Wall Direction from the original pre-test values. As seen 

in Figure 3-5, the largest stiffness degradations during the JMA-Kobe 50% test occurred 

at round 15 seconds into the motion, when peak accelerations were imparted to the 

building. After the peak acceleration pulses, story stiffnesses stabilized but did not 

recover original values. The degradation of the stiffness of the building is also captured in 

Figure 3-6, in which story stiffnesses are plotted versus peak drift ratios for each drift 

cycle. As can be seen in the figure, the stiffness of each story degrades with increasing 

lateral drift, but then remains at the reduced level corresponding to the largest prior 

lateral drift regardless of the subsequent smaller drift levels. As a new maximum drift 

level is reached, the crack patterns in the structure expand and soften the structure.  

However, once cracks have extended during an excursion to a certain drift level, the loss 

of stiffness associated with the formation of the new crack patterns appears to remain 

regardless of subsequent excursions to lower drift levels. 
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Figure 3-4 – Illustration of a first-story secant stiffness for a drift cycle during the JMA-

Kobe 25% motion (Wall Direction). (Note: 1 kN = 0.225 kip) 
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(a) Frame Direction 

 

 
 (b) Wall Direction 

Figure 3-5 – Story stiffness histories. (Note: 1 kN/m = 0.069 kip/ft) 
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(a) Frame Direction 

 

 
 (b) Wall Direction 

Figure 3-6 – Story stiffness versus drift ratios of the building. (Note: 1 kN/m = 0.069 

kip/ft) 
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3.4     EVALUATION OF STANDARD STIFFNESS PROVISIONS 

It is common for structural engineers to model building structures using a lumped-

plasticity approach in which column, beam, and wall members are represented by elastic 

line-elements having effective stiffness values. Inelastic deformations in such an 

approach are typically simulated using concentrated hinges at member ends. Structural 

engineers typically select member effective elastic stiffness values based on provisions of 

design standards. The stiffness provisions of the following standards were evaluated in 

light of the unique experimental data: 1) Building Code Requirements for Structural 

Concrete, (American Concrete Institute (ACI) Committee 318 2014); 2) ASCE/SEI 41-

13: Seismic Evaluation and Retrofit of Existing Buildings (American Society of Civil 

Engineers/Structural Engineering Institute (ASCE/SEI) Committee 41 2013); 3) AIJ 

2010: Standard for Structural Calculation of Reinforced Concrete Structures 

(Architectural Institute of Japan 2010); 4) CAN/CSA-A23.3-04: Design of concrete 

structures (Canadian Standards Association 2004); 5) NZS3101: Part 1:2006: Concrete 

Structures Standard (Standard Association of New Zealand 2006) and NZS3101: Part 

2:2006: Concrete Structures of Standard-Commentary (Standards Association of New 

Zealand 2006); 6) Eurocode2: Design of concrete structures (European Committee for 

Standardization 2004) and Eurocode8: Design of structures for earthquake resistance 

(European Committee for Standardization 2004); and 7) fib 2010: fib Model code for 

concrete structures 2010 (International Federation for Structural Concrete 2010). The 

effective width of slabs acting with beams and the effective stiffness of beams, columns, 

and shear walls were determined based on the seismic provisions of the standards. Beam-

column joints were also modeled in accordance with provisions of the standards. 
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3.4.1     Three-dimensional computational model 

Since test results only provide story stiffnesses and not individual member 

stiffnesses, a three-dimensional elastic computational model of the structure was built to 

evaluate standard stiffness provisions. All members were modeled as elastic line elements 

requiring the definition of the following parameters; 1) the sectional area, 2) the modulus 

of elasticity, 3) the effective moments of inertia about the strong and weak axes, 4) the 

shear modulus, and 5) the torsional moment of inertia of the cross section. The gross 

sectional area (Ag) was used for all elements. The moduli of elasticity used for element 

definition were the measured moduli of elasticity of concrete (Ec). The effective moments 

of inertia (Ieff) were input according to each standard’s provisions. It is noted that only 

gravity loads were used when evaluating the effective flexural stiffness, EcIeff of vertical 

members. If the shear modulus was defined in a standard it was used, otherwise the shear 

modulus was taken as 0.4Ec. Axial stiffness was based on EcAg without reduction for all 

elements. The gross torsional moments of inertia of cross section were used for all 

elements. 

Since the shear walls were modeled as line elements, essentially rigid beams were 

introduced to transfer forces from the line elements at the centerline of the shear walls to 

the connecting beams at wall edges. Rigid truss elements were used to impose an 

essentially rigid diaphragm constraint at each floor. Beam-column joints were modeled as 

rigid members if their stiffness was not defined in the standard considered. Mass was 

discretized over floor areas to capture floor mass distribution (APPENDIX C). 

The elevation of beam centroids varied in each framing direction due to varying 

beam depths and effective flange widths. Because lateral loads were resisted primarily by 

columns and beams in the Frame Direction, the selection of beam centerline heights were 

more critical in that direction than in the Wall Direction. Therefore, the model was built 
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with all beams and columns intersecting at nodes that are 300 mm [11.8 in.] below the 

top of the slab. Mass and stiffness proportional Rayleigh damping was used to assign a 

damping ratio of 2% to the first and second structural periods. 

3.4.2     Effective flange width of beams 

In the standards considered, the effective flange width of the beams (beff) is related 

to the center-to-center span length of the beams (L), the clear span length of the beams 

(Lclear), the slab thickness (hf), the clear distance to the next parallel beam web (Ltrans.), the 

beam web width (bw), and the beam overall depth (h). Span lengths were measured from 

center to center of the adjacent columns for beams framing into columns at both ends. 

However, the span length of beams framing into the corner columns and the walls was 

taken from the centerline of the columns to the edge of the shear walls. For all exterior 

beams in both plan directions, one side of the flange was a cantilevered slab (Figure 3-1). 

For those beams, the clear distance to the next web (Lcantil.) was taken as the length of the 

overhanging flange on the cantilever side. Table 3.4 lists the dimensions used in 

calculating the effective flange widths. 

 

Table 3.4 – Dimensions for the calculation of effective flange widths [Note: 1mm = 0.039 

in.] 

 

Frame beams 

(mm) 

Wall beams 

(mm) 

Interior beams 

(mm) 

Span length (L) 7,200 2,350 7,200 

Clear span length (Lclear) 6,700 2,100 6,700 

Slab thickness (hf) 130 130 130 

Clear distance to the next web (Ltrans.) 6,900 1,500 1,500 

Clear distance to the next web (Lcantil.) 

– Cantilever slab side 
1,250 650 N/A 

Web width (bw) 300 300 300 

Beam depth (h) 600 300 400 
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Table 3.5 lists the equations used to calculate the beam effective flange width 

(beff) using ACI 318-14, ASCE/SEI 41-13, CAN/CSA-A23.3-04, and NZS3101:2006. 

These standards specify that the lowest value obtained using the equations in Table 3.5 

should be used as the beam effective flange width. In addition to the equations presented 

in Table 3.5, NZS3101:2006 requires the effective flange width on each side of the web 

not to exceed the clear distance between adjacent beams in the direction considered times 

the factor of  ; where hb1 is the beam overall depth and hb2 is the beam overall 

depth of the adjacent beam.   

 

Table 3.5 – Effective flange width (beff) relations for beams 

ACI 318-14 ASCE/SEI 41-13 CAN/CSA-A23.3-04 NZS3101:2006 

2(Lclear/8) + bw 2(L/5) + bw 2(L/10) + bw (L/8) + bw 

2(8hf) + bw 2(8hf) + bw 2(12hf) + bw 8hf + bw 

[Lcantil.+ (Ltrans./2)] + bw [Lcantil.+ (Ltrans./2)] + bw [Lcantil.+ (Ltrans./2)] + bw h + bw 

 

In AIJ 2010, the effective flange width (beff) of continuous beams is specified as: 

 

,)1.0(2 weff bLb             for LLtrans 5.0.                                     Eq. (3.1) 

where, 

Ltrans.: clear distance to the next parallel beam web 

L: span length of the beam 

 

Eurocode2 and fib 2010 allow for a variable effective flange width over the span 

of a beam. Beams can be split into three sections of length (l0) delineated by the flexural 

inflection points, which can be taken at 0.15 times the center-to-center span of the beam 
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from joint centerlines. In Eurocode2 and fib 2010, the effective flange width for each 

beam section is specified as: 

bbbb wieffeff  ,                                                            Eq. (3.2) 

The effective flange overhang on either side of the web is given by: 

 

00
.

, 2.01.0)
2

(2.0 ll
L

b trans
ieff                                                 Eq. (3.3) 

The effective flange widths of the end beam sections were therefore smaller than those of 

the middle beam sections, resulting in a reduced flexural stiffness at beam ends. Table 3.6 

lists beam effective flange widths calculated using the standards considered. 

 

Table 3.6 – Beam effective flange widths (beff) 

 Frame beams 

(mm) 

Wall beams 

(mm) 

Interior beams 

(mm) 

ACI 318-14 1,975 825 1,800 

ASCE/SEI 41-13 2,380 1,240 1,800 

AIJ 2010 1,740 770 1,740 

CAN/CSA-A23.3-04 1,740 770 1,740 

NZS3101:2006 900 594 700 

Eurocode2/fib 2010 (Beam ends) 732 441 732 

Eurocode2/fib 2010 (Beam mid-span) 2,062 909 1,608 

 

3.4.3     Element effective stiffness 

3.4.3.1     ACI 318-14 and CAN/CSA-A23.3-04 

In ACI 318-14 and CAN/CSA-A23.3-04, the gross-section flexural stiffness, EcIg, 

is reduced to obtain the effective flexural stiffness, EcIeff, which accounts for cracking and 

other softening effects. In accordance with those standards, the gross-section flexural 
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stiffness was reduced in the computational model by a factor of 0.7 for columns, 0.5 or 

0.7 for walls, and 0.35 for beams. The flexural stiffness reduction factors for shear walls 

were determined by comparing the wall cracking moment strength, Mcr, as defined in 

each standard, to the moment demands obtained analytically during the JMA-Kobe 25% 

and the JMA-Kobe 50% motions. If the estimated moment demands within a story 

exceeded the cracking moment, a stiffness reduction factor of 0.5 was used, otherwise a 

factor of 0.7 was used. 

It is noted that ACI 318-14 also permits the use of a reduction factor of 0.5 for all 

members. However, only the values listed in the preceding paragraph were used in this 

study when considering ACI 318-14, as the option of utilizing a constant reduction factor 

of 0.5 was covered when considering Eurocode8 provisions; albeit with slightly different 

effective flange widths from those specified in ACI 318-14. 

 

3.4.3.2     ASCE/SEI 41-13 

ASCE/SEI 41-13 provisions relate column flexural stiffness to axial load. A 

stiffness reduction factor of 0.3 was used in the computational model for all columns 

based on those provisions, as the gravity loads applied to all columns were less than 

0.1Agf’c. A flexural stiffness reduction factor of 0.5 was used for all shear walls, while it 

was taken as 0.3 for all beams. 

All beam-column joints were modeled by adjusting the stiffness of column and 

beam offsets within the joint region (joint elements). ASCE/SEI 41-13 provides three 

options for defining joint element stiffnesses. If the column-to-beam flexural strength 

ratio is less than 0.8, beam offsets should be rigid and column offsets flexible (i.e., having 

the stiffness of the adjacent column element). If the column-to-beam flexural strength 
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ratio is between 0.8 and 1.2, half of the beam and column offsets should be rigid and the 

remaining length flexible. If the column-to-beam flexural strength ratio is larger than 1.2, 

column offsets should be considered rigid and beam offsets flexible. Column-to-beam 

flexural strength ratios at all joints of the structure can be found in Nagae et al. 2015 

(CHAPTER 2). 

Depending on whether moments in beams at corner columns generated tension at 

the bottom or top of the beams, the column-to-beam flexural strength ratio varied 

significantly at the end joints and altered the joint-element stiffnesses. Moreover, corner-

joint stiffnesses were also influenced by the seismic loading direction that affected 

column axial loads and consequently flexural strengths. Such a scenario is not treated in 

the provisions of ASCE/SEI 41-13. In this study, corner-joint column and beam offsets 

were taken as rigid for half their length and flexible for the other half to arrive at an 

intermediate joint stiffness that does not change with the direction of lateral loading. 

Table 3.7 summarizes the joint element stiffness selections for the test structure in 

accordance with ASCE/SEI 41-13 

 

Table 3.7 – Stiffness selections for joint elements in accordance with ASCE/SEI 41-13 

 Exterior columns Interior columns 

 Frame Direction Wall Direction Frame Direction Wall Direction 

Roof Rigid beam offset Rigid column offset Rigid beam offset 
Half column and half 

beam offsets rigid 

4th floor 
Half column and half 

beam offsets rigid 
Rigid column offset Rigid beam offset Rigid column offset 

3rd floor 
Half column and half 

beam offsets rigid 
Rigid column offset Rigid beam offset Rigid column offset 

2nd floor 
Half column and half 

beam offsets rigid 
Rigid column offset Rigid beam offset Rigid column offset 

Note: a joint element was modeled as having the stiffness of the adjacent frame member 

unless otherwise noted as rigid in the table 
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3.4.3.3     AIJ 2010 

AIJ 2010 takes a different approach than U.S. standards and utilizes empirical 

equations developed by Sugano (Aoyama and Sugano et al. 1970) to define element 

effective stiffnesses. The effective moment of inertia of a section is given in AIJ 2010 by: 

 

gyeff II                                                                       Eq. (3.4) 

For columns and beams: 
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                     Eq. (3.5) 

where, 

Ig: gross moment of inertia  

b: width of the section 

D: overall depth of section 

n: modular ratio of steel to concrete 

pt: longitudinal reinforcement ratio calculated as the area of longitudinal steel divided by 

the cross sectional area 

a/D: shear span-to-depth ratio (2.0 to 5.0) 

N: axial force (positive for compression) 

σB: concrete compressive strength 

d: effective depth of the section measured from extreme compression fiber to the centroid 

of the flexural tension steel 
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In Eq. (3.5), the axial force term is limited by 

 

5.50.0 
BbD

N


                                           Eq. (3.6) 

For walls: 

 

ty p3.015.0                                                             Eq. (3.7) 

 

3.4.3.4     NZS3101: Part 1:2006 

NZS3101: Part 1:2006 utilizes a similar approach to the U.S. standards and 

provides simple relations for reducing the flexural stiffness of concrete members. Table C 

6.6 in NZS3101: Part 2:2006 was used to calculate the effective stiffness of the members 

input in the computational model. In the table, stiffness values for concrete members are 

given depending on the design ductility factor, μ, for a structure. Since this factor is 6 in 

the Frame Direction and close to 6 in the Wall Direction, as defined in the standard, the 

stiffness values for that value of μ were selected in this study. The New Zealand standard 

relates beam flexural stiffness to the yield strength of longitudinal bars. Column and wall 

flexural stiffness are also related to the ratio of applied axial load to axial load capacity. 

A flexural stiffness reduction factor of 0.35 is specified for beams in which the yield 

strength of longitudinal bars is 300 N/mm2 [43.5 ksi]. A factor of 0.27 applies if the yield 

strength is 500 N/mm2 [72.5 ksi]. A flexural stiffness value of 0.32 was used in this study 

as the yield strength of beam longitudinal bars ranged from 370 to 380 N/mm2 [53.7 to 

55.1 ksi]. For columns, the ratio of the gravity axial load to the axial load capacity ranged 

from 0.9 to 7.5% (Table 3.2), while the yield strength of longitudinal bars was 370 

N/mm2 [53.7 ksi]. Based on these values, the stiffness reduction factors for columns 
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ranged between 0.37 and 0.43. For walls, the ratio of the gravity axial load to the axial 

load capacity ranged from 0.2 to 1.0% (Table 3.2), while the yield strength of the 

longitudinal bars was 380 N/mm2 [55.1 ksi]. Based on these values, the stiffness 

reduction factors for walls ranged between 0.297 and 0.304. All beam-column joints were 

modeled as rigid as specified in NZS3101: Part 2:2006. 

 

3.4.3.5     Eurocode8 

In Eurocode8, the effective flexural stiffness of all members is given as half of the 

gross flexural stiffness. 

 

3.4.3.6     fib 2010 

fib 2010 defines the effective flexural stiffness of frame and wall members as the 

secant stiffness to the yield point. The effective flexural elastic stiffness is obtained in fib 

2010 through moment curvature analysis accounting for longitudinal bar slip from 

adjacent members. The effective flexural stiffness is given through:  

 

y

sy

y
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3
                                                                Eq. (3.8) 

where, 

My: yield moment 

θy: chord rotation at member end as given in Eq. (3.9) 

Ls: moment to shear ratio (M/V) at member end or the shear span.  
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It is noted that Ls can be taken as 50% of the clear length of beams and columns. For 

shear walls, Ls can be estimated as 50% of the height from the base of each story of the 

wall to the top of the wall in the building.   

The yield moments of members were evaluated by sectional analyses at the limit 

of the elastic range of concrete and steel materials. It was assumed that concrete was 

essentially linear up to a stress level of 0.7f’c. The chord rotation at member yielding, θy, 

was obtained as follows: 
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83
                                                         Eq. (3.9) 

where, 

ϕy: curvature at yield obtained from sectional analysis 

: stress of the longitudinal bars in tension at member end and can be  taken as the yield 

stress of bars. 

dbL: mean diameter of the longitudinal bars in tension 

τb : mean bond stress along the straight anchorage length of the tension bars within 

adjacent members (e.g., joints or footings). The mean bond stress is given as 

 in fib 2010. 

 

The first term in Eq. (3.9) provides the rotation due to member flexural deformations and 

the second term provides member rotation due to longitudinal bar slip in adjacent 

members. 
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3.4.3.7     Summary of effective flexural stiffness 

Table 3.8 summarizes the equivalent flexural stiffness reduction factors (α) for all 

the standards considered (Ieff = αIg). ACI 318-14 and CAN/CSA-A23.3-04 provide a 

constant reduction factor for the effective stiffness of beams and columns, while those 

factors for shear walls are based on the flexural cracking status of the shear walls. In 

ASCE/SEI 41-13, the effective stiffness of beams and shear walls are constant and the 

reduction factors for columns are based on the applied axial load. In NZS3101:2006, the 

effective stiffnesses of structural elements are based on the axial load and yield strength 

of steel reinforcement. Eurocode8 requires an engineer to use constant reduction factors 

for all flexural elements. fib 2010 provides a method based on sectional analysis, while 

AIJ 2010 recommends Sugano’s empirical equations (Aoyama and Sugano et al. 1970) 

for determining the flexural stiffness of elements. 

 

Table 3.8 – Reduction factors, α, applied to gross flexural stiffness 

 

ACI 

318-14 

ASCE/SEI 

41-13 

AIJ 

2010 

CAN/CSA-

A23.3-04 

NZS3101: 

2006 
Eurocode8 fib 2010 

Beam 0.35 0.3 0.23-0.3 0.35 0.32 0.5 0.19-0.25 

Column 0.7 0.3 0.23-0.27 0.7 0.37-0.43 0.5 0.19-0.28 

Shear wall 0.5-0.7 0.5 0.376 0.5-0.7 0.3 0.5 0.16-0.17 

 

3.5     STIFFNESS COMPARISON BETWEEN STANDARDS AND EXPERIMENTS 

The three-dimensional model for each standard was subjected to all components 

of the JMA-Kobe 50% motion recorded at the foundation of the building. Secant story 

stiffnesses were extracted from the computational models as was done from experimental 

data. The average of the secant story stiffnesses are compared in Figure 3-7 with 

experimental story stiffnesses measured at various testing stages. The experimental and 
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analytical secant stiffnesses shown in Figure 3-7 were obtained at the end of each of the 

JMA-Kobe motions scaled to 10%, 25%, and 50%. For comparison purposes, the 

cumulative story-stiffness error (CSSE) is defined as the sum of the analytical story 

stiffnesses divided by the sum of the experimentally derived story stiffnesses minus one. 

Likewise, the first story stiffness error (FSSE) is defined as the analytical story stiffnesses 

of the first story divided by the experimentally derived first story stiffnesses minus one. 

Table 3.9 summarizes the CSSE and the FSSE for all standards considered at various 

stages of the testing protocol. 
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(a) Frame Direction 

 

 
 (b) Wall Direction 

Figure 3-7 – Stiffness comparisons for each story. (Note: 1 kN/m = 0.069 kip/ft) 
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Table 3.9 – Standard-based story stiffness errors (best and worst errors highlighted) 

 
ACI 

318-14 

ASCE/SEI 

41-13 

AIJ 

2010 

CAN/CSA-

A23.3-04 

NZS3101: 

2006 

Eurocode 

2 & 8 

fib 

2010 

End of 

JMA-Kobe 

10% 

FSSE 11% -39% -40% 11% -30% 2% -52% 

CSSE -6% -46% -44% -8% -37% -9% -58% 

End of 

JMA-Kobe 

25% 

FSSE 66% -9% -10% 65% 5% 53% -28% 

CSSE 42% -19% -15% 39% -5% 37% -37% 

End of 

JMA-Kobe 

50% 

FSSE 348% 145% 142% 345% 184% 312% 94% 

CSSE 232% 90% 99% 225% 123% 221% 48% 

(a) Frame Direction 
 

 
ACI 

318-14 

ASCE/SEI 

41-13 

AIJ 

2010 

CAN/CSA-

A23.3-04 

NZS3101: 

2006 

Eurocode 

2 & 8 

fib 

2010 

End of 
JMA-Kobe 

10% 

FSSE 80% 57% 26% 78% 17% 97% -28% 

CSSE 13% -4% -22% 11% -24% 23% -54% 

End of 
JMA-Kobe 

25% 

FSSE 240% 196% 139% 237% 122% 273% 37% 

CSSE 103% 72% 41% 101% 37% 122% -17% 

End of 

JMA-Kobe 

50% 

FSSE 1,020% 876% 688% 1,010% 632% 1,130% 351% 

CSSE 416% 338% 259% 410% 248% 464% 112% 

(b) Wall Direction 

 

As can be seen in Figure 3-7 and Table 3.9, no stiffness provisions captured the 

stiffness of the test building at all lateral drift levels. Standard stiffness values are fixed 

for given component properties, while the stiffness of the building was observed to 

decrease markedly as the lateral drifts increased, even at low drift levels (Figure 3-5, 

Figure 3-6, Figure 3-7). Once a story reached a certain peak drift, its stiffness dropped to 

the stiffness corresponding to that peak drift and was never regained regardless of the 

drift levels experienced below the prior peak. To illustrate this point, the secant stiffness 

values for all lateral drift cycles are plotted in Figure 3-8, with arrows linking them in the 

order the stiffnesses occurred during the JMA-Kobe 50% motion. In Figure 3-8, the story 

stiffness values derived using the various standards are introduced as well. Figure 3-8 
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highlights the stiffnesses of the first and second stories evaluated using standard stiffness 

provisions. 

 

 
           (a) Second story (Frame Direction)                   (b) Second story (Wall Direction) 

 

 
           (c) First story (Frame Direction)                       (d) First story (Wall Direction) 

*First flexural yielding recorded 

Figure 3-8 – First and second story stiffnesses versus drift ratios for each cycle of lateral 

drifts during the JMA-Kobe 50% motion. 
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3.5.1     ACI 318-14 and CSA/CAN-A23.3-04 

As can be seen in Figure 3-8, ACI 318-14 and CSA/CAN-A23.3-04, which have 

similar stiffness provisions, produce relatively stiff responses that did not capture test 

values even at low drift levels. In reinforced concrete frames, yielding of longitudinal 

bars in beams and columns typically occurs at a lateral drift ratio of about 1% 

(Ghannoum and Moehle 2012a, Nagae et al 2015 (CHAPTER 2), Haselton et al. 2010). 

Service load levels therefore correspond to lateral story drift ratios on the order of 0.3 to 

0.7%. Clearly the ACI 318-14 and CSA/CAN-A32.3-04 stiffness provisions for frames 

produced excessively high stiffness values, even for service load conditions. In the Wall 

Direction, ACI 318-14 and CSA/CAN-A23.3-04 provisions produced even greater 

stiffness errors than in the Frame Direction, with stiffness estimates that are several folds 

higher than those recorded, even at low drift levels. 

 

3.5.2     ASCE/SEI 41-13 

In the Frame Direction, the ASCE/SEI 41-13 provisions produced story 

stiffnesses in agreement with the test building values at story drift ratios around 0.19 to 

0.49%, which are equivalent to the lower end of service-load drifts. ASCE/SEI 41-13 

specifies a fixed flexural stiffness reduction factor of 0.5 for walls and produced story 

stiffnesses in the Wall Direction that are significantly over-estimated. 

 

3.5.3     AIJ 2010 

AIJ 2010 produced stiffness values comparable to those of ASCE/SEI 41-13 in 

the Frame Direction and in closer agreement with experimental results in the Wall 

Direction. The standard matched experimental story stiffness values at story drift ratios 
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around 0.20 to 0.40% in the Frame Direction. However AIJ 2010 stiffness provisions 

produced excessively stiff stories in the Wall Direction compared with experimental 

results. 

 

3.5.4     NZS3101: Part 1:2006 

Similarly to ASCE/SEI 41-13 and AIJ 2010, the provisions of the New Zealand 

standard produced story stiffnesses in the Frame Direction in agreement with the test 

building values at drift ratios around 0.10 to 0.32%. In the Wall Direction, the New 

Zealand standard provisions produced stiffness values that are in close agreement with 

those obtained using AIJ 2010, but too stiff compared with experimental values.   

 

3.5.5     Eurocode2 & 8 

Eurocode2 & 8, which utilize the same flexural stiffness reduction factor of 0.5 

for all members, produced similar overly stiff stories as the ACI and CSA provisions. 

Story stiffnesses obtained using the Eurocodes did not match the building stiffness at any 

drift level. 

 

3.5.6     fib 2010 

In the Frame Direction, the fib 2010 standard produced story stiffnesses that 

matched experimental values in the drift ratio range of 0.36 to 0.64%, which are 

representative of service levels drifts. In the Wall Direction, fib 2010 reproduced the best 

estimate of story stiffness of all standards, matching second story stiffness at a drift ratio 

of 0.54% and coming closest to the first story experimental stiffness. The closer match to 
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experimental results may be attributed to the explicit inclusion of bar-slip effects at the 

base of the walls in the fib provisions.  

 

3.5.7     Discussion 

Each of the design standards used in this study implicitly targets the stiffness of 

concrete members at a certain deformation level. For example, ASCE/SEI 41-13 stiffness 

provisions target near-yield deformation levels (Elwood et al. 2007), and come close to 

that objective for beams and columns but not for walls. Similarly, the provisions of AIJ 

2010, NZS3101: Part 1:2006, and fib 2010 used in this study implicitly target near-yield 

deformation levels and come close in the Frame Direction but not in the Walls Direction. 

fib 2010 produced story stiffnesses that are closest to those the test structure exhibited at 

near-yield drift levels.  

Some standards define member stiffness values for concrete members at various 

anticipated deformation demands. The New Zealand standard provides higher stiffness 

values for concrete members based on a structure’s design seismic ductility level. ACI 

318-14, on the other hand, allows the increase of the stiffness values used in this study by 

a factor of 1.4, if evaluating service-level deflections (ACI 318-14 Section 6.6.3.2.2). 

However, as indicated previously, the stiffness values obtained using ACI 318-14 

provisions without the increase factor were shown to be substantially stiffer than the test 

values, even at drift levels below what can be deemed service levels. Thus, the increase 

factor would make the errors worse. Moreover, while the logic of increasing stiffness 

with decreasing drift levels is justified, it does not account for the loading history of the 

structure. If a structure was pushed in a previous loading event to near-yield drift levels, 

then, even at service-level drifts, its stiffness would correspond to the lower levels 
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reached at near-yield drifts. Therefore, applying a factor to member stiffnesses to obtain 

the stiffness at low deformation demands is not a valid approach. A preferable approach 

would be to specify the stiffness expected at a given prior peak deformation level and 

advise engineers to select the stiffness that matches the largest expected prior 

deformation level for each member. In the absence of prior peak deformation 

information, it is advisable to bound the solution or use the worst-case stiffness 

depending on the application. For example, if the peak story drifts are being compared 

with maximum allowable limits, then assuming that the structure experienced near-yield 

deformation levels prior to the loading considered and using the associated softer 

stiffness values would be advisable. If, on the other hand, vibration criteria need to be 

met, and a stiffer system leads to worse vibrations, then it is advisable to assume that the 

structural system experienced limited deformations prior to the loading considered, with 

associated higher member stiffness values. 

 

3.6     SUMMARY AND CONCLUSIONS 

Test results from a full-scale, reinforced concrete building tested under multi-

directional seismic motions on the NIED/E-Defense shaking table were used to assess the 

accuracy of stiffness provisions of prominent standards. The building lateral load 

resistance systems were comprised of moment resisting frames in one direction and 

planar shear walls in the other. The stiffness provisions of American, Japanese, Canadian, 

New Zealand, and European standards were evaluated and key observations were as 

follow: 
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1. The lateral stiffness of the test structure was observed to decrease significantly 

at low drift levels. Even at roof drift ratios below 0.18%, story stiffness values were seen 

to drop by 33 to 47% from initial pre-test values.  

2. Once a story in the building reached a certain peak drift, its stiffness dropped to 

the stiffness corresponding to that peak drift due to crack expansion, and was never 

regained regardless of the drift levels experienced below the prior peak. This finding 

highlights the importance of deformation history on the stiffness of concrete structures. 

For example, if a concrete structure is pushed to near-yield drift levels, then, even at 

subsequent service-level drifts, its stiffness would correspond to the lower stiffness 

reached at near-yield drifts. 

3. Since design standards considered specify fixed equivalent stiffnesses for 

concrete members, they could only match test data at a particular drift level (if they 

matched building stiffnesses at all). Study findings therefore indicate that applying a 

fixed factor to member gross stiffnesses may not be a valid approach in design. A 

preferable approach would be to specify the expected stiffness at a given prior peak 

deformation level and advise engineers to select the stiffness that matches the largest 

expected prior deformation level for each member. In the absence of prior peak 

deformation information, it is advisable to bound the solution or use the worst-case 

stiffness depending on the application. 

4. The standards considered captured the building lateral stiffness with varying 

degrees of accuracy. In general, all standard stiffness values were higher than those of the 

building at the drift target of the standard. ACI 318-14, CSA/CAN-A32.3-04, and 

Eurocodes2 & 8 produced the largest lateral stiffness errors and did not match the lateral 

stiffness of the building at any deformation level in both directions. These standards 

produced substantially stiffer stories than observed experimentally. AIJ 2010, ASCE/SEI 
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41-13, NZS3101:2006, and fib 2010 produced story lateral stiffness estimates in the 

Frame Direction matching those of the test structure around service-level drifts, even 

though all standard provisions were developed to target structural stiffness at near-yield 

drift levels. fib 2010 produced the most accurate stiffness estimates of all standards in 

both the Frame and Wall directions, which were still overly stiff in the Wall Direction. 

5. Study results therefore indicate that improvements in the stiffness provisions 

for concrete buildings of all investigated standards may be warranted, particularly for 

concrete shear walls.  
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CHAPTER 4 STIFFNESS OF REINFORCED CONCRETE 

MOMENT FRAME BUILDINGS BASED ON SHAKING 

TABLE AND COMPONENT TESTS 

 

Recent test data from shaking table tests on a full-scale, reinforced concrete 

building have indicated that the provisions of many prominent U.S. and international 

standards significantly over-estimate the stiffness of concrete members. Relations for 

estimating the flexural stiffness of concrete frame members and the effective flange 

widths of concrete beams framing into slabs are proposed. The relations are based on 

results from shaking table tests on a full-scale, four-story, reinforced concrete building 

and a database of 160 reversed cyclic tests on concrete columns. The relation for beam 

effective flange width indicates that the slab width engaged in the flexural stiffness 

response of beams increases with increasing deformation levels. The proposed stiffness 

relation accounts for member axial load levels, longitudinal tension reinforcement ratio, 

and lateral drift ratio. The proposed relation is consistent with fiber-section analyses, 

which inherently account for the above-mentioned three parameters. The proposed 

stiffness relation achieves a median estimate of the lateral stiffness for the 160 column 

tests considered and is significantly more accurate than stiffness provisions of several 

prominent international building standards. 

 

4.1     INTRODUCTION 

Accurate estimation of structural stiffness is essential in the design process. 

Structural stiffness in general is related to deformation demands and structural periods 

while the initial pre-yield stiffness of reinforced concrete members is closely related to 

the loading and unloading stiffnesses in the inelastic range of behavior during cyclic 
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loading (Ibarra et al. 2005). However, due to the complex composite behavior of 

reinforced concrete, estimating the stiffness of concrete structures remains a challenge. 

The stiffness provisions of prominent U.S. and international design standards for concrete 

buildings were evaluated in light of shaking table test results of a full-scale, four-story, 

reinforced concrete building tested on the National Research Institute for Earth Science 

and Disaster Prevention (NIED)/E-Defense shaking table (Nagae et al. 2011, Nagae et al. 

2015 (CHAPTER 2), CHAPTER 3). The evaluations indicated that none of the design 

standards considered produced accurate estimates of the lateral stiffness of the building. 

All standards produced significantly higher stiffness estimates than those observed in the 

experimental program, with some standard provisions producing stiffness estimates 

several fold larger than experimentally determined.  

Recommendations for evaluating the lateral stiffness of moment-frame reinforced 

concrete buildings are proposed based on the full-scale, shaking-table testing program. 

The proposed relations were extended for use with a wider range of axial loads and 

longitudinal reinforcement ratios than those present in the test building based on 

experimental results from 160 reinforced concrete column tests (Ghannoum and 

Sivaramakrishnan 2012). The proposed relations also account for the prior deformation 

history of concrete members and include the effects of longitudinal bar-slip from adjacent 

anchoring members. 

 

4.2     EXPERIMENTAL DATA 

4.2.1     NIED/E-Defense testing program 

The plan and framing elevations of the building are shown in Figure 4-1. The 

height of each story is 3 m [118.1 in.]. Moment frames were adopted in the longer 
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direction of two spans of 7.2m [283.5 in.], and a pair of multi-story walls were 

incorporated in the exterior frames in the other direction of one span of 7.2 m [283.5 in.]. 

Walls were coupled to the exterior corner columns by slab beams with a depth of 300 mm 

[11.8 in.]. The thickness of the top slab was 130 mm [5.1 in.]. The frames in the 

specimen were nominally identical in design and detailing. The shear walls contained the 

same amount of flexural reinforcements but spacing of transverse reinforcements in the 

special boundary regions were different. Table 4.1 shows dimensions and reinforcement 

details of members. Material properties of concrete and reinforcing bars were conducted 

as seen in Table 4.2 and Table 4.3. The axial load ratios and flexural reinforcement ratios 

of members were relatively low (Table 4.4). The behavior and stiffness assessment of the 

test building were only considered in the Frame Direction in this study. 

 

 

Figure 4-1 – Building plan and framing elevations of the NIED/E-Defense shaking table. 

(Note: 1 mm = 0.039 in.) 
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Table 4.1 – Typical dimensions and reinforcement details of members; 1 mm = 0.039 in. 

 

 

Table 4.2 – Measured concrete material (Note: 1 N/mm2 = 0.145 ksi) 

 f’c (N/mm2) Ec (kN/mm2) 

4th story/Roof 41.0 30.5 

3rd story/4th floor 30.2 30.3 

2nd story/3rd floor 39.2 32.8 

1st story/2nd floor 39.6 32.9 

 

Table 4.3 – Steel material properties (Note: 1 mm2 = 0.0016 in.2; 1 N/mm2 = 0.145 ksi) 

 Grade Anominal (mm2) fy,M (N/mm2) Es (kN/mm2) 

D22 SD345 387 370 209 

D19 SD345 287 380 195 

D13 SD295 127 372 199 

D10 SD295 71 388 191 
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Table 4.4 – Axial load ratios due to gravity loads and reinforcement ratios on columns 

and walls 

 Exterior columns Interior columns Shear walls 

 Pu/f’cAg ρ* Pu/f’cAg ρ* Pu/f’cAg ρ* 

4th story 0.9% 1.2% 2.2% 1.5% 0.2% 0.7% 

3rd story 2.5% 1.2% 5.2% 1.5% 0.6% 0.7% 

2nd story 2.9% 1.2% 5.8% 1.5% 0.8% 0.7% 

1st story 3.8% 1.5% 7.5% 1.5% 1.0% 0.7% 

*All reinforcing bars included for the ratio 

 

JMA-Kobe and JR-Takatori recorded in the 1995 Hyogoken-Nanbu earthquake 

were adopted as the input ground motions. The intensity of input motions was gradually 

increased to observe the damage progress. Only data from the first three motions 

imparted on the building were considered in this study (JMA-Kobe 10%, 25%, and 50%), 

as the test building sustained significant inelastic deformations during subsequent 

motions. More details about the test building is available in Nagae et al. 2015 

(CHAPTER 2). 

CHAPTER 3 compared the experimental stiffnesses values of the NIED/E-

Defense building with those estimated based on the provisions of several prominent 

international design standards: ACI 318-14: Building Code Requirements for Structural 

Concrete, (American Concrete Institute (ACI) Committee 318 2014), ASCE/SEI 41-13: 

Seismic Evaluation and Retrofit of Existing Buildings (American Society of Civil 

Engineers/Structural Engineering Institute (ASCE/SEI) Committee 41 2013), AIJ 2010: 

Standard for Structural Calculation of Reinforced Concrete Structures (Architectural 

Institute of Japan 2010), CAN/CSA-A23.3-04: Design of concrete structures (Canadian 

Standards Association 2004), NZS3101: Part 1:2006: Concrete Structures Standard 

(Standard Association of New Zealand 2006) and NZS3101: Part 2:2006: Concrete 

Structures of Standard-Commentary (Standards Association of New Zealand 2006), 
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Eurocode2: Design of concrete structures (European Committee for Standardization 

2004), Eurocode8: Design of structures for earthquake resistance (European Committee 

for Standardization 2004), and fib 2010: fib Model code for concrete structures 2010 

(International Federation for Structural Concrete 2010). CHAPTER 3 demonstrated the 

rapid decrease of story stiffnesses in the test building with increasing lateral drift levels, 

and well prior to first flexural yielding (Figure 4-2). The progression of story secant 

stiffness is illustrated in Figure 4-2 with respect to the peak drift level experienced during 

the cycle from which the secant stiffness was obtained. As can be seen in the figure, once 

the story stiffness drops due to a drift excursion, it is never recovered in subsequent 

loading cycles and remains at that level until a drift cycle of larger magnitude is incurred. 

This finding indicates that stiffness estimates should consider prior peak deformation 

levels more so than the deformation at the target load level, especially when considering 

stiffness at service loads. The story stiffness estimates obtained using the provisions of 

the various standards are also shown on Figure 4-2. As can be seen in the figure, all of the 

standards significantly over-estimated story stiffnesses at their target deformation level, 

which is first flexural yielding. CHAPTER 3 prompted the development of the proposed 

stiffness relations that consider loading history among other influential parameters. 
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(a) Second story (Frame Direction) 

 

 
(b) First story (Frame Direction) 

*First flexural yielding recorded 

Figure 4-2 – First and second story drift ratio versus story stiffness for each cycle of 

lateral drifts. (Note: 1 kN/m = 0.069 kip/ft) 
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4.2.2     Column database 

Since the axial loads and longitudinal reinforcement ratios were relatively low in 

the beams and columns of the test building, test data from 160 of rectangular columns 

tested under reversed cyclic loading were considered to expand the range of applicability 

of the proposed stiffness relations. Tests considered in this study were obtained from the 

rectangular-column database compiled by Ghannoum and Sivaramakrishnan 2012, which 

comprised a total of 319 tests. Database tests were filtered to a subset considered in this 

study based on failure mode, axial load level, and test configuration. Tests failing by 

shear prior to flexural yielding were not considered. Columns with an axial load ratio 

exceeding 55% were also filtered, as that axial load level is the highest permitted in 

building design by ACI 318-14. Axial load ratio is defined at the axial load divided by 

the gross section area and the concrete compressive strength. Columns tested in a double-

cantilever single-curvature configuration with a center joint at which loading was applied 

were also filtered. This testing configuration was not considered as it produces non-

reversing stresses in longitudinal bars in the joint, which is not representative of building 

behavior. After filtering, 160 columns remained and the distribution of their longitudinal 

tension reinforcement ratios and axial load ratios are presented in Figure 4-3. The 

longitudinal tension reinforcement ratio (ρT) is defined as the area of longitudinal bars in 

tension divided by the gross section area, which can be taken as the section overall height 

multiplied by the section web width. For sections with intermediate layers of longitudinal 

reinforcement, ρT was calculated using the area of the longitudinal bars in the steel layers 

parallel to the tension side and ignoring bars distributed along the sides of section parallel 

to the direction of loading. The lateral stiffness at yield of test columns was taken as the 

slope of the secant passing through the lateral force versus lateral displacement response 

curve at 70% of the maximum lateral load reached in the experiment (Vmax).    



 87 

 

Figure 4-3 – Distribution of key parameters of the column tests considered. 

 

4.3     SENSITIVITY STUDY 

Simulating the stiffness of the NIED/E-defense building posed an under-

determined problem with infinite combinations of member stiffnesses able to produce the 

measured experimental story stiffnesses. As a first step to developing member stiffness 

relations, a sensitivity study was conducted by varying the effective stiffness of various 

members while maintaining all other member stiffnesses constant. This study isolated the 

members most influential on story stiffnesses and for which stiffness relations were 

developed.  

A three-dimensional lumped-plasticity computational model of the building was 

used for the sensitivity study. The model is described briefly here and in more detail in 

CHAPTER 3. All members of the building were elastic line elements in the 

computational model. Beam and column effective flexural rigidities were taken as αEcIg; 

in which α is a variable stiffness reduction factor, Ec is the elastic modulus of elasticity 

obtained experimentally (Table 4.2), and Ig is the gross section moment of inertia. α was 

varied between 0.2 and 0.8 in the sensitivity study. Beam and column shear and torsional 

rigidities were maintained constant and taken as 0.4EcAg; in which Ag is the gross 
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sectional area of member. Beam effective flange widths were varied as fractions of the 

ACI 318-14 effective flange width values (βbeff-ACI318). beff-ACI318 was 1,975 mm [77.8 in.] 

for beams in the Frame Direction. β was varied from 0.2 to 0.8 in the sensitivity study. 

Beam-column joints were modeled through line elements taken as flexible, i.e. having the 

same properties as adjacent beam or column elements, or essentially rigid. Joints were 

modeled with rigid column offsets and flexible beam offsets, rigid beam offsets and 

flexible column offsets, beam and column offsets rigid for half the joint length and 

flexible the remainder of the length, and flexible throughout the joint. When each 

parameter was varied through its range, all other parameters were kept at their reference 

values corresponding to recommendations by ACI 318-14. The reference model had α = 

0.5, β = 1.0, and rigid joint elements throughout.  

Mass and stiffness proportional Rayleigh damping was used to assign a damping 

ratio of 2% to the first and second structural periods. Mass was discretized over floor 

areas to capture floor mass distribution (APPENDIX C). The three-dimensional model 

was subjected to all components of the JMA-Kobe 50% motion recorded at the 

foundation of the building. Secant story stiffnesses were extracted from the 

computational model as was done from experimental data (CHAPTER 3). The average of 

the secant story stiffnesses obtained computationally during the JMA-Kobe 50% ground 

motion were used in all subsequent evaluations. 

Figure 4-4 presents the changes in first story stiffness from that of the reference 

model as each parameter was varied through its range. For example, if an α of 0.2 was 

used for column stiffness and the rest of the parameters remained at their reference 

values, the first story stiffness was 40% lower than it was in the reference model. 

Likewise, if an α of 0.8 was used for column stiffness, story stiffness was approximately 

30% larger than that in the reference model. As seen in Figure 4-4, changing column 
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stiffness, beam stiffness, and effective flange widths of the beams had the largest impact 

on the first story stiffness of the building. Joint stiffnesses were less influential on story 

stiffness, even though the ratios of joint dimensions to beam or column lengths were 

relatively high in the test building (0.14 to 0.20); owing to relatively short building spans. 

Joint stiffness was therefore not explored in more detail in this study and joints were 

modeled as rigid elements for all subsequent analyses. 

 

 

Figure 4-4 – Variation of the first story stiffness in the Frame Direction from its value in 

the reference model. 
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4.4     PROPOSED STIFFNESS RELATIONS 

4.4.1     Proposed stiffness relation based on shaking table tests 

An infinite number of combinations of the influential parameters identified in the 

sensitivity study can produce the desired story stiffness. These parameters, namely 

column stiffness, beam stiffness, and beam effective flange width, were varied through 

their practical ranges to identify those combinations that achieved the stiffness of each of 

the stories of the test building at the end of the first three ground motion records (JMA-

Kobe 10%, 25%, and 50%).    

To visualize the combinations of beam and column stiffnesses that generate the 

desired story stiffness values, beam effective flange width was fixed at beff-ACI318. All 

columns were given the same stiffness reduction factor (αcolumn), while all beams were 

given the same stiffness reduction factor (αbeam). Figure 4-5 plots the combinations of 

beam and column stiffness reduction factors that produce exact matches to the first, 

second, third, and fourth story stiffnesses. Figure 4-5 also plots the combinations of beam 

and column stiffness reduction factors that produce an exact match to the sum of all four 

story stiffnesses.  For example, a column stiffness reduction factor of 0.7 and a beam 

stiffness reduction factor of 0.3 matched observed stiffness of first story at the end of the 

JMA-Kobe 10% motion (Figure 4-5 (a)). Likewise, a column stiffness reduction factor of 

0.3 and a beam stiffness reduction factor of 0.7 also produced the same first story 

stiffness at the end of the JMA-Kobe 10% motion.  

 



 91 

 
(a) End of the JMA-Kobe 10% (Frame Direction) 

 

 
(b) End of the JMA-Kobe 25% (Frame Direction) 
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 (c) End of the JMA-Kobe 50% (Frame Direction) 

Figure 4-5 – Beam and column stiffness reduction factors that match the observed story 

stiffnesses of the building.  

As can be seen in Figure 4-5, the lines indicating combinations of beam and 

column stiffnesses reduction factors producing accurate stiffness measures for various 

stories are in close proximity. This indicates that using the same beam and column 

stiffness reduction factors across the height of the building would produce reasonable 

stiffness estimates for all stories. Similarly, selecting equal beam and column stiffness 

reduction factors can produce accurate story stiffnesses, as can be seen in Figure 4-5. 

This is likely due to the fact that the columns were subjected to relatively low axial loads 

in the test building (Table 4.4). Figure 4-5 also indicates that lower member stiffness 

reduction factors are required to match specimen stiffnesses as the imparted motion 

intensity increases. 

Since the same stiffness reduction factors can be used for beams and columns, 

only two parameters remained for calibration with observed story stiffnesses: the beam 

and column stiffness reduction factor (α), and the effective flange width of beams in the 
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Frame Direction (beff). It is noted that the largest effective flange widths of beams based 

on the standard provisions considered were 2.38 m [93.7 in.] for exterior beams in the 

Frame Direction and 1.24 m [48.8 in.] for the exterior beams in the Wall Direction 

(CHAPTER 3). The effective flexural stiffness of walls in their weak direction and the 

effective flange width of the beams in the Wall Direction had little impact on the overall 

story stiffnesses in the Frame Direction. These parameters were selected consistently with 

the column and beam stiffness reduction factors and the effective flange width of the 

beams in the Frame Direction.  

Match lines in Figure 4-6 and Figure 4-7 were generated by selecting values of 

parameters α and beff that reproduced the various experimental story stiffnesses in the 

computational model, while providing for a smooth relation between the parameters and 

lateral story drift ratios at which the secant stiffnesses were taken. Stiffnesses were 

matched across the three motions considered in this study. The following equation 

relating beam and column stiffness reduction factors to story drift ratios was fit to the 

match lines shown in Figure 4-6: 

 

8.0003.0 65.0    DR                                                 Eq. (4.1) 

 

where, 

15.0  

α: stiffness reduction factor of beams and columns 

DR: story drift ratio 
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Figure 4-6 – Story drift ratio versus beam & column stiffness reduction factor that 

matched the observed story stiffness of the building 

 

Figure 4-7 – Drift ratio versus effective flange widths of beams that matched the 

observed story stiffness of the building. 
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The dashed line in Figure 4-6 represents the proposed equation.  It is noted that 

first flexural yielding occurred between story drift ratios of 0.6 and 1.2% at various 

stories. As can be seen in Figure 4-6, the proposed equation follows closely the 

experimental stiffness up to a drift ratio of about 0.8%. At that drift level, significant joint 

damage was observed in the second floor interior joints, which resulted in significant loss 

of story stiffnesses. For this reason, the proposed relation was calibrated to produce a 

response that is stiffer than experimental values above a drift ratio of 0.8%. At low drift 

ratios, Eq. (4.1) produces a stiffness reduction factor of 1.0, which implies uncracked 

members. The first drop in the stiffness reduction factor corresponds to the story drift 

ratio at cracking, which was estimated using moment-curvature analysis and the modulus 

of rupture of concrete in accordance with ACI 318-14.  

 

The following equation relating beam effective flange width was fit to the match 

lines in Figure 3-7: 

 

95.095  DRbeff                  (Units: m)                 Eq. (4.2) 

beff in Eq. (4.2) should not exceed wbL )8/(2  nor be taken below wbL )18/(2   

where, 

beff = effective flange width of a beam with overhanging flanges on both sides of the web 

bw = beam web width  

L = center-to-center span length of the beam 

 

The upper limit of the effective flange width of beams was adopted from ACI 318-14, 

while the lower limit was determined from the experimental data.  
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The stiffness at first yield of 18 database columns taken at the secant to the 

backbone force-drift relation at 60% of column peak load were compared with those 

produced by Eq. (4.1) for those columns and evaluated for each column at the drift ratio 

at which the column reached 60% of its peak applied load. The selected columns had 

similar axial load ratios and longitudinal tension reinforcement ratios as those of columns 

in the test building (i.e., with axial load ratios ≤ 12% and ρT ≤ 0.6%). The median value 

of predicted stiffness to experimental stiffness for those 18 columns was 1.03, with a 

lognormal standard deviation of 0.23. This indicates that building columns exhibited 

similar overall lateral stiffnesses as columns in the database, despite having differing 

boundary conditions. Columns in the database were anchored in foundation elements that 

typically experience minimal cracking, while columns in the test building were anchored 

into foundations only at the base of the building and in joints elsewhere. This finding 

therefore indicates that database column tests can be used to extend the range of 

applicability of Eq. (4.1) to columns with higher axial load ratios or frame members with 

higher reinforcement ratios. 

 

4.4.2     Extension of stiffness relation to account for axial load ratio – Column 

database 

The 160 database columns were tested under a wide range of axial load ratios 

(Figure 4-3). However, these columns contained only a narrow range of longitudinal 

tension reinforcement ratios (Figure 4-3), with only a handful of directly comparable 

columns having all other parameters fixed except for the longitudinal reinforcement ratio. 

For this reason, the database could only be used to modify Eq. (4.1) to account for axial 

load as follows:  
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8.0003.0 65.0    DR                                                 Eq. (4.3) 
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                                              Eq. (4.4) 

where, 

P: axial load taken positive in compression. Eq. (4.4) is not valid for tensile axial loads 

Ag: gross sectional area of member 

f’c: compressive strength of concrete 

 

4.4.3     Extension of stiffness relation to account for section reinforcement ratio – 

Analysis 

Several past studies have observed that concrete frame members and shear walls 

of given dimensions tend to reach flexural yielding within a narrow range of curvatures 

or lateral drift ratios regardless of their flexural strength (e.g., Priestley et al. 2007, 

Wallace and Moehle 1992). This observation of nearly constant curvature at yielding 

implies that increasing the longitudinal reinforcement ratio in concrete members will 

increase their lateral stiffness because their strength will increase but not their drift at 

yield. This observation is corroborated by moment-curvature analyses. 

Given that database columns only covered a narrow range of longitudinal 

reinforcement ratios, incorporating the effects of longitudinal reinforcement into Eq. (4.3) 

and Eq. (4.4) was done through  fiber-section based moment-curvature analyses. A series 

of moment-curvature analyses were performed on concrete columns and T-beams having 

the same dimensions, reinforcement layouts, and concrete strength as those in the test 

building, but with varying longitudinal tension reinforcement ratios and bar sizes, as well 

as varying axial load ratios. To convert moment curvature results to equivalent lateral 
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stiffnesses, the following relations were used that account for the softening effects of 

longitudinal bar slip from adjacent foundations or joints: 
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where, 

EIeff: member effective flexural rigidity for a cantilever member of length Ls 

My: moment at first yield (moment when first longitudinal bar yielding occurs or the 

maximum concrete compressive strain reaches 0.002, whichever occurs first) 

ϕy: curvature at first yield corresponding to My 

Ls: shear span taken as  the half of the column clear spans for columns and the half of the 

beam spans for T-beams in the test building 

dbs: longitudinal bar diameter varied from #6 (19 mm diameter) to #11 (36 mm diameter) 

fy,M: yield stress of flexural reinforcement taken as measured yield stress (370 MPa [53.7 

ksi]) 

τb: mean bond stress along the straight anchorage length of the tension bars outside the 

member length, taken as  in MPa units 

θy,flex.: chord rotation at the yielding member due to flexure 

θy,slip: chord rotation at the yielding member due to slippage of longitudinal bars from 

adjacent anchoring elements 
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Eq. (4.7) was derived assuming a constant bond stress (τb) between longitudinal bars and 

the concrete in adjacent anchoring members (Ghannoum and Moehle 2012b, Elwood and 

Eberhard 2009, Lehman and Moehle 2000). The average bond stress values 

recommended in the literature span the range of  to  in MPa 

units (Otani and Sozen 1972, ACI Committee 408 1979, Alsiwat and Saaticioglu 1992, 

Sozen et al. 1992, Lehman and Moehle 1998, Lowes et al. 2003, Ghannoum and Moehle 

2012b). For the purpose of this study, the average bond stress was taken as  

(MPa), because that value produced effective stiffnesses using moment curvature 

analyses in close agreement with those calculated using Eq. (4.3) and Eq. (4.4) for 

columns having similar properties as those in the test building (i.e., low axial load and 

longitudinal tension reinforcement ratio). This value was also recommended by Elwood 

and Eberhard 2009 based on a large column test database.   

Based on the sectional analyses, the adopted stiffness reduction factor of beams 

and columns were adjusted to account for reinforcement ratio as follows: 

 

8.0003.0 65.0    DR     for cracked sections                      Eq. (4.8) 
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where, 

α: stiffness reduction factor of beams and columns 

DR: story drift ratio. Since the stiffness reduction factors change relatively little in the 

drift-ratio range of 0.6 to 1.0%, which corresponds to typical drift ratios at first yield for 

concrete frame members, a value of DR = 0.008 or 0.8% can be used to estimate member 

stiffness at first yield. 

P: axial load 
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Ag: gross sectional area of member 

f’c: compressive strength of concrete 

ρT: longitudinal tension reinforcement ratio defined as the area of longitudinal bars in 

tension divided by the gross section area, which can be taken as the section overall height 

multiplied by the section web width 

 

Figure 4-8 plots the results of the moment-curvature analyses in terms of flexural 

stiffness reduction factor versus axial load ratio. The figure differentiates results for 

various longitudinal tension reinforcement ratios and bar sizes. Figure 4-8 also overlays 

the stiffness reduction factors produced using Eq. (4.8) and Eq. (4.9). The figure 

highlights the close agreement between the proposed stiffness relations and moment-

curvature analyses. Particularly, the upward trend in stiffness as axial load and 

reinforcement ratio increase of the proposed relations is well justified in Figure 4-8. 
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Figure 4-8 – Comparison between the proposed equations and the stiffness from the 

sectional analyses. 

Figure 4-9 plots the stiffness reduction factors obtained from Eq. (4.8) and Eq. 

(4.9) with respect to lateral drift ratio. As seen in the figure, the proposed stiffness 

reduction factors decrease as story drift ratios increase. When higher axial loads are 

applied to members, larger stiffness reduction factors are produced as is expected because 

compressive axial load tends to close flexural cracks. Higher flexural reinforcement ratios 

also produce higher stiffness reduction factors in Figure 4-9. It is noted that the impact of 

flexural reinforcement ratios decreases as the axial load ratios increases, which is due to 

the decreasing impact of tension reinforcement in sections under large compressive 

forces.   
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Figure 4-9 – Effects of longitudinal tension reinforcement ratios and axial load ratios on 

stiffness reduction factors. 

The stiffnesses of the 160 columns taken at the secant to the backbone force-drift 

relation at 40, 60, and 75% of column peak load were compared with those produced by 

Eq. (4.8) and Eq. (4.9) for those columns and evaluated for each column at the drift ratio 

at which the column reached 40, 60, and 75% of its maximum applied load, respectively. 

The comparison was performed through the error ratio, defined as the ratio of the 

estimated to measured stiffnesses. Similarly, the experimental stiffnesses for all columns 

were compared with those obtained using the provisions of ASCE/SEI 41-13 for concrete 

columns. Table 4.5 presents the median and lognormal standard deviation of the error 

ratios based on Eq. (4.8) and Eq. (4.9) and ASCE/SEI 41-13. As seen in the table, Eq. 

(4.8) and Eq. (4.9) fit the column database more closely than ASCE/SEI 41-13 at near 

yield deformations or around 60 to 75% of peak column lateral load. The stiffness error 

ratios for all columns are presented in APPENDIX D. 
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Table 4.5 – Median and lognormal standard deviation of the error ratios based on Eq. 

(4.8) and Eq. (4.9) and ASCE/SEI 41-13 

 
Median error ratios 

(Estimate/Experimental) 

Lognormal standard 

deviation of error ratios 

ASCE/SEI 41-13 1.20 0.46 

Proposed equations 

(Eq. (4.8) and Eq. (4.9))   
Median error ratios 

(Estimate/Experimental) 

Lognormal standard 

deviation of error ratios 

At 0.75Vmax 1.12 0.42 

At 0.6Vmax 1.02 0.44 

At 0.4Vmax 0.95 0.46 

 

Finally, Figure 4-10 shows comparisons of proposed equations with the 160 

column dataset used and the stiffness reduction factors proposed by ASCE/SEI 41-13 for 

concrete columns. For the comparison in Figure 4-10, stiffness reduction factors were 

evaluated using Eq. (4.8) and Eq. (4.9) at a drift ratio of 0.8%. Based on Eq. (4.8) and Eq. 

(4.9), the stiffness of members increases following a power function with respect to axial 

load ratio, which is consistent with fiber-section analyses (Figure 4-8) and contrasts the 

linear relation provided in ASCE/SEI 41-13. While ASCE/SEI 41-13 does not consider 

the effect of reinforcement ratios, different flexural reinforcement ratios produce different 

stiffness values of members based on Eq. (4.8) and Eq. (4.9).  
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Figure 4-10 – Comparisons of stiffness reduction factor estimates using the proposed 

equations, ASCE/SEI 41-13, and experimental values. 

 

4.5     SUMMARY AND CONCLUSIONS 

Relations for estimating the flexural stiffness of concrete frame members and 

effective flange widths of concrete beams framing into slabs were proposed. The 

relations were based on results from shaking table tests on a full-scale, four-story, 

reinforced concrete building and a database of 160 reversed cyclic tests on concrete 

columns. The relation for beam effective flange width indicates that the slab width 

engaged in the flexural stiffness response of beams increases with increasing deformation 

levels. The relation for beam and column flexural stiffness is provided through a 

reduction factor on the gross flexural rigidity of a section (α = EcIeff/EcIg). The proposed 

stiffness relation accounts for member axial load levels, longitudinal tension 

reinforcement ratio, and lateral drift ratio. The proposed relation is consistent with fiber-

section analyses, which inherently account for the above-mentioned three parameters. 
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The proposed stiffness relations achieve a median estimate of the lateral stiffness for the 

160 column tests considered and is significantly more accurate than stiffness provisions 

of several prominent international building standards. In the derivation process, it was 

found that: 

1. The stiffness reduction factors of columns and beams affected the story 

stiffness of the test building more so than the effective flange width of beams, and even 

more so than the stiffness of beam-column joints. 

2. The flexural stiffness of concrete moment frame elements and buildings drops 

very rapidly after flexural cracking as the lateral drifts increase, but then stabilize near 

drift ratios corresponding with flexural yielding. 

3. Once the stiffness of a member drops due to increasing lateral drifts, it is never 

recovered, even if subsequent drift cycles are of lower amplitude. Therefore, assessing 

concrete-member stiffness requires knowledge of past drift histories and cannot be based 

solely on target drift levels; especially when evaluating stiffness at service load levels.  

4. The lateral stiffnesses of concrete columns obtained from column component 

tests are similar to those of columns in the full-scale test building for the same axial load 

levels and reinforcement ratios, and that despite differing boundary conditions.  
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CHAPTER 5 EFFECTS OF LOADING-RATE ON STRENGTH 

OF REINFORCED CONCRETE BUILDINGS SUBJECTED TO 

SEISMIC MOTIONS 

 

Past tests on reinforced concrete components and scaled systems indicated 

significant over-strengths from what was expected based on standard strength evaluation 

methods. A four-story, full-scale, reinforced concrete building was tested under multi-

directional ground motion records of increasing amplitude, to a near collapse damage 

state, on the National Research Institute for Earth Science and Disaster Prevention 

(NIED)/E-Defense shaking table. The experimental program presented a unique 

opportunity to investigate the effects of loading rates on the behavior of a complete, and 

full-scale structural system subjected seismic motions. The building was designed 

according to the latest Japanese seismic standards and satisfied most U.S. seismic 

detailing requirements. Commonly prescribed strength evaluation methods were assessed 

in light of test results. Strain-rate effects were identified as a major source of over-

strength and should be considered when estimating the seismic strength of concrete 

buildings. Recommendations are provided for achieving representative strength estimates 

for reinforced concrete buildings subjected to seismic motions. 

 

5.1     INTRODUCTION 

To date, only a relatively small number of tests have been performed on 

reinforced concrete structural systems at seismically representative loading rates and 

under realistic boundary conditions; mainly due to the experimental challenges and the 

high costs associated with conducting such tests. Limited past testing programs, some of 

which are highlighted in the background section, have identified significant loading-rate 
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effects on the moment strength and failure modes of concrete members, with observed 

moment over-strengths due to seismic loading rates exceeding 30% in some cases. 

Increases in moment strengths due to strain-rate effects can generate important changes in 

the behavior of concrete structures subjected to seismic motions. Moment-strength gains 

cause larger shear stresses in yielding concrete members and can therefore  potentially 

cause changes in the failure mechanism of a concrete member from a ductile flexural 

failure to brittle shear, sliding, or anchorage failures, particularly when safety factors 

against those failure modes are relatively low. Overloading of adjacent members such as 

joints and foundations may also occur due to amplification of moment strengths. Since 

foundations are typically designed to remain elastic during seismic events (non-yielding 

members), they are not likely to experience moment strength gains due to loading rates. 

Foundation elements may therefore need to be designed to transfer magnified 

superstructure forces (axial, shear, and flexural) reflecting the effects of seismic loading 

rates. Reduced drift capacity due to excessive damage generated by higher member 

moments and shears may also occur due to moment strength amplification. However, 

despite prior experimental evidence, the magnitude of moment strength amplification in 

concrete members due to seismic loading rates and their consequences on member failure 

modes and overall structural system behavior are still not well understood. 

A full-scale, four-story, reinforced concrete building was tested under multi-

directional excitations of increasing amplitude on the National Research Institute for 

Earth Science and Disaster Prevention (NIED)/E-Defense shaking table in Japan (Nagae 

et al. 2011a, 2011b, 2015 (CHAPTER 2)). The structure was designed according to 

modern Japanese seismic design provisions and satisfied most U.S. seismic design 

provisions for buildings in high seismic regions. The experimental program presented a 

unique opportunity to investigate the effects of loading rates on the composite behavior 
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of a complete and full-scale structural system subjected to all the directional components 

of a series of near-fault ground motion records.  

Strength estimates for the test building, obtained in accordance with the 

provisions of the American Concrete Institute’s (ACI) 318-14 Code (ACI Committee 318 

2014), were compared with the measured building strengths. Test results showed 

significant over-strengths from what was expected based on the commonly used strength 

methods. Strain-rate effects were identified as main contributors to the observed over-

strengths. Test results indicated that improvements in standard strength-estimation 

methods may be warranted to account for loading-rate effects. Test results pertaining to 

structural strength, their implications, and recommendations for estimating over-strengths 

in concrete buildings due to seismic loading rates are presented.  

 

5.2     BACKGROUND 

The effects of loading rates on the tensile and compressive strengths of plain 

concrete and reinforcing steel are well documented in the literature. A literature review 

on the effects of loading rate on the tensile strength of concrete was conducted by Malvar 

and Ross (Malvar and Ross 1998). Bischoff and Perry (Bischoff and Perry 1991) 

conducted a literature review on the compressive strength of concrete at high loading 

rates. Increases in the tensile and compressive strengths of concrete begin to manifest at 

strain rates ranging from 10-2 to 1 /s. It is noted that the tensile strength of concrete 

experiences gains at significantly lower strain rates than the compressive strength (Ross 

et al. 1995). The effects of high strain rates on the properties of steel reinforcing bars are 

documented by Malvar 1998. Static and dynamic properties were obtained for ASTM 

A615, A15, A432, A431, and A706 where their yield stresses ranged from 290 to 710 



 109 

N/mm2 [42.1 to 103.0 ksi]. The test data indicate that strength gains due to loading rates 

are higher for yield stress than for tensile stress and decrease as yield stress increases.  

Extensive tests have been conducted to develop behavioral and computational 

models that account for strain rate effects on both concrete and reinforcing bars. One of 

the simplest models can be expressed through dynamic increase factors (DIF) that are 

multiplied by the pseudo-statically obtained yield or tensile strengths (Malvar 1998). 

Although many material models, including the DIF approach, match relatively well the 

material test data, it is still challenging to extrapolate from material level to the composite 

behavior of reinforced concrete elements.  

In reinforced concrete frame elements, strain-rate effects have been observed in 

several component and shaking table tests. Reinschmidt et al. 1964 conducted static and 

dynamic tests on 205 reinforced concrete columns with different slenderness ratios. In 

that study, columns subjected to dynamic loading experienced a 30 to 40% increase in 

strength compared with equivalent columns that were loaded pseudo-statically. Mahin et 

al. 1972 conducted pseudo-static and high loading-rate tests on a series of six reinforced 

concrete beams. Test results indicated that flexural yielding strength was about 22% 

larger in rapidly loaded beams compared with beams loaded pseudo-statically. Moreover, 

increases in flexural strengths of reinforced concrete members due to loading rates can 

result in increased shear demand in members experiencing flexural yielding. Thus, 

seismic loading rates can shift failure mechanisms and reduce the lateral deformation 

capacity of concrete elements from those observed in pseudo-static tests as reported by 

Mutsuyoshi and Machida 1984 and Otani et al. 2003. 

While early high-velocity tests used single-degree-of-freedom actuation (single 

actuator), Ghannoum et al. 2012 tested a series of third-scale concrete columns using 

three independently controlled actuators applying varying seismically representative 
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loading rates. Ghannoum et al. 2012 observed moment strength gains reaching 35% in 

rapidly loaded columns compared with the strength of the pseudo-statically loaded 

control column. Column stiffness and deformation capacities were not altered 

significantly due to loading rates in that study. Ghannoum and Moehle 2012a, 2012b 

conducted shaking table tests on a one-third-scale reinforced concrete frame. The shaking 

table tests revealed moment strengths that were about 30% larger than estimated by fiber-

section analysis utilizing the yield strengths obtained from pseudo-static tension tests of 

reinforcing bars.   

In rapid loading and shaking table tests (Ghannoum and Moehle 2012a, 2012b 

and Ghannoum et al. 2012), it was found that strength gains were closely related to the 

strain rates in longitudinal reinforcing bars. Strain concentrations in longitudinal bars at 

crack locations tend to increase strain demands and strain rates on the bars, well beyond 

what would be evaluated using traditional analytical approaches that assume smooth 

curvature profiles along the length of concrete members (Sokoli and Ghannoum 2016). 

Macchi et al. 1996 demonstrated the effects of column and bar properties on strain 

concentrations at flexural crack locations. That study highlighted the significant effects 

on strain concentrations of the tensile-to-yield strength ratio of bars, which relates to the 

degree of inelastic hardening of bars. Such strain concentrations may be the main 

contributors to the higher than estimated strengths of reinforced concrete members 

subjected to seismic loading rates.  

 

5.3     TEST SPECIMEN DETAILS 

The plan, framing elevations, and the picture of the test building are shown in 

Figure 5-1. Moment resisting frames were adopted in the longer direction of the building 
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(Frame Direction) and rectangular shear walls coupled with frames were adopted in the 

shorter direction of the test building (Wall Direction, Figure 5-1). Beams framing into 

columns in the Frame Direction were 300 mm [11.8 in.] wide by 600 mm [23.6 in.] deep. 

Walls were 2,500 x 250 mm [98.4 x 9.8 in.] in plan and connected to the corner columns 

through 300 mm [11.8 in.] wide by 300 mm [11.8 in.] deep beams. The slab thickness 

was 130 mm [5.1 in.].   
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Figure 5-1 – Test building plan, framing elevations, and picture of the NIED/E-Defense 

shaking table. (Note: 1 mm = 0.039 in.) 
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The test building was designed according to the latest Japanese (MLIT 2007, AIJ 

2010) provisions for regions of high seismicity using an equivalent lateral force 

corresponding to 20% of the building weight. Columns and beams in the Frame Direction 

were reinforced with D22 [0.87 in. diameter] longitudinal bars and D10 [0.39 in. 

diameter] hoops satisfying most ACI 318-14 seismic provisions for Special Moment 

Frames (Nagae et al. 2015 (CHAPTER 2)). Beams in the Wall Direction were reinforced 

with D19 [0.75 in. diameter] bars and D10 [0.39 in. diameter] hoops satisfying most ACI 

318-14 seismic provisions for Special Moment Frames. The same amount of longitudinal 

reinforcement was used in the shear walls at axes A and C (Figure 5-1), but the spacing 

of the transverse reinforcement confining the boundary regions were not the same as seen 

in Table 5.1. Additional details about building reinforcement details and design can be 

found in Nagae et al. 2015 (CHAPTER 2). 
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Table 5.1- Typical dimensions and reinforcement details of columns and walls (Units: 

mm; 1 mm = 0.039 in.) 

 
Interior columns & 1st story 

exterior column at the bottom 
All other columns 

Width x Depth 500 x 500 

Longitudinal reinforcement 10-D22 8-D22 

Transverse reinforcement D10@100 

Section 

 

 
 

 

(a) Columns 

 

  1st story Upper stories 

Width x Depth 2,500 x 250 

Boundary longitudinal reinforcement 2 x 6-D19 

Transverse 

reinforcement 

Axis A D10@125  D10@125  

Axis C D10@200  D10@200  

Boundary 

transverse 

reinforcement 

Axis A D10@80  D10@100  

Axis C D10@100  D10@100  

Section 

  

(b) Walls 

Note: the designation D10 or D22 indicates the nominal diameter of reinforcing bars in 

mm.  

*Transverse reinforcement layout varies per story 

 

* * 

mailto:D10@125
mailto:D10@125
mailto:D10@200
mailto:D10@200
mailto:D10@80
mailto:D10@100
mailto:D10@100
mailto:D10@100
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The measured concrete compressive strengths ranged between 30.2 N/mm2 [4.4 

ksi] and 41.0 N/mm2 [5.9 ksi] in the test building, while the concrete moduli of elasticity 

ranged between 30.3 KN/mm2 [4,395 ksi] and 32.9 KN/mm2 [4,771 ksi]. Table 5.2 lists 

the specified yield strengths (fy,S), the measured yield strengths (fy,M), the measured tensile 

strengths (ft,M), ratios between these strengths, and the measured moduli of elasticity of 

the reinforcing bars (Es).  

 

Table 5.2 – Material properties of reinforcement; 1 N/mm2 = 0.145 ksi 

 Grade 
fy,S  

(N/mm2) 
fy,M  

(N/mm2) 
fy,M / fy,S 

ft,M  
(N/mm2) 

ft ,M/fy,M 

Tensile-to-Yield 

strength (T/Y) ratio 

Es  
(kN/mm2) 

D13 SD295 295 372 1.26 522 1.40 199 

D19 SD345 345 380 1.10 563 1.48 195 

D22 SD345 345 370 1.07 555 1.50 209 

 

ACI 318-14 specifies that the probable moment strength of concrete members 

(Mp) can be evaluated using a steel yield strength equal to 1.25 fy,S (with fy,S being the 

specified yield strength of the longitudinal reinforcing bars). This provision is intended to 

provide an estimate of ultimate moment strength accounting for the actual yield strengths 

of bars, which are typically higher than those specified, and strain hardening that may 

occur during inelastic deformations. The properties of the longitudinal reinforcing bars 

used in the test building had ratios of measured to specified yield strength (fy,M/fy,S) 

ranging from 1.07 to 1.26, while the ratios of the measured tensile-to-yield strength 

(ft,M/fy,M) ranged from 1.40 to 1.50 (Table 5.2). These numbers compare favorably with 

reinforcing steel data for grade 60 (420 N/mm2) ASTM A706 bars used predominantly in 

the U.S. in seismic designs. According to the CRSI Mill Database (CRSI Mill Database 



 116 

2014), ASTM A706 grade 60 (420 N/mm2) reinforcing bars produced in the U.S. in 2014 

and of comparable sizes to the longitudinal bars used in the test building exhibited mean 

values of fy,M/fy,S  of 1.15, with a coefficient of variation of 5%, and mean values of 

ft,M/fy,M of 1.37, with a coefficient of variation of 7%. These numbers were obtained from 

4,700 samples of #4, #6, and #7 grade 60 (420 N/mm2) A706 bars produced by CRSI 

member mills in the U.S. in 2014.  

Gravity axial loads imparted on the columns were relatively low and ranged from 

0.9 to 3.8% of column gross axial capacity for exterior columns and 2.2 to 7.5% for 

interior columns. Wall axial loads were also relatively low and ranged from 0.2 to 1.0% 

of wall gross axial capacity. In all, 235 strain gauges were installed on longitudinal and 

transverse reinforcing bars of the columns, beams, and walls to measure bar strains. 

The building was subjected to a series of ground motions of increasing amplitude 

until lateral story drift ratios exceeded 0.04.  Story drift ratios are defined as the story 

lateral drifts divided by story center-to-center height. All horizontal and vertical 

components of the JMA-Kobe and the JR-Takatori motions recorded during the 

Hyogoken-Nanbu earthquake were applied to the test structure. The structure was first 

subjected to the JMA-Kobe motion scaled to 10%, followed by the same motion scaled to 

25%, 50%, and 100% (Figure 5-2). The structure was then subjected of the Takatori 

motion scaled to 40% and 60%. The structure sustained limited flexural yielding during 

the JMA-Kobe 50% motion in the Wall Direction and significant inelastic deformations 

and damage in both directions during the JMA-Kobe 100% and subsequent motions. 

 

 



 117 

 
(a) Frame Direction 

 

 
 (b) Wall Direction 

Figure 5-2 – Acceleration histories of the JMA-Kobe 100% motion recorded on the 

shaking table. (Note: 1 m/s2 = 39.37 in./s2) 
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5.4     LOADING RATES 

The peak strain rates applied to longitudinal bars in the columns, beams, and 

walls were obtained from strain gauge measurements for the JMA-Kobe 50% and 100% 

motions (Table 5.3). In Table 5.3, the ranges of maximum strain rates obtained at sections 

of peak moment are grouped by member type. Only strain rates that occurred during 

inelastic deformations were considered in determining the values in Table 5.3 (i.e., when 

the strain values were larger than the yield strain). Malvar 1998 relates yield and tensile 

strengths of reinforcing bars to strain rates through dynamic increase factors (DIF). The 

DIF, which follow a power function with respect to strain rates, can be multiplied by the 

yield or tensile strengths obtained from pseudo-static tension tests, to obtain estimates of 

those strengths at higher strain rates. Table 5.3 presents the DIF ranges corresponding to 

the reported peak strain rates for the measured yield (fy,M) and measured tensile (ft,M) 

strengths of longitudinal bars. The DIF values were evaluated based on the relations 

provided by Malvar 1998. As can be seen in Table 5.3 and as noted by Malvar 1998, the 

yield strength of bars increases more significantly than the tensile strength at the same 

strain-rate. Table 5.3 also indicates that shear walls sustained much higher strain rates 

than beams or columns. This is because the shear wall sections were much longer than 

those of frame members, which resulted in much larger strain demands in the wall-

boundary longitudinal bars than in frame members at any given lateral drift.   
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Table 5.3 – Properties for the calculation of nominal moments with strain-rate effects 

(Note: 1 m/s = 39.37 in./s) 

 
Peak Strain Rates 

(µstrain/s) 

SVc 

(m/s) 

DRVC 

(1/s) 

DRVC h 

(m/s)   
DIF (fy,M) DIF (ft,M) 

Shear walls* 3.2x105 0.215 0.072 0.179 1.36 1.16 

Shear walls** 5.6x106 ~ 1.3 x107 0.449 ~ 0.518 0.150 ~ 0.173 0.375 ~ 0.432  1.50 ~ 1.55  1.12 ~ 1.24 

Ext. columns** 7.8x103 ~ 2.5 x105 0.356 ~ 0.679 0.119 ~ 0.226 0.059 ~ 0.113 1.18 ~ 1.35 1.05 ~ 1.09 

Int. columns** 1.1x104 ~ 1.4x106 0.146 ~ 0.512 0.049 ~ 0.171 0.024 ~ 0.085 1.20 ~ 1.44 1.05 ~ 1.11 

Frame beams** 1.6x103 ~ 1.0x106 0.276 ~ 0.322 0.038 ~ 0.045 0.023 ~ 0.027 1.11 ~ 1.42 1.03 ~ 1.11 

Wall beams** 1.1x104 ~ 1.8x106 0.213 ~ 0.712 0.091 ~ 0.303 0.027 ~ 0.091 1.20 ~ 1.44 1.09 ~ 1.19 

*JMA-Kobe 50% motion (only shear walls sustained significant inelastic deformations during 

this motion) 

** JMA-Kobe 100% motion 

 

Lateral story velocities and drift-ratio velocities coinciding with peak strain rates 

were also extracted from test data. As the behavior of the building during the shaking 

table tests was bi-directional, these velocities occurred in directions not orthogonal to the 

building main axes. Figure 5-3 illustrates this fact with a plot of the first story drift ratios 

in the Frame Direction (DRF), the Wall Direction (DRW), and the corresponding vector 

component of the two during the JMA-Kobe 100% motion . The 

peak story velocities and drift-ratio velocities for all four stories (SVC and DRVC) 

corresponding with the extracted peak strain-rate values were determined by 

differentiating the drift and drift-ratio components, respectively. It is noted that the 

selected peak story velocities and drift-ratio velocities did not occur simultaneously with 

the selected peak strain rates as seen in Figure 5-4. However, the lag between story 

velocity peaks and strain-rate peaks were small and ranged from 0 to 0.08s. Table 5.3 

lists the ranges of SVC and DRVC corresponding to the ranges of peak longitudinal-bar 

strain rates. 
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Figure 5-3 – Histories of the first-story lateral drift-ratio components; JMA-Kobe 100%. 

 

 

Figure 5-4 – Histories of normalized drift-ratio velocity and strain rate in a fourth story 

interior column. 

The drift-ratio velocities (DRVC) multiplied by the section height (h) of each 

member in the direction of primary loading are also presented in Table 5.3 (i.e., h is 

2,500 mm [98.4 in.] for the walls, 500 mm [19.7 in.] for the square columns, and 600 mm 
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[23.6 in.] for the beams). Since the drift-ratio component is a proxy for section curvature 

demands, DRVc is a proxy for rates of curvature changes, and (DRVC h) can be seen as a 

proxy for strain-rate demands in longitudinal bars of a member. It is noteworthy that the 

maximum story velocities ranged from 0.37 to 0.74 (m/s) [14.57 to 29.13 (in./s)] during 

the JMA-Kobe 100% motion. 

 

5.5     MEMBER STRENGTH EVALUATION 

Four member moment strengths were considered in this study: 1) the nominal 

moment strength (Mn) evaluated using the specified steel yield strength (fy,S) in 

accordance with ACI 318-14, 2) the probable moment strength (Mp) evaluated using a 

steel yield strength equal to 1.25 fy,S to account for over-strength and strain hardening 

during inelastic deformations (ACI 318-14), 3) the moment strength including strain 

hardening effects (Mu,no strain) and evaluated using fiber-section analyses and the measured 

yield strengths of longitudinal bars (fy,M), and 4) the high strain-rate moment strength 

(Mu,strain) evaluated using fiber-section analyses and amplifying the measured yield 

strengths of the longitudinal bars (fy,M) by the dynamic increase factors (DIF) 

corresponding to the peak strain rates measured in the bars. In all moment strength 

evaluations of beams, the reinforcing bars within the effective flange width specified by 

ASCE/SEI 41-13 were included. 

An equivalent rectangular concrete stress block approach (Whitney 1937) was 

used to calculate the nominal moment (Mn) and the probable moment (Mp) strengths of 

members in accordance with ACI 318-14 provisions. Moment strengths including strain 

rate effects (Mu,strain) and moment strengths without strain rate effects (Mu,no strain) were 

obtained using fiber-section based moment-curvature analyses. In the moment-curvature 
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analyses, core concrete material properties were adjusted to account for the confining 

effects of transverse reinforcement in accordance with recommendation by Mander et al. 

1988. Mu,strain and Mu,no strain were taken as the peaks of the moment-curvature relations. 

When evaluating the moment strength columns, axial loads corresponding to gravity 

loading were applied to the sections. APPENDIX E presents the moment strengths 

evaluated for the various sections in the test building. 

When conducting the moment curvature analyses for members, one DIF factor 

was used per member type as presented in Table 5.4. The adopted DIF factors 

corresponded to the mean DIF value for each member type. The ratios of the moment 

strengths without strain-rate effects (Mu,no strain) to probable moment strengths (Mp) and 

the ratios of moment strengths with strain-rate effects (Mu,strain) to probable moment 

strengths (Mp) are also presented in Table 5.4. Moment-curvature analyses showed that 

moment strengths without strain-rate effects (Mu,nostrain) matched probable moment 

strengths (Mp) with differences not exceeding 10% in most cases and not exceeding 20% 

in all cases. This indicates that using a steel yield strength equal to 1.25 fy,S  to account for 

bar over-strength and strain hardening, as per ACI 318-14, can produce representative 

estimates of moment strengths for members loaded pseudo-statically. If strain rate effects 

are taken into account in moment-curvature analyses, however, moment strengths of the 

rapidly loaded members were significantly larger (up to 41% larger) than probable 

moment strengths, as seen in Table 5.4. 
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Table 5.4 – Comparisons between moment strengths evaluated using moment-curvature 

and probable moment strengths evaluated using 1.25fy,S 

 DIF (fy,M) DIF (ft,M) Mu,no strain / Mp Mu,strain / Mp 

Shear walls* 1.36 1.16 0.96 1.33 ~ 1.34 

Shear walls** 1.55 1.24 0.96 1.40 ~ 1.41  

Exterior columns** 1.24 1.06 0.92 ~ 1.11 1.06 ~ 1.24 

Interior columns** 1.30 1.08 0.93 ~ 0.98 1.10 ~ 1.16 

Frame beams** 1.23 1.06 0.91 ~ 1.20 1.09 ~ 1.29 

Wall beams** 1.27 1.12 0.93 ~ 1.01 1.08 ~ 1.16 

*JMA-Kobe 50% motion (only shear walls sustained significant inelastic deformations during 
this motion) 

** JMA-Kobe 100% motion 

 

5.6     SYSTEM STRENGTH 

A three-dimensional analytical model of the test building was constructed to 

evaluate the strength of the full structural system. Columns, beams, and walls were 

modeled as line elements with effective elastic stiffnesses. The effective stiffnesses of 

members and the effective flange widths of the beams were calculated using the 

provisions of the ASCE/SEI 41-13 Standard “Seismic Evaluation and Retrofit of Existing 

Buildings” as described in CHAPTER 3. The effective stiffness of columns and beams 

was taken as 30% of the gross flexural stiffness. Wall effective flexural stiffness was 

taken as 50% of the gross stiffness. It is noted that only gravity loads were used when 

calculating the effective flexural stiffness of columns in accordance with provisions of 

ASCE/SEI 41-13. The effective flange widths of frame beams and wall beams were 

2,380 mm [93.7 in.] and 1,240 mm [48.8 in.], respectively. Rotational springs with bi-

linear moment versus rotation relations were introduced at the ends of all elements to 

simulate flexural yielding of the members. The response of the springs was rigid-plastic 

capped at a member’s moment strengths. For beams, the rotational springs were given 
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unsymmetrical moment strengths representing their positive and negative bending 

strengths as listed in APPENDIX E. 

Pushover analyses were conducted on the three-dimensional analytical model 

using the various member moment strengths considered. Two vertical distributions of 

lateral forces were used to push the building models. A vertical distribution of lateral 

forces defined by ASCE/SEI 7-10 (approximate inverted triangular distribution, Figure 

5-5), as well as a uniform vertical distribution were used. APPENDIX E presents details 

about the applied vertical load distributions. It is noted that pushover analyses were 

independently performed in each plan direction. Figure 5-5 compares experimentally and 

numerically derived building overturning moments at the base plotted versus the roof 

drift ratio. The roof drift ratio is the lateral drift of the roof divided by the full height of 

the building measured from the top of the foundation. Figure 5-6 compares 

experimentally and numerically derived building base shears plotted versus the roof drift 

ratio. As can be seen in Figure 5-5 and Figure 5-6, overturning moments are less sensitive 

to the vertical distribution of loads. This finding corroborates findings by Kabeyasawa et 

al. 1984. 
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(a) Frame Direction 

 

 
(b) Wall Direction 

Figure 5-5 – Roof drift ratio versus base overturning moments. (Note: 1 kN-m = 0.737 k-

ft) 
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(a) Frame Direction 

 

 
(b) Wall Direction 

Figure 5-6 – Roof drift ratio versus base shears. (Note: 1 kN = 0.225 kip) 
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In the Frame Direction, when the nominal moment strengths of members (Mn) 

were used in the rotational springs, the maximum computational model overturning 

moment was up to 31% lower than the peak experimental overturning moment. When 

probable moment strengths (Mp) were used in the rotational springs, the maximum model 

overturning moment was up to 19% lower than the peak experimental overturning 

moment. When strain-rate effects were taken into account, however, the maximum model 

overturning moment was only 5% lower than the peak experimental overturning moment 

if the uniform vertical distribution of lateral loads was applied to the model. The 

maximum model overturning moment corresponding to Mu,strain was less than 1% 

different from the experimental values if the inverted triangular vertical distribution of 

lateral loads was applied. It is noted that pinned hinges were applied to all faces of the 2nd 

floor interior joints to simulate the severe damage that was observed in those joints 

during the JMA-Kobe 100% motion.  

In the Wall Direction, when nominal moment strengths (Mn) were used in the 

rotational springs, the maximum model overturning moment was up to 49% lower than 

the peak experimental overturning moment. When probable moment strengths (Mp) were 

used in the rotational springs, the maximum model overturning moment was 24% lower 

than the peak experimental overturning moment if the uniform vertical distribution of 

lateral loads was applied to the model. The maximum model overturning moment 

corresponding to Mp was 29% lower if the inverted triangular vertical distribution of 

lateral loads was applied. When strain-rate effects were taken into account, however, 

maximum model overturning moments derived numerically were 5 to 6% different from 

peak experimental values for both lateral force distributions considered. Similar trends 

were observed in the Wall Direction for the JMA-Kobe 50% motion, in which shear 

walls experiecned flexural yielding. If strain-rate effects were considered for the JMA-
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Kobe 50% motion (DIF (fy,M) = 1.36, DIF (ft,M) =1.16 for walls), maximum model 

overturning moments were only 7 to 8% lower than maximum experimental overturning 

moments.  

As highlighted in Figure 5-5, experimental results showed significant over-

strength from what was expected based on strength evaluations using current methods 

provided in ACI 318-14. The discrepancy in moment strength was largest for shear walls 

where strain rates in the longitudinal bars were highest. This is because walls in the 

building had much longer sections than those of frame members, and therefore 

experienced larger material strains at any given lateral drift. The evaluation of the strain-

rate effects indicates that over-strengths reaching 40% for shear walls and 30% for frame 

members (Table 5.4) compared with the probable moment strengths evaluated using ACI 

318-14 provisions can occur during seismic excitation. These member over-strengths lead 

to building over-strengths ranging from 20 to 30% from what are calculated using ACI 

318-14 strength provisions.   

 

5.7     RELATING DYNAMIC INCREASE FACTORS TO DRIFT-RATIO VELOCITIES 

Peak inelastic strain rates in longitudinal bars,
__

 , are governed by the rate of 

change of curvature across the principal flexural crack (
__

C ), member section height (h), 

and a factor relating section height to the distance from tension bars to the flexural 

neutral axis (c1). In turn, 
__

C  is related through a crack concentration factor (k) to the rate 

of change of the average curvature across the plastic hinge length during inelastic flexural 

deformations (
__

P ). 
__

P multiplied by the plastic hinge length, pl , represents the rate of 

change of plastic rotations in a flexural member or the member’s angular velocity ( p

__

 ). 



 129 

Therefore, peak inelastic strain rates in longitudinal bars can be related to member plastic 

rotation rates as follows: 

 

k

l

hc

p
p

1

__
__ 
            or      ))()(( 1

____

k
l

c
h

p

p                           Eq.(5.1) 

In concrete buildings, the plastic rotation rate can be approximated by the story 

drift-ratio velocity (DRVc) for members sustaining flexural hinging. Details of the 

derivations leading to Eq.(5.1) are given in APPENDIX F. 

Relations between drift-ratio velocities multiplied by section height (DRVC h) and 

dynamic increase factors (DIF) for the yield and tensile strengths of longitudinal bars are 

presented in this section for concrete buildings. These relations are intended to provide 

estimates of longitudinal bar strengths at given story velocities obtained from numerical 

analyses.   

DRVC h relates to strain rates in longitudinal bars as seen in Figure 5-7. A square 

power function produced the smallest error with respect to test data and resulted in the 

following relation between DRVC h (m/s) and strain rate, 
__

 (1/s):  

 

2

C

__

)h DRV(*40              (Units: m, s)              Eq. (5.2) 
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Figure 5-7 – Drift-ratio velocities multiplied by section versus strain rate. (Note: 1 m/s = 

39.37 in./s) 
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Malvar proposed the following relations between DIF and the strain rate in reinforcing 

bars: 

fDIF


)
10

(
4

__


                                                           Eq. (5.3) 

where for the yield stress, 

 

414
040.0074.0

.,expy

fy

f
               (MPa)                Eq. (5.4) 

and for the tensile stress, 

 

414
009.0019.0

.,expt

ft

f
                (MPa)                Eq. (5.5) 

In these relations, 

fy,exp.: expected yield strength of bar. For GR60 A706 bars manufactured in the U.S., fy,exp. 

can be taken as 1.15fy,S (specified yield strength) – (CRSI Mill Database 2014)   

ft,exp.: expected tensile strength of bar. For GR60 A706 bars manufactured in the U.S., 

ft,exp. can be taken as 1.15*1.37fy,S  = 1.58fy,S – (CRSI Mill Database 2014)   

 

Introducing Eq. (5.2) into Eq.(5.3) produces the following equation: 

 

0.1)
10

)hDRV(*40
(DIF

4

2

C 


f
       (Units: m, s)         Eq. (5.6) 

Figure 5-8 illustrates DIF values derived based Eq. (5.6) for various steel 

strengths and experimental DIF values obtained using experimentally measured strain 

rates in various members in the test building.  
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Figure 5-8 – Drift-ratio velocities multiplied by section height versus DIF. (Note: 1 MPa 

= 0.145 ksi; 1 m/s = 39.37 in./s) 

It is noted that Eq. (5.6) was produced based on values of DRVC h ranging 

between 0.0015 and 0.5 and for bars having measured yield strengths ranging from 370 to 

380 N/mm2 [53.7 to 55.1 ksi] and tensile-to-yield strength (T/Y) ratios ranging from 1.4 

to 1.5 (Table 5.2). Strain-rate effects on reinforcing bars are highly dependent on bar 

strength; with higher strength bars experiencing lower strength gains than lower strength 

bars at any given strain rate (Malvar 1998). The main longitudinal bars in the test 

building had a specified yield strength of 345 N/mm2 [50 ksi], which corresponds to 

grade 50 bars in the U.S. While the effects of varying steel grade on the relations between 

DIF and strain rates are accounted for in Eq. (5.4) and Eq. (5.5), varying steel grade can 

have a significant effects on strain concentrations at crack locations (Sokoli and 

Ghannoum 2016), and therefore on the relation between DRVC h and strain rate (Eq. 

(5.2)). Particularly, the T/Y ratio of bars (ft,M/fy,M) and member shear stresses can alter 

strain concentrations at crack widths significantly (Macchi et al. 1996 and Sokoli and 



 133 

Ghannoum 2016). As the T/Y ratio decreases, bars experience less hardening in the 

inelastic range and bar plasticity spreads less effectively away from crack locations. The 

maximum shear stresses corresponding to the development of probable moment strengths 

in building members ranged from 0.1 to 0.32 times the square root of the concrete 

compressive strength in MPa units (1.4 to 3.8 in psi units). Eq. (5.6) is not intended for 

use with reinforcing bars having significantly different properties than those of the bars in 

the test building. However, as noted previously, properties of ASTM A706 grade 60 (414  

N/mm2) bars in production in the U.S. compare favorably with those of the reinforcing 

bars used in the test building. 

The power function form of Eq. (5.2) indicates that bar strain-rates increase at a 

higher rate with increasing story drift velocities. Possibly, as bar strain-rates increase, 

strains trend to concentrate more at cracks due to increases in the bond strength between 

bars and the surrounding concrete subjected to higher tensile strain rates. It is also 

possible that the power relation can be driven by the decreasing ratios of bar tensile-to-

yield strengths with increasing loading rates; as highlighted by the significantly lower 

DIF values for tensile strength compared with those for yield strength at any given strain 

rate (Figure 5-8). In other terms, the strain concentration term presented in Eq. (5.1), k, 

appears to be a function of loading rates or strain rates in the bars.  

 

5.8     SUMMARY AND CONCLUSION 

A full-scale, four-story, reinforced concrete building was tested under multi-

directional seismic excitations of increasing amplitude on the NIED/E-Defense shaking 

table in Japan. The building was designed according to the latest Japanese seismic 

provisions and satisfied most of the U.S. seismic standards of practice. Experimental 
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results showed significant over-strengths from what was expected. Accounting for 

strength increases in the longitudinal bars due to the high strain rates they experienced 

produced estimates of building overturning-moment strength within 1% of experimental 

values in the Frame Direction and 6% of experimental values in the Wall Direction. The 

probable moment strengths evaluated using ACI 318-14 provisions were up to 41% lower 

than moment strengths evaluated including steel strength gains due to high strain rates. 

The discrepancy in moment strength was largest where strain rates in the longitudinal 

bars were highest. Longitudinal bars in shear walls experienced much higher strain rates 

than those in beams and columns. This is because the longer sectional dimensions of the 

walls compared with those of columns and beams generated higher strain demands on 

wall longitudinal bars at any given story drift demand.  

In light of test results, commonly used moment strength evaluation methods 

defined in ACI 318-14 may need to be adjusted to account for loading-rate effects on 

reinforced concrete  buildings subjected to seismic motions. Expressions were presented 

that relate story drift velocities to strain rates and strength gains in longitudinal bars of 

concrete members.  

Higher member strengths generated by high-velocity loading may affect member 

failure modes, member deformation capacities, and overload adjacent members 

(especially non-yielding capacity-designed members). When conducting non-linear 

analyses of reinforced concrete structures subjected to seismic motions, it is 

recommended to bracket analyses solutions with and without applying DIF, since strain 

rates may vary significantly from member to member and from motion to motion. 

Findings of this study also highlight the importance of performing seismic tests on 

reinforced concrete systems at seismically representative loading rates. This can be done 
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through shaking table tests, component tests at high loading rates (Ghannoum et al. 

2012a), or real-time hybrid simulation techniques (Saouma et al. 2014).  
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CHAPTER 6 SUMMARY AND CONCLUSIONS 

 

The NIED/E-Defense tests presented in this dissertation is a first-of-its-kind, 

multi-directional, dynamic shaking table test of a complete, full-scale, reinforced 

concrete building system to near collapse damage states. The shaking table tests produced 

a wealth of data from which lessons can be learned about our state-of-the-art reinforced 

concrete seismic designs, both at the individual component level and the overall 

structural system level that are used to evaluate current seismic design provisions and 

highlight potential code changes.  

 

6.1     CONCLUSIONS 

The following key observations were made:  

 

6.1.1     CHAPTER 2 

Assessments of the U.S. seismic design, detailing, and analytical provisions were 

performed and key observations were: 1) the structure remained stable throughout the 

tests and satisfied minimum collapse-prevention performance objectives; 2) at times of 

maximum base shear, the distribution of lateral inertia forces was approximately uniform 

over the height of the building, resulting in a significant increase in the maximum base 

shear during the test from what U.S. standards produce; 3) both shear walls suffered 

severe damage in their boundary regions while walls had tightly spaced hoop 

reinforcement at the boundaries that satisfied the U.S. code provisions; 4) beams and 

columns maintained core integrity throughout the test series even though they did not 

satisfy the minimum volumes of confining reinforcement requirement of ACI 318-11; 5) 



 137 

joints performed poorly, exhibiting wide inclined cracks and deformations that accounted 

for up to 60% of floor drifts at the end of the test series.  

 

6.1.2     CHAPTER 3 

The stiffness provisions of the following standards were evaluated in light of the 

unique experimental data: 1) Building code requirements for structural concrete (ACI 

Committee 318 2014); 2) Seismic evaluation and retrofit of existing buildings 

(ASCE/SEI 41-13); 3) Architectural Institute of Japan (AIJ) standard for structural 

calculation of reinforced concrete structures (AIJ 2010); 4) Design of concrete structures 

(CAN/CSA-A23.3-04); 5) Concrete structures standard (NZS3101: Part 1:2006) and 

Concrete structures of standard-Commentary (NZS3101: Part 2:2006); 6) Design of 

concrete structures (Eurocode2) and Design of structures for earthquake resistance 

(Eurocode8); and 7) Model code for concrete structures (fib 2010). Stiffness comparisons 

between standard values and experimental ones were performed at various stages in the 

loading protocol through the increasing amplitudes of ground motions imparted on the 

test building. The key observations were:  

1. The lateral stiffness of the test structure was observed to decrease significantly 

at lateral drift levels that are much lower than those causing yielding in the structure 

2. Once a story in the building reached a certain peak drift, its stiffness dropped to 

the stiffness corresponding to that peak drift, due to crack expansion, and was never 

regained regardless of the drift levels experienced below the prior peak. This finding 

highlights the importance of deformation history on the stiffness of concrete structures. 

3. Although all code provisions were developed to target stiffness at near-yield 

drift levels, they produced substantially larger story stiffness estimates than those 
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recorded for the NIED/E-Defense structure. Some provisions produced stiffness estimates 

that were several times larger than the experimental ones. 

4. Study results indicates that improvements in the stiffness provisions for 

reinforced concrete buildings of all investigated standards may be warranted. 

 

6.1.3     CHAPTER 4 

Recommendations for evaluating the lateral stiffness of moment-frame reinforced 

concrete buildings and effective flange widths of concrete beams framing into slabs were 

proposed based on the NIED/E-Defense shaking table test data. Experimental data from a 

column database and numerical moment-curvature results that encompass a wide range of 

axial loads and longitudinal reinforcement ratios were used to extend the range of 

applicability of the proposed relations for estimating the stiffness of concrete frame 

members. The proposed relations are consistent with fiber-section analyses, which 

inherently account for member axial load levels, longitudinal tension reinforcement ratio, 

and lateral drift ratio. In the derivation process, it was found that: 

1. The stiffness reduction factors of columns and beams affected the story 

stiffness of the test building more so than the effective flange width of beams, and even 

more so than the stiffness of beam-column joints. 

2. The flexural stiffness of concrete moment frame elements and buildings drops 

very rapidly after flexural cracking as the lateral drifts increase, but then stabilize near 

drift ratios corresponding with flexural yielding. 

3. Once the stiffness of a member drops due to increasing lateral drifts, it is never 

recovered, even if subsequent drift cycles are of lower amplitude. Therefore, assessing 
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concrete-member stiffness requires knowledge of past drift histories and cannot be based 

solely on target drift levels; especially when evaluating stiffness at service load levels. 

4. The lateral stiffnesses of concrete columns obtained from column component 

tests are similar to those of columns in the full-scale test building for the same axial load 

levels and reinforcement ratios, despite differing boundary conditions. 

 

6.1.4     CHAPTER 5 

In light of NIED/E-Defense test data, significant over-strengths were observed in 

the non-linear range of the building’s behavior. Loading-rate effects were found to 

increase building strength by about 30% in the Frame Direction and 50% in the Wall 

Direction from what would be expected using current strength evaluation procedures that 

ignore loading-rates. Strain-rate effects were identified as a major source of over-

strength. Accounting for strength increases in the longitudinal reinforcement due to the 

high strain rates produced estimates of building over-turning moment strength within 6% 

of experimental values in both plan directions of the building. Higher member strengths 

generated by high-velocity loading may affect member failure modes, member 

deformation capacities, and overload adjacent members (especially non-yielding 

capacity-designed members). Relations were presented that relate story drift velocities to 

strain rates and strength gains in longitudinal bars of concrete members. 

 

6.2     FUTURE WORK 

Wall stiffness recommendations should be developed based on wall component 

tests, the NIED/E-Defense test data, and other system test data such as from a full-scale, 

seven-story reinforced concrete building tested on the University of California, San 
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Diego shaking table. Comprehensive recommendations for the non-linear analysis of 

reinforced concrete buildings using lumped-mass and fiber-section should be developed 

in light of the NIED/E-Defense test results and recommendation from tasks in this 

dissertation.   
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APPENDIX A NIED/E-DEFENSE TEST DATA 

 

This appendix introduces the NIED/E-Defense building instrumentation that was 

used in this study, the data processing used to obtain various measures, as well as 

sequences of photographs of various building components highlighting damage 

progression through the successive ground motions imparted to the building.  

 

A.1     INSTRUMENTS 

A.1.1     Accelerometers 

Two tri-directional accelerometers were installed on the foundation and each floor 

slab as seen in Figure A-1. Raw, unfiltered acceleration recorded were imparted to all 

computational models in this study. When evaluating floor inertia forces, the average 

filtered acceleration records from both accelerometer on each floor were used. For these 

calculations, recorded accelerations were filtered using a fast Fourier transform (FFT) 

algorithm. Frequencies larger than 19.5 Hz were filtered out. Figure A-2 compares the 

raw and filtered accelerations recorded at the accelerometer of 2-R1-A1X (Figure A-1) 

during the JMA-Kobe 100% test. 
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Figure A-1 – Locations of the accelerometers. [Nagae et al. 2011b]  
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Figure A-2 – Raw and filtered accelerations recorded on the ground during the JMA-

Kobe 100% test. (Note: 1 m/s2 = 39.37 in./s2)   

 

A.1.2     Displacement transducers 

Lateral displacements measured by laser displacement transducers were used in 

all cases in this study. The locations of the transducers are shown in Figure A-3. 
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Figure A-3 – Locations of the laser-type displacement transducers. [Nagae et al. 2011b] 
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Since laser displacement transducers were installed at only one location per floor, 

lateral displacements recorded from wire displacement transducers were used to 

investigate building torsional rotations. The wire displacement transducers were installed 

at two locations per floor as seen in Figure A-4. 
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Figure A-4 – Locations of the wire-type displacement transducers. [Nagae et al. 2011b]
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Figure A-5 shows the difference between lateral displacements recorded by wire 

displacement transducers installed at different locations on each floor. Figure A-5 

indicates that the test building experienced minimal torsional rotations during the test 

series.  

 

 
(a) Frame Direction 

 

 
(b) Wall Direction 

Figure A-5 – Lateral displacements recorded by wire-type displacement transducers 

during the JMA-Kobe 100% test. (Note: 1 mm = 0.039 in.) 
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A.1.3     Strain gauges 

In all, 235 strain gauges were installed on longitudinal and transverse reinforcing 

bars of the columns, beams, and walls to measure bar strains. More details can be found 

in Nagae et al. 2011b. 

 

A.2     VERTICAL ACCELERATIONS 

Figure A-6 and Figure A-7 show the acceleration histories and response spectra 

for the vertical component of recorded shaking table motions at the foundation during the 

JMA-Kobe 25%, 50% and 100% tests. The highest vertical spectral accelerations 

occurred at periods around 0.25 second (Figure A-7). 

 

 
(a) JMA-Kobe 25%  
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(b) JMA-Kobe 50% 

 
(c) JMA-Kobe 100% 

Figure A-6 – Vertical acceleration histories recorded from the accelerometer of 2-R1-

A1Z on the shaking table. (Note: 1 m/s2 = 39.37 in./s2) 
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Figure A-7 – Vertical acceleration response spectra of recorded motions. (Note: Damping 

ratio = 0.05; Sensor 1: 2-R1-A1Z; Sensor 2: 2-R1-A2Z) 
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A.3     NIED/E-DEFENSE TEST SPECIMEN PICTURES AT VARIOUS DAMAGE STATES 

A.3.1     Columns, beams, and joints 

 

 

Figure A-8 – First story beam-column joint after the JMA-Kobe 100% test (West). 

 

 

Figure A-9 – First story column (bottom) after the JMA-Kobe 100% test (West). 
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Figure A-10 – Second story beam-column joint after the JMA-Kobe 100% test (West). 

 

 

Figure A-11 – Second story column (bottom) after the JMA-Kobe 100% test (West). 
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Figure A-12 – Third story beam-column joint after the JMA-Kobe 100% test (West). 

 

 

Figure A-13 – Third story column (bottom) after the JMA-Kobe 100% test (West). 
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Figure A-14 – Fourth story beam-column joint after the JMA-Kobe 100% test (West). 

 

 

Figure A-15 – Fourth story column (bottom) after the JMA-Kobe 100% test (West). 
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Figure A-16 – Roof beam-column joint after the JMA-Kobe 100% test (West). 

 

 

 

 

 

 

 

 

 

 



 156 

A.3.2     Shear walls 

 

 

Figure A-17 – First story shear wall after the JMA-Kobe 100% test (South). 
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Figure A-18 – First story shear wall (top) after the JMA-Kobe 100% test (South). 

 

 

Figure A-19 – First story shear wall (bottom) after the JMA-Kobe 100% test (South). 



 158 

 

Figure A-20 – Second story shear wall after the JMA-Kobe 100% test (South). 
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Figure A-21 – Second story shear wall (top) after the JMA-Kobe 100% test (South). 

 

 

Figure A-22 – Second story shear wall (bottom) after the JMA-Kobe 100% test (South). 
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Figure A-23 – Third story shear wall after the JMA-Kobe 100% test (South). 
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Figure A-24 – Third story shear wall (top) after the JMA-Kobe 100% test (South). 

 

 

Figure A-25 – Third story shear wall (bottom) after the JMA-Kobe 100% test (South). 
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Figure A-26 – Fourth story shear wall after the JMA-Kobe 100% test (South). 
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Figure A-27 – Fourth story shear wall (top) after the JMA-Kobe 100% test (South). 

 

 

Figure A-28 – Fourth story shear wall (bottom) after the JMA-Kobe 100% test (South). 
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APPENDIX B SAMPLE CALCULATIONS FOR ASSESSMENT 

OF SPECIMEN DESIGN IN ACCORDANCE WITH U.S. 

SEISMIC DESIGN PRACTICE 

 

B.1     EQUIVALENT LATERAL LOAD PROCEDURE (ASCE/SEI 7-10) 

B.1.1     Frame Direction 

Period calculation: 

Initial natural periods based on white-noise inputs: 

43.0noiseWhiteT s 

Approximate period (ASCE/SEI 7-10): 

ASCE/SEI 7-10 Table 12.8-2; 0466.0tC (Concrete moment-resisting frames) 

ASCE/SEI 7-10 Table 12.8-2; 9.0x (Concrete moment-resisting frames) 

Structural height, hn = 12 m 

ASCE/SEI 7-10 Eq. 12.8-7; Approximate fundamental period, 

44.012*0466.0)(* 9.0  x

nta hCT s 

ASCE/SEI 7-10 Eq. 12.8-8; Approximate fundamental period, 

4.04*1.01.0  NTa s 

where N = number of stories above the base 
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Spectral acceleration: 

Spectral acceleration corresponding to the approximate natural period in the 

Frame Direction: 1.45g 

 

 

Figure B-1 – Measured acceleration response spectrum of input wave in the Frame 

Direction. (Note: Damping ratio = 0.05)  

Site coefficient: 

ASCE/SEI 7-10 Table 20.3-1; Site class: B 

ASCE/SEI 7-10 Table 11.4-1; Site coefficient, Fa = 1.0 

 

Seismic importance factor: 

ASCE/SEI 7-10 Table 1.5-1; Risk category: II 

ASCE/SEI 7-10 Table 1.5-2; Importance factor: I = 1 
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Response modification coefficient: 

ASCE/SEI 7-10 Table 12.2-1; Response modification coefficient, R = 8 

Note: the building system was assumed to be a special reinforced concrete 

moment frames 

 

Deflection amplification factor: 

ASCE/SEI 7-10 Table 12.2-1; Deflection amplification factor, Cd = 5.5 

Note: the building system was assumed to be a special reinforced concrete 

moment frames 

 

Site coefficients and risk-targeted maximum considered earthquake (MCER) 

spectral response acceleration parameters: 

ASCE/SEI 7-10 Ch. 11.4.3; gSFS saMS 45.145.1*0.1   

 

Design spectral acceleration parameters: 

ASCE/SEI 7-10 Ch.11.4.4; gSS MSDS 97.045.1*
3

2

3

2
  

 

Seismic response coefficient: 

ASCE/SEI 7-10 Eq. 12.8-2; Seismic response coefficient, 121.0

1

8

97.0


I

R

S
C DS

S  
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Story forces: 

Table B.1 – Vertical distribution of seismic forces (ASCE/SEI 7-10 Ch. 12.8.3) 

Story (i) hi (m) wi (kN) wihi
k Cvi Fi (kN) Mi (kN-m) 

4 12 467 5,604 0.418 89.3 268 

3 9 434 3,902 0.291 62.2 722 

2 6 436 2,616 0.195 41.7 1,302 

1 3 434 1,301 0.097 20.7 1,943 

Note: Weight is the half of the full weight of the building (force per special moment 

frame) 

Total weight: 1,770 kN 

Vbase = 213.9 kN 

 

n

i

x

iihw
1

= 13,422 

where, 

Cvi: vertical distribution factor 

Vbase: total design lateral force or shear at the base of the structure 

Wi: the portion of the total effective seismic weight of the structure (W) located or 

assigned to Level i 

k: an exponent related to the structure period (k = 1, Ta = 0.44 < 0.5) 

 

Redundancy factor: 

ASCE/SEI 7-10 Ch. 12.3.4.2; redundancy factor, ρ = 1.3 
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Story forces with redundancy factor: 

Table B.2 – Vertical distribution of seismic forces with redundancy factor 

Story (i) hi (m) Fi (kN) Mi (kN-m) 

4 12 116.4 348 

3 9 80.8 939 

2 6 54.2 1,692 

1 3 26.9 2,526 

 

Eh=Vbase* ρ = 278 kN (15.7 % of total weight) 

 

Drift check: 

ASCE/SEI 7-10 Ch. 12.12; Allowable story drift, /020.0 sxa h =0.020*3,000/1.3 = 

46.2 mm 

 

Table B.3 – Story drift limit  

Story (i) hi (mm) δex (mm) Δi (mm)  

4 12,000 28.34 74.73 (OK) 

3 9,000 23.84 41.12 (OK) 

2 6,000 16.36 50.94 (NOT OK) 

1 3,000 7.10 39.06 (OK) 

 

where, 

Δi: design story drift 

δex: elastic displacement computed under strength-level design earthquake forces 
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B.1.2     Wall Direction 

Period calculation: 

Initial natural periods based on white-noise inputs: 

31.0noiseWhiteT s 

Approximate period (ASCE/SEI 7-10): 

ASCE/SEI 7-10 Table 12.8-2; 0488.0tC (All other structural systems) 

ASCE/SEI 7-10 Table 12.8-2; 75.0x (All other structural systems) 

Structural height, hn = 12 m 

ASCE/SEI 7-10 Eq. 12.8-7; Approximate fundamental period, 

31.012*0488.0)(* 75.0  x

nta hCT s 

ASCE/SEI 7-10 Eq. 12.8-8; Approximate fundamental period, 

4.04*1.01.0  NTa s 

where N = number of stories above the base 

 

Spectral acceleration: 

Spectral acceleration corresponding to the approximate natural period in the 

Frame Direction: 2.50g 
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Figure B-2 – Measured acceleration response spectrum of input wave in the Wall 

Direction. (Note: Damping ratio = 0.05) 

Site coefficient: 

ASCE/SEI 7-10 Table 20.3-1; Site class: B 

ASCE/SEI 7-10 Table 11.4-1; Site coefficient, Fa = 1.0 

 

Seismic importance factor: 

ASCE/SEI 7-10 Table 1.5-1; Risk category: II 

ASCE/SEI 7-10 Table 1.5-2; Importance factor: I = 1 

 

 

Response modification coefficient: 

ASCE/SEI 7-10 Table 12.2-1; Response modification coefficient, R = 6 

Note: the building system was assumed to be a special reinforced concrete shear 

walls 
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Deflection amplification factor: 

ASCE/SEI 7-10 Table 12.2-1; Deflection amplification factor, Cd = 5.0 

Note: the building system was assumed to be a special reinforced concrete shear 

walls 

 

Site coefficients and risk-targeted maximum considered earthquake (MCER) 

spectral response acceleration parameters: 

ASCE/SEI 7-10 Ch. 11.4.3; gSFS saMS 50.250.2*0.1   

 

Design spectral acceleration parameters: 

ASCE/SEI 7-10 Ch.11.4.4; gSS MSDS 67.150.2*
3

2

3

2
  

 

Seismic response coefficient: 

ASCE/SEI 7-10 Eq. 12.8-2; Seismic response coefficient, 28.0

1

6

67.1


I

R

S
C DS

S  

 

Story forces: 

Table B.4 – Vertical distribution of seismic forces (ASCE/SEI 7-10 Ch. 12.8.3) 

Story (i) hi (m) wi (kN) wihi
k Cvi Fi (kN) Mi (kN-m) 

4 12 467 5,604 0.428 205.3 616 

3 9 434 3,902 0.291 142.9 1,660 

2 6 436 2,616 0.195 95.8 2,993 

1 3 434 1,301 0.097 47.6 4,468 

Note: Weight is the half of the full weight of the building (force per shear wall system) 

 

Total weight: 1,770 kN 
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Vbase = 491.7 kN 

 

n

i

x

iihw
1

= 13,422 

where, 

Cvi: vertical distribution factor 

Vbase: total design lateral force or shear at the base of the structure 

Wi: the portion of the total effective seismic weight of the structure (W) located or 

assigned to Level i 

k: an exponent related to the structure period (k = 1, Ta = 0.44 < 0.5) 

 

Redundancy factor: 

ASCE/SEI 7-10 Ch. 12.3.4.2; redundancy factor, ρ = 1.3 

 

Story forces with redundancy factor: 

Table B.5 – Vertical distribution of seismic forces with redundancy factor 

Story (i) hi (m) Fi (kN) Mi (kN-m) 

4 12 266.9 801 

3 9 185.8 2,159 

2 6 124.6 3,890 

1 3 61.9 5,808 

 

Eh=Vbase* ρ = 639 kN (36.1 % of total weight) 

 

Drift check: 

ASCE/SEI 7-10 Ch. 12.12; Allowable story drift, /025.0 sxa h =0.025*3,000/1.3 = 

57.7 mm 
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Table B.6 – Story drift limit 

Story (i) hi (mm) δex (mm) Δi (mm)  

4 12,000 27.49 43.71 (OK) 

3 9,000 18.75 42.97 (OK) 

2 6,000 10.15 34.99 (OK) 

1 3,000 3.15 15.77 (OK) 

 

where, 

Δi: design story drift 

δex: elastic displacement computed under strength-level design earthquake forces 

 

B.2     SAMPLE CALCULATIONS BASED ON ACI 318-11 PROVISIONS 

B2.1 Frame beam (Second floor) 

Flexural strength: 

ACI 318-11 Ch. 8.12.2; Effective flange width of the beam, beff = 1.8 m (Table 3.5) 

 

Nominal moments of the beam: 


endnM ,  = 320 kN-m 



endnM ,  = 549 kN-m 



centernM ,  = 291 kN-m 



centernM ,  = 356 kN-m 

.max,nM  = 549 kN-m 

 



uM  = 128 kN-m < ϕ


endnM ,  = 0.9*320 = 288 kN-m     (OK) 



uM  = 242 kN-m < ϕ


endnM ,  = 0.9*549 = 494 kN-m     (OK) 
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ACI 318-11 Ch. 21.5.2.2  

 



endnM ,  = 320 kN-m > 2/


nM  = 549/2 = 275 kN-m     (OK) 



centernM ,  = 291 kN-m > 4/.max,nM  = 549/4 = 137 kN-m     (OK) 



centernM ,  = 356 kN-m > 4/.max,nM  = 549/4 = 137 kN-m     (OK) 



endnM ,  = 549 kN-m > 4/.max,nM  = 549/4 = 137 kN-m     (OK) 

 

ACI 318-11 Ch. 21.5.2.1  

ACI 318-11 Eq. 10-3; 5.545*300*
370

3925.0'25.0
min,  db

f

f
A w

y

c

s  = 691 mm 

but not less than 370/5.545*300*4.1/4.1 yw fdb  = 619 mm 

providedsA ,  = 1,161 mm > min,sA  = 691 mm     (OK) 

ρl = 0.0065 < ρmax = 0.025     (OK) 

 

Shear strength: 

Positive probable moment, 


prM  = 400 kN-m 

Negative probable moment, 


prM  = 686 kN-m 

 

Design shear force, 
2

nu

n

prpr

e

lw

l

MM
V 






 =  162 + 65 = 227 kN, -97 kN 

ACI 318-11 Ch. 21.5.4.2; Earthquake-induced shear force, 
n

prpr

sway
l

MM
V




  

= 162 kN 

Since Vsway = 162 kN > 0.5Ve =0.5*227 kN = 114 kN and Pu = 0, Vc = 0 kN 

 1500  scn VVV  = 150 kN 

ϕ nn VV 75.0  = 0.75*150 = 113 kN < Ve = 227 kN     (NOT OK) 
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Detailing: 

ACI 318-11 Ch. 21.5.3.1; Critical plastic hinge region = 2h =2*600 = 1,200 mm 

 

ACI 318-11 Ch. 21.5.3.2; Spacing of the hoops in the critical plastic hinge region 

shall not exceed the smallest of  

d/4 = 545.5/4 = 136 mm 

6*db = 6*22 = 132 mm 

150 mm 

Provided spacing of the hoops, sprovided = 200 mm > smin = 132 mm     (NOT OK) 

 

ACI 318-11 Ch. 21.5.3.4; Spacing of the hoops beyond the critical plastic hinge 

region (hoops are not required) 

Provided spacing of the hoops, sprovided = 200 mm < smin = 273 mm     (OK) 
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APPENDIX C DETAILS OF ANALYTICAL MODEL USED FOR 

STIFFNESS EVALUATIONS AND RECOMMENDATIONS 

 

C.1     SECTION PROPERTIES 

Figure C-1 shows the plans and framing elevations of the reinforced concrete test 

building. Figure C-2 shows the sectional dimensions of members adopted in the 

computational analyses used for stiffness evaluations. Gross sectional area and gross 

torsional moments of inertia were used for all members based on the sections shown in 

Figure C-2. Gross flexural and shear rigidities were calculated based on the section 

geometries shown in Figure C-2. The reduction factors applied to those rigidities are 

presented in CHAPTER 3 and CHAPTER 4 dealing with stiffness evaluations and 

recommendations. 
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Figure C-1 – Building plan and framing elevations of NIED/E-Defense shaking table 

showing member section names. (Units: mm; 1 mm = 0.039 in.) 
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where, 

E.C1 to E.C4: exterior columns 

I.C1 to I.C4: interior columns 

W1 to W4: shear walls 

F.B2 to F.BR: exterior beams in the Frame Direction 

W.B2 to W.BR: exterior beams in the Wall Direction 

W.I.B2 to W.I.BR: interior beams in the Wall Direction 

 

 

 
(a) column (E.C1 to E.C4 and I.C1 to I.C4) 

 

 
(b) walls (W1 to W4) 
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(c) Exterior beams in the Frame Direction (F.B2 to F.BR) 

 

 
(d) Exterior beams in the Wall Direction (W.B2 to W.BR) 

 

 
(e) Interior beams in the Wall Direction (W.I.B2 to W.I.BR) 

Figure C-2 – Sectional dimensions of members used in computational models. (Note: 1 

mm = 0.039 in.) 
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C.2     MASS DISTRIBUTION 

In the computational analyses, vertical loads due to the weight of the structure 

were applied as point loads at floor level at corner columns, interior columns, and at the 

locations where exterior beams (G1) in the Frame Direction and interior beams (B1) in 

the Wall Direction met. Weights of exterior beams (G1) in the Frame Direction and 

exterior beams (G2) in the Wall Direction were applied as distributed loads. Figure C-3 

shows the discretized areas used to distribute floor and member masses over each floor 

area in the computational models, such that the mass polar moment of inertia is 

preserved.  Mass in both horizontal directions, were applied to exterior columns (C1), 

interior columns (C2), walls, and the center of the building as seen in Figure C-3. The 

applied masses (Table C.1) were determined to match the sum and polar moments of 

inertia of the discretized areas presented in Table C.2.  
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Figure C-3 – Discretized areas for mass distributions 
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Table C.1 – Mass used in the analyses (Units: kg) 

  C1 (Exterior column) C2 (Interior column) Wall Center 

Roof 106.1 74.5 52.2 243.4 

3rd story 93.8 75.0 68.7 192.3 

2nd story 93.8 75.0 68.7 192.3 

1st story 93.8 75.0 68.7 192.3 

 

Table C.2 – Calculations for mass distributions 

2
nd

 floor 3
rd

 floor 4
th

 floor Roof dx dy Lower stories Roof 2
nd

 floor 3
rd

 floor 4
th

 floor Roof 2
nd

 floor 3
rd

 floor 4
th

 floor Roof

C1 1 2 22.39 22.39 22.39 16.87 3.60 7.20 44.79 33.74 161.24 161.24 161.24 121.47 322.48 322.48 322.48 242.94

G2 1--2 2 6.72 6.72 6.72 8.01 2.83 7.20 13.45 16.02 37.99 37.99 37.99 45.25 96.83 96.83 96.83 115.34

G1 2 2 5.24 5.24 5.24 6.04 3.60 6.63 10.48 12.07 37.74 37.74 37.74 43.47 69.45 69.45 69.45 79.99

G1 3 2 14.51 14.51 14.51 16.72 3.60 5.40 29.03 33.44 104.51 104.51 104.51 120.37 156.76 156.76 156.76 180.56

B1 3 2 25.59 25.59 25.59 25.59 1.73 5.40 51.17 51.17 88.27 88.27 88.27 88.27 276.33 276.33 276.33 276.33

G1 4 2 14.51 14.51 14.51 16.72 3.60 3.60 29.03 33.44 104.51 104.51 104.51 120.37 104.51 104.51 104.51 120.37

B1 4 2 25.59 25.59 25.59 25.59 1.73 3.60 51.17 51.17 88.27 88.27 88.27 88.27 184.22 184.22 184.22 184.22

G1 5 2 12.31 12.31 12.31 14.51 3.60 1.80 24.62 29.03 88.64 88.64 88.64 104.51 44.32 44.32 44.32 52.25

B1 5 2 25.59 25.59 25.59 25.59 1.73 1.80 51.17 51.17 88.27 88.27 88.27 88.27 92.11 92.11 92.11 92.11

G1 6 2 5.24 5.24 5.24 6.04 3.60 0.33 10.48 12.07 37.74 37.74 37.74 43.47 3.41 3.41 3.41 3.92

C2 7 2 18.44 18.44 18.44 10.22 3.60 0.00 36.88 20.44 132.76 132.76 132.76 73.60 0.00 0.00 0.00 0.00

G1 8 2 5.24 5.24 5.24 6.04 3.60 0.33 10.48 12.07 37.74 37.74 37.74 43.47 3.41 3.41 3.41 3.92

G3 6--8 2 24.84 24.84 24.84 24.84 1.68 0.00 49.69 49.69 83.23 83.23 83.23 83.23 0.00 0.00 0.00 0.00

G1 9 2 12.31 12.31 12.31 14.51 3.60 1.80 24.62 29.03 88.64 88.64 88.64 104.51 44.32 44.32 44.32 52.25

B1 9 2 25.59 25.59 25.59 25.59 1.73 1.80 51.17 51.17 88.27 88.27 88.27 88.27 92.11 92.11 92.11 92.11

G1 10 2 14.51 14.51 14.51 16.72 3.60 3.60 29.03 33.44 104.51 104.51 104.51 120.37 104.51 104.51 104.51 120.37

B1 10 2 25.59 25.59 25.59 25.59 1.73 3.60 51.17 51.17 88.27 88.27 88.27 88.27 184.22 184.22 184.22 184.22

G1 11 2 14.51 14.51 14.51 16.72 3.60 5.40 29.03 33.44 104.51 104.51 104.51 120.37 156.76 156.76 156.76 180.56

B1 11 2 25.59 25.59 25.59 25.59 1.73 5.40 51.17 51.17 88.27 88.27 88.27 88.27 276.33 276.33 276.33 276.33

G1 12 2 5.24 5.24 5.24 6.04 3.60 6.63 10.48 12.07 37.74 37.74 37.74 43.47 69.45 69.45 69.45 79.99

C1 13 2 22.39 22.39 22.39 16.87 3.60 7.20 44.79 33.74 161.24 161.24 161.24 121.47 322.48 322.48 322.48 242.94

G2 12--13 2 6.72 6.72 6.72 8.01 2.83 7.20 13.45 16.02 37.99 37.99 37.99 45.25 96.83 96.83 96.83 115.34

Wall A 12--13 1 68.69 68.69 68.69 52.25 0.00 7.20 68.69 52.25 0.00 0.00 0.00 0.00 494.56 494.56 494.56 376.18

Wall C 1--2 1 68.69 68.69 68.69 52.25 0.00 7.20 68.69 52.25 0.00 0.00 0.00 0.00 494.56 494.56 494.56 376.18

Equipment 4 0.00 0.00 0.00 25.00 1.80 3.60 0.00 100.00 0.00 0.00 0.00 180.00 0.00 0.00 0.00 360.00

855 921 1890 1890 1890 2064 3690 3690 3690 3808Sum

Line Quantity
Load(kN) load sum (kN) Load (kN)*dx (m) Load (kN)*dy (m)

 

 

where, 

Quantity: total number of the member considered in the same line 

dx: distance from the center of the building to the centroid of the discretized area in x-axis 

dy: distance from the center of the building to the centroid of the discretized area in y-axis 
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C.3     STIFFNESS OF REINFORCED CONCRETE SHEAR WALLS BASED ON SHAKING TABLE 

TEST 

Figure C-4 shows the story stiffness estimates obtained using the provisions of the 

various standards in the Wall Direction (Frame Direction can be found in Figure 4-2) 

 

 

 
(a) Second story (Wall Direction) 
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 (b) First story (Wall Direction) 

*First flexural yielding recorded 

Figure C-4 – First and second story drift ratio versus story stiffness for each cycle of 

lateral drifts. (Note: 1 kN/m = 0.069 kip/ft) 

 

Figure C-5 plots the combinations of beam and column stiffness reduction factors 

that produce exact matches to the first, second, third, fourth, and the sum of all four story 

stiffnesses (Frame Direction can be found in Figure 4-5). In the Wall Direction, the range 

of the stiffness reduction factors are excessively large and it is not possible to find the 

combination that produce less error for all stories. This indicates that effective stiffness of 

walls could not be the same over the height. Thus, different approaches need to be taken 

and these are not handled in this dissertation. 
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(a) End of the JMA-Kobe 10% (Wall Direction) 

 

 
(b) End of the JMA-Kobe 25% (Wall Direction) 
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 (c) End of the JMA-Kobe 50% (Wall Direction) 

Figure C-5 – Beam and column stiffness reduction factors that match the observed story 

stiffnesses of the building. 
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APPENDIX D STIFFNESS OF REINFORCED CONCRETE 

MOMENT FRAME BUILDINGS BASED ON COMPONENT 

TESTS AND ANALYSES 

 

D.1     COLUMN DATABASE 

D.1.1     Reported data  

 Table D.1 lists key parameters of filtered column database tests. The following 

derivations were made to calculate stiffness of columns in Table D.1: 

 

Single cantilever (single curvature) 
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Double curvature 
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Table D.1 – Key parameters of filtered column database tests 

No. Author 
h  

(in.) 

b  

(in.) 

L 

(in.) 

Ec 

(ksi) 
P/Agf'c ρT 

Δ0.6*  

(in.) 

V0.6*  

(kip) 

Test 

configuration 

1 Tanaka and Park 21.7 21.7 65.0 3883 0.10 0.0042 0.259 52.9 Single cantilever 

2 Tanaka and Park 21.7 21.7 65.0 3883 0.10 0.0042 0.271 59.5 Single cantilever 

3 Tanaka and Park 21.7 21.7 65.0 3883 0.30 0.0042 0.231 83.0 Single cantilever 

4 Tanaka and Park 21.7 21.7 65.0 3889 0.30 0.0042 0.205 85.0 Single cantilever 

5 Park and Paulay 23.6 15.7 70.2 3560 0.10 0.0057 0.267 55.1 Single cantilever 

6 Arakawa 9.8 9.8 29.5 3115 0.33 0.0034 0.053 23.0 Double curvature 
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7 Ohno and Nishioka 15.7 15.7 63.0 3418 0.03 0.0071 0.248 16.5 Single cantilever 

8 Ohno and Nishioka 15.7 15.7 63.0 3418 0.03 0.0071 0.190 15.2 Single cantilever 

9 Ohno and Nishioka 15.7 15.7 63.0 3418 0.03 0.0071 0.189 14.0 Single cantilever 

10 Kanda et al. 9.8 9.8 59.1 3625 0.11 0.0061 0.236 11.1 Double curvature 

11 Kanda et al. 9.8 9.8 59.1 3625 0.11 0.0061 0.177 11.0 Double curvature 

12 Kanda et al. 9.8 9.8 59.1 3625 0.11 0.0061 0.236 11.1 Double curvature 

13 Kanda et al. 9.8 9.8 59.1 3418 0.12 0.0061 0.221 11.9 Double curvature 

14 Kanda et al. 9.8 9.8 59.1 3625 0.11 0.0061 0.168 10.4 Double curvature 

15 Kanda et al. 9.8 9.8 59.1 3625 0.11 0.0061 0.197 10.9 Double curvature 

16 Sakai et al. 9.8 9.8 39.4 6847 0.35 0.0081 0.121 55.9 Double curvature 

17 Sakai et al. 9.8 9.8 39.4 6847 0.35 0.0081 0.109 55.6 Double curvature 

18 Sakai et al. 9.8 9.8 39.4 6847 0.35 0.0081 0.196 65.2 Double curvature 

19 Sakai et al. 9.8 9.8 39.4 6847 0.35 0.0081 0.134 55.9 Double curvature 

20 Sakai et al. 9.8 9.8 39.4 6847 0.35 0.0081 0.123 55.8 Double curvature 

21 Sakai et al. 9.8 9.8 39.4 6847 0.35 0.0081 0.182 67.4 Double curvature 

22 Sakai et al. 9.8 9.8 39.4 6847 0.35 0.0091 0.095 55.5 Double curvature 

23 Saatcioglu and Ozcebe 13.8 13.8 39.4 4532 0.00 0.0124 0.372 37.7 Single cantilever 

24 Saatcioglu and Ozcebe 13.8 13.8 39.4 4049 0.14 0.0124 0.365 37.1 Single cantilever 

25 Saatcioglu and Ozcebe 13.8 13.8 39.4 3883 0.15 0.0124 0.321 47.0 Single cantilever 

26 Saatcioglu and Ozcebe 13.8 13.8 39.4 4192 0.13 0.0124 0.320 47.5 Single cantilever 

27 Saatcioglu and Ozcebe 13.8 13.8 39.4 4286 0.13 0.0124 0.350 48.6 Single cantilever 

28 Xiao and Martirossyan 10.0 10.0 40.0 5984 0.10 0.0133 0.269 47.2 Double curvature 

29 Xiao and Martirossyan 10.0 10.0 40.0 5984 0.20 0.0133 0.329 65.7 Double curvature 

30 Xiao and Martirossyan 10.0 10.0 40.0 6365 0.10 0.0092 0.234 39.9 Double curvature 

31 Xiao and Martirossyan 10.0 10.0 40.0 6365 0.19 0.0092 0.255 47.0 Double curvature 

32 Sugano 8.9 8.9 35.4 7456 0.35 0.0062 0.092 49.2 Double curvature 

33 Sugano 8.9 8.9 35.4 7456 0.35 0.0062 0.097 51.7 Double curvature 

34 Nosho et al. 11.0 11.0 84.0 4373 0.34 0.0051 0.320 7.4 Single cantilever 

35 Bayrak and Sheikh 12.0 12.0 72.5 5828 0.50 0.0097 0.094 18.9 Single cantilever 

36 Bayrak and Sheikh 12.0 12.0 72.5 5812 0.36 0.0097 0.121 20.3 Single cantilever 

37 Bayrak and Sheikh 12.0 12.0 72.5 5816 0.50 0.0097 0.102 19.7 Single cantilever 

38 Bayrak and Sheikh 12.0 12.0 72.5 5820 0.50 0.0097 0.157 19.0 Single cantilever 

39 Bayrak and Sheikh 12.0 12.0 72.5 6925 0.45 0.0097 0.090 24.9 Single cantilever 

40 Bayrak and Sheikh 12.0 12.0 72.5 6929 0.46 0.0097 0.187 23.1 Single cantilever 

41 Bayrak and Sheikh 12.0 12.0 72.5 6932 0.45 0.0097 0.184 21.9 Single cantilever 

42 Bayrak and Sheikh 12.0 12.0 72.5 6939 0.47 0.0097 0.127 24.3 Single cantilever 

43 Saatcioglu and Giria 13.8 13.8 64.8 4002 0.43 0.0073 0.256 26.7 Single cantilever 

44 Saatcioglu and Giria 13.8 13.8 64.8 4002 0.43 0.0073 0.217 25.3 Single cantilever 

45 Saatcioglu and Giria 13.8 13.8 64.8 4002 0.20 0.0073 0.295 22.7 Single cantilever 

46 Saatcioglu and Giria 13.8 13.8 64.8 4002 0.46 0.0098 0.099 27.6 Single cantilever 
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47 Saatcioglu and Giria 13.8 13.8 64.8 4002 0.46 0.0098 0.256 27.9 Single cantilever 

48 Saatcioglu and Giria 13.8 13.8 64.8 4002 0.46 0.0115 0.256 31.0 Single cantilever 

49 Saatcioglu and Giria 13.8 13.8 64.8 4002 0.46 0.0098 0.256 29.3 Single cantilever 

50 Saatcioglu and Giria 13.8 13.8 64.8 4002 0.23 0.0098 0.413 26.8 Single cantilever 

51 Saatcioglu and Giria 13.8 13.8 64.8 4002 0.46 0.0098 0.236 29.6 Single cantilever 

52 Saatcioglu and Giria 13.8 13.8 64.8 4002 0.46 0.0098 0.315 28.9 Single cantilever 

53 Matamoros et al. 8.0 8.0 24.0 5728 0.05 0.0096 0.181 9.6 Single cantilever 

54 Matamoros et al. 8.0 8.0 24.0 5728 0.05 0.0096 0.165 9.5 Single cantilever 

55 Matamoros et al. 8.0 8.0 24.0 5651 0.10 0.0096 0.167 13.3 Single cantilever 

56 Matamoros et al. 8.0 8.0 24.0 5651 0.10 0.0096 0.162 13.1 Single cantilever 

57 Matamoros et al. 8.0 8.0 24.0 5555 0.21 0.0096 0.153 15.0 Single cantilever 

58 Matamoros et al. 8.0 8.0 24.0 5555 0.21 0.0096 0.150 14.4 Single cantilever 

59 Matamoros et al. 8.0 8.0 24.0 4227 0.00 0.0096 0.227 8.2 Single cantilever 

60 Matamoros et al. 8.0 8.0 24.0 4227 0.00 0.0096 0.217 8.2 Single cantilever 

61 Matamoros et al. 8.0 8.0 24.0 4768 0.14 0.0096 0.153 10.5 Single cantilever 

62 Matamoros et al. 8.0 8.0 24.0 4768 0.14 0.0096 0.149 10.1 Single cantilever 

63 Matamoros et al. 8.0 8.0 24.0 4234 0.36 0.0096 0.146 12.3 Single cantilever 

64 Matamoros et al. 8.0 8.0 24.0 4234 0.36 0.0096 0.147 12.2 Single cantilever 

65 Mo and Wang 15.7 15.7 55.1 3428 0.11 0.0071 0.375 35.6 Single cantilever 

66 Mo and Wang 15.7 15.7 55.1 3545 0.16 0.0071 0.363 36.8 Single cantilever 

67 Mo and Wang 15.7 15.7 55.1 3509 0.22 0.0071 0.495 47.3 Single cantilever 

68 Mo and Wang 15.7 15.7 55.1 3454 0.11 0.0071 0.414 34.0 Single cantilever 

69 Mo and Wang 15.7 15.7 55.1 3574 0.16 0.0071 0.474 43.2 Single cantilever 

70 Mo and Wang 15.7 15.7 55.1 3551 0.21 0.0071 0.366 41.9 Single cantilever 

71 Mo and Wang 15.7 15.7 55.1 3527 0.11 0.0071 0.384 32.4 Single cantilever 

72 Mo and Wang 15.7 15.7 55.1 3599 0.15 0.0071 0.428 37.8 Single cantilever 

73 Mo and Wang 15.7 15.7 55.1 3560 0.21 0.0071 0.472 45.2 Single cantilever 

74 Aboutaha and Machado 20.0 12.0 72.0 6253 0.00 0.0095 0.798 35.8 Single cantilever 

75 Aboutaha and Machado 20.0 12.0 72.0 6253 0.12 0.0095 0.711 52.8 Single cantilever 

76 Aboutaha and Machado 20.0 12.0 72.0 6253 0.16 0.0095 0.698 58.6 Single cantilever 

77 Thomsen and Wallace 6.0 6.0 23.5 6956 0.00 0.0092 0.209 6.2 Single cantilever 

78 Thomsen and Wallace 6.0 6.0 23.5 6376 0.20 0.0092 0.082 10.2 Single cantilever 

79 Thomsen and Wallace 6.0 6.0 23.5 6420 0.00 0.0092 0.144 4.7 Single cantilever 

80 Thomsen and Wallace 6.0 6.0 23.5 6268 0.10 0.0092 0.108 7.1 Single cantilever 

81 Thomsen and Wallace 6.0 6.0 23.5 6511 0.20 0.0092 0.065 8.8 Single cantilever 

82 Thomsen and Wallace 6.0 6.0 23.5 5639 0.00 0.0092 0.192 5.1 Single cantilever 

83 Thomsen and Wallace 6.0 6.0 23.5 5928 0.10 0.0092 0.089 6.4 Single cantilever 

84 Thomsen and Wallace 6.0 6.0 23.5 6208 0.20 0.0092 0.063 7.6 Single cantilever 

85 Thomsen and Wallace 6.0 6.0 23.5 5976 0.20 0.0092 0.063 7.9 Single cantilever 

86 Thomsen and Wallace 6.0 6.0 23.5 6402 0.20 0.0092 0.076 8.2 Single cantilever 
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87 Thomsen and Wallace 6.0 6.0 23.5 5792 0.20 0.0092 0.072 7.4 Single cantilever 

88 Paultre & Legeron 12.0 12.0 78.7 6598 0.14 0.0096 0.465 16.8 Single cantilever 

89 Paultre & Legeron 12.0 12.0 78.7 6630 0.28 0.0096 0.427 22.0 Single cantilever 

90 Paultre & Legeron 12.0 12.0 78.7 6802 0.39 0.0096 0.567 26.1 Single cantilever 

91 Paultre & Legeron 12.0 12.0 78.7 6683 0.14 0.0096 0.443 15.7 Single cantilever 

92 Paultre & Legeron 12.0 12.0 78.7 6784 0.26 0.0096 0.438 24.8 Single cantilever 

93 Paultre & Legeron 12.0 12.0 78.7 7010 0.37 0.0096 0.457 28.8 Single cantilever 

94 Paultre et al. 12.0 12.0 78.7 6089 0.40 0.0096 0.357 22.8 Single cantilever 

95 Paultre et al. 12.0 12.0 78.7 7172 0.41 0.0096 0.453 29.2 Single cantilever 

96 Paultre et al. 12.0 12.0 78.7 7182 0.35 0.0096 0.488 27.7 Single cantilever 

97 Paultre et al. 12.0 12.0 78.7 7006 0.37 0.0096 0.500 25.6 Single cantilever 

98 Paultre et al. 12.0 12.0 78.7 7016 0.53 0.0096 0.393 27.5 Single cantilever 

99 Paultre et al. 12.0 12.0 78.7 7179 0.51 0.0096 0.452 28.5 Single cantilever 

100 Pujol 12.0 6.0 54.0 3985 0.09 0.0123 0.283 16.3 Double curvature 

101 Pujol 12.0 6.0 54.0 3985 0.09 0.0123 0.286 16.3 Double curvature 

102 Pujol 12.0 6.0 54.0 3891 0.09 0.0123 0.273 15.2 Double curvature 

103 Pujol 12.0 6.0 54.0 3891 0.09 0.0123 0.233 15.2 Double curvature 

104 Pujol 12.0 6.0 54.0 3755 0.10 0.0123 0.304 16.3 Double curvature 

105 Pujol 12.0 6.0 54.0 3755 0.10 0.0123 0.256 16.3 Double curvature 

106 Pujol 12.0 6.0 54.0 3591 0.10 0.0123 0.298 16.2 Double curvature 

107 Pujol 12.0 6.0 54.0 3591 0.10 0.0123 0.286 16.2 Double curvature 

108 Pujol 12.0 6.0 54.0 4141 0.16 0.0123 0.203 17.6 Double curvature 

109 Pujol 12.0 6.0 54.0 4141 0.16 0.0123 0.183 17.6 Double curvature 

110 Pujol 12.0 6.0 54.0 4054 0.08 0.0123 0.252 15.7 Double curvature 

111 Pujol 12.0 6.0 54.0 4054 0.08 0.0123 0.216 15.7 Double curvature 

112 Pujol 12.0 6.0 54.0 4147 0.08 0.0123 0.250 16.1 Double curvature 

113 Pujol 12.0 6.0 54.0 4147 0.08 0.0123 0.247 16.1 Double curvature 

114 Kono et al. 9.8 9.8 24.6 4209 0.30 0.0081 0.082 28.2 Single cantilever 

115 Takemura and Kawashima 15.7 15.7 49.0 4113 0.03 0.0048 0.159 20.6 Single cantilever 

116 Takemura and Kawashima 15.7 15.7 49.0 4101 0.03 0.0048 0.254 21.2 Single cantilever 

117 Takemura and Kawashima 15.7 15.7 49.0 4020 0.03 0.0048 0.193 22.1 Single cantilever 

118 Takemura and Kawashima 15.7 15.7 49.0 3955 0.03 0.0048 0.191 22.0 Single cantilever 

119 Takemura and Kawashima 15.7 15.7 49.0 4164 0.03 0.0048 0.171 22.1 Single cantilever 

120 Takemura and Kawashima 15.7 15.7 49.0 4113 0.03 0.0048 0.204 23.8 Single cantilever 

121 Nagasaka 7.9 7.9 23.6 3145 0.35 0.0063 0.053 15.4 Double curvature 

122 Ohue 7.9 7.9 31.5 3883 0.14 0.0101 0.180 14.4 Double curvature 

123 Ohue 7.9 7.9 31.5 3753 0.15 0.0133 0.147 15.4 Double curvature 

124 Ono 7.9 7.9 23.6 3486 0.26 0.0071 0.069 18.6 Double curvature 

125 Lynn 18.0 18.0 116.0 3949 0.07 0.0073 0.389 33.1 Double curvature 

126 Lynn 18.0 18.0 116.0 3466 0.28 0.0073 0.353 43.2 Double curvature 
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127 Lynn 18.0 18.0 116.0 3949 0.07 0.0073 0.344 31.2 Double curvature 

128 Lynn 18.0 18.0 116.0 3466 0.28 0.0114 0.482 50.1 Double curvature 

129 Xiao 10.0 10.0 40.0 6365 0.10 0.0092 0.275 38.4 Double curvature 

130 Xiao 10.0 10.0 40.0 6365 0.19 0.0092 0.206 47.7 Double curvature 

131 Sezen  18.0 18.0 116.0 3153 0.15 0.0093 0.590 41.4 Double curvature 

132 Sezen  18.0 18.0 116.0 3205 0.15 0.0093 0.640 40.5 Double curvature 

133 Iwasaki 15.7 31.5 94.5 3805 0.00 0.0018 0.482 18.0 Single cantilever 

134 Iwasaki 15.7 31.5 94.5 3657 0.00 0.0035 0.454 23.9 Single cantilever 

135 Iwasaki 19.7 19.7 98.4 3834 0.00 0.0058 0.449 21.1 Single cantilever 

136 Iwasaki 19.7 19.7 98.4 3883 0.00 0.0058 0.640 23.2 Single cantilever 

137 Iwasaki 19.7 19.7 98.4 3871 0.00 0.0058 0.448 24.4 Single cantilever 

138 Iwasaki 19.7 19.7 68.9 3872 0.00 0.0058 0.611 48.9 Single cantilever 

139 Iwasaki 19.7 19.7 68.9 3960 0.00 0.0058 0.295 33.7 Single cantilever 

140 Iwasaki 19.7 19.7 45.7 3943 0.00 0.0058 0.138 54.6 Single cantilever 

141 Yalcin 21.7 21.7 58.5 4604 0.13 0.0066 0.140 69.8 Single cantilever 

142 Elwood 9.0 9.0 58.0 3397 0.10 0.0073 0.358 10.6 Double curvature 

143 Elwood 9.0 9.0 58.0 3356 0.24 0.0073 0.365 12.7 Double curvature 

144 Verma 24.0 16.0 96.0 4227 0.05 0.0058 0.277 79.1 Double curvature 

145 Saatcioglu 13.8 13.8 39.4 3772 0.16 0.0120 0.349 35.5 Single cantilever 

146 Esaki 7.9 7.9 31.5 3294 0.35 0.0100 0.091 17.5 Double curvature 

147 Esaki 7.9 7.9 31.5 3294 0.21 0.0100 0.094 14.3 Double curvature 

148 Esaki 7.9 7.9 31.5 3085 0.35 0.0100 0.093 17.5 Double curvature 

149 Esaki 7.9 7.9 31.5 3085 0.21 0.0100 0.092 14.3 Double curvature 

150 Lynn 18.0 18.0 116.0 3606 0.26 0.0114 0.359 47.2 Double curvature 

151 Lynn 18.0 18.0 116.0 3606 0.26 0.0114 0.369 49.5 Double curvature 

152 Lynn 18.0 18.0 116.0 3560 0.09 0.0114 0.408 40.5 Double curvature 

153 Yoshimura 11.8 11.8 47.2 3803 0.20 0.0059 0.127 29.7 Double curvature 

154 Yoshimura 11.8 11.8 47.2 3803 0.20 0.0059 0.140 29.6 Double curvature 

155 Yarandi 27.6 13.8 59.1 4061 0.15 0.0049 0.096 72.8 Single cantilever 

156 Yarandi 27.6 13.8 59.1 4448 0.15 0.0049 -0.020 81.8 Single cantilever 

157 Pandey 11.8 11.8 25.6 3947 0.03 0.0089 0.124 27.5 Single cantilever 

158 Pandey 11.8 11.8 41.3 4141 0.03 0.0089 0.154 16.5 Single cantilever 

159 Yoshimura 11.8 11.8 35.4 3566 0.26 0.0127 0.156 29.9 Single cantilever 

160 Yoshimura 11.8 11.8 35.4 3566 0.26 0.0127 0.183 30.0 Single cantilever 

*Drift and lateral load taken from the backbone force-drift relation at 60% of column 

peak load 
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where, 

h: section height in the direction of loading. 

b: section width 

L: clear distance between supports (the actual full length of the test specimen) 

Ec: concrete moduli of elasticity 

ρT: longitudinal tension reinforcement ratio defined as the area of longitudinal bars in 

tension divided by the gross section area, which can be taken as the section overall height 

multiplied by the section web width 

Δy: yield displacement 

Vmax: maximum applied lateral load 

 

D.1.2     Extraction of lateral loads and displacements from backbone force-drift 

relation 

The stiffnesses of the 160 columns taken at the secant to the backbone force-drift 

relation at 40% and 75% of column peak load were compared with those produced by Eq. 

(4.8) and Eq. (4.9) for those columns and evaluated for each column at the drift ratio at 

which the column reached 40% and 75% of its maximum applied load. The comparison 

was performed through the error ratio, defined as the ratio of the estimated to measured 

stiffnesses (Table D.2).  

 

Table D.2 – Stiffness reduction factors based on proposed equations and column database 

No. Author 
40% of maximum load 75% of maximum load 

Δ0.4 αEq. αexp. αEq./αexp. Δ0.75 αEq. αexp. αEq./αexp. 

1 Tanaka and Park 0.140 0.29 0.34 0.87 0.409 0.21 0.21 1.00 

2 Tanaka and Park 0.150 0.29 0.37 0.78 0.374 0.24 0.22 0.92 

3 Tanaka and Park 0.088 0.52 0.79 0.66 0.374 0.36 0.39 1.09 
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4 Tanaka and Park 0.101 0.50 0.73 0.69 0.353 0.39 0.39 1.00 

5 Park and Paulay 0.116 0.35 0.58 0.60 0.383 0.33 0.24 0.75 

6 Arakawa 0.021 0.67 0.62 1.08 0.078 0.31 0.48 1.55 

7 Ohno and Nishioka 0.130 0.33 0.38 0.85 0.347 0.28 0.25 0.87 

8 Ohno and Nishioka 0.095 0.36 0.51 0.72 0.285 0.32 0.26 0.82 

9 Ohno and Nishioka 0.087 0.38 0.51 0.74 0.260 0.31 0.26 0.85 

10 Kanda et al. 0.118 0.33 0.37 0.90 0.315 0.26 0.25 0.98 

11 Kanda et al. 0.079 0.39 0.57 0.67 0.275 0.30 0.26 0.88 

12 Kanda et al. 0.118 0.33 0.37 0.90 0.315 0.26 0.25 0.98 

13 Kanda et al. 0.095 0.37 0.52 0.71 0.357 0.27 0.25 0.93 

14 Kanda et al. 0.077 0.39 0.55 0.70 0.280 0.29 0.26 0.92 

15 Kanda et al. 0.117 0.34 0.43 0.78 0.339 0.25 0.25 0.99 

16 Sakai et al. 0.097 0.58 0.44 1.31 0.187 0.34 0.53 1.55 

17 Sakai et al. 0.075 0.61 0.56 1.08 0.194 0.36 0.53 1.46 

18 Sakai et al. 0.115 0.56 0.37 1.52 0.237 0.32 0.51 1.61 

19 Sakai et al. 0.095 0.58 0.45 1.30 0.180 0.35 0.53 1.51 

20 Sakai et al. 0.083 0.60 0.50 1.19 0.197 0.35 0.53 1.51 

21 Sakai et al. 0.092 0.59 0.46 1.27 0.197 0.37 0.53 1.42 

22 Sakai et al. 0.026 0.79 1.19 0.66 0.140 0.45 0.56 1.25 

23 Saatcioglu and Ozcebe 0.189 0.33 0.20 1.67 0.559 0.13 0.28 2.24 

24 Saatcioglu and Ozcebe 0.163 0.39 0.27 1.46 0.512 0.15 0.33 2.23 

25 Saatcioglu and Ozcebe 0.168 0.39 0.32 1.23 0.433 0.22 0.35 1.55 

26 Saatcioglu and Ozcebe 0.149 0.39 0.35 1.12 0.524 0.19 0.33 1.75 

27 Saatcioglu and Ozcebe 0.156 0.38 0.33 1.17 0.472 0.19 0.33 1.69 

28 Xiao and Martirossyan 0.126 0.40 0.27 1.50 0.385 0.16 0.34 2.08 

29 Xiao and Martirossyan 0.117 0.47 0.31 1.51 0.329 0.21 0.41 1.90 

30 Xiao and Martirossyan 0.124 0.34 0.22 1.53 0.333 0.15 0.28 1.86 

31 Xiao and Martirossyan 0.133 0.39 0.23 1.73 0.327 0.17 0.34 1.99 

32 Sugano 0.059 0.60 0.55 1.08 0.129 0.47 0.52 1.10 

33 Sugano 0.064 0.59 0.54 1.08 0.126 0.48 0.52 1.08 

34 Nosho et al 0.179 0.54 1.02 0.52 0.520 0.67 0.45 0.68 

35 Bayrak and Sheikh 0.032 1.17 4.84 0.24 0.143 2.05 0.89 0.43 

36 Bayrak and Sheikh 0.059 0.78 2.98 0.26 0.196 1.62 0.61 0.38 

37 Bayrak and Sheikh 0.053 1.04 3.16 0.33 0.150 2.06 0.88 0.43 

38 Bayrak and Sheikh 0.101 0.93 1.65 0.56 0.220 1.35 0.84 0.63 

39 Bayrak and Sheikh 0.047 0.97 3.72 0.26 0.115 2.84 0.82 0.29 

40 Bayrak and Sheikh 0.107 0.84 1.54 0.55 0.244 1.25 0.76 0.61 

41 Bayrak and Sheikh 0.112 0.82 1.37 0.60 0.248 1.15 0.74 0.64 

42 Bayrak and Sheikh 0.080 0.91 2.14 0.42 0.173 1.85 0.81 0.44 

43 Saatcioglu and Giria 0.118 0.73 1.21 0.60 0.394 0.64 0.63 0.99 



 194 

44 Saatcioglu and Giria 0.118 0.73 1.13 0.65 0.473 0.57 0.62 1.08 

45 Saatcioglu and Giria 0.118 0.42 1.03 0.41 0.493 0.43 0.32 0.73 

46 Saatcioglu and Giria 0.236 0.76 0.59 1.28 0.335 0.79 0.73 0.93 

47 Saatcioglu and Giria 0.079 0.88 1.81 0.48 0.472 0.56 0.71 1.28 

48 Saatcioglu and Giria 0.089 0.87 1.76 0.49 0.453 0.63 0.72 1.15 

49 Saatcioglu and Giria 0.099 0.84 1.47 0.57 0.453 0.60 0.72 1.20 

50 Saatcioglu and Giria 0.177 0.45 0.80 0.56 0.729 0.36 0.37 1.03 

51 Saatcioglu and Giria 0.197 0.77 0.76 1.01 0.453 0.62 0.72 1.16 

52 Saatcioglu and Giria 0.157 0.79 0.95 0.83 0.433 0.62 0.72 1.16 

53 Matamoros et al. 0.114 0.30 0.15 1.96 0.274 0.11 0.26 2.42 

54 Matamoros et al. 0.104 0.30 0.16 1.87 0.265 0.11 0.26 2.37 

55 Matamoros et al. 0.102 0.32 0.23 1.38 0.257 0.15 0.28 1.78 

56 Matamoros et al. 0.104 0.32 0.23 1.42 0.250 0.16 0.28 1.76 

57 Matamoros et al. 0.101 0.40 0.28 1.43 0.227 0.20 0.35 1.78 

58 Matamoros et al. 0.100 0.40 0.27 1.49 0.228 0.19 0.35 1.86 

59 Matamoros et al. 0.153 0.27 0.12 2.22 0.303 0.11 0.25 2.30 

60 Matamoros et al. 0.148 0.28 0.13 2.16 0.297 0.11 0.25 2.26 

61 Matamoros et al. 0.116 0.34 0.21 1.59 0.227 0.15 0.30 1.96 

62 Matamoros et al. 0.103 0.34 0.23 1.49 0.214 0.16 0.30 1.89 

63 Matamoros et al. 0.078 0.60 0.32 1.85 0.200 0.24 0.54 2.29 

64 Matamoros et al. 0.078 0.60 0.32 1.88 0.199 0.24 0.54 2.29 

65 Mo and Wang 0.232 0.29 0.35 0.83 0.513 0.27 0.25 0.93 

66 Mo and Wang 0.215 0.32 0.35 0.92 0.489 0.29 0.27 0.96 

67 Mo and Wang 0.226 0.36 0.38 0.94 0.617 0.27 0.31 1.14 

68 Mo and Wang 0.243 0.28 0.32 0.90 0.746 0.21 0.23 1.11 

69 Mo and Wang 0.179 0.33 0.40 0.83 0.655 0.25 0.26 1.06 

70 Mo and Wang 0.240 0.35 0.40 0.89 0.514 0.31 0.31 1.00 

71 Mo and Wang 0.207 0.29 0.33 0.88 0.709 0.21 0.23 1.13 

72 Mo and Wang 0.232 0.31 0.33 0.95 0.560 0.24 0.27 1.10 

73 Mo and Wang 0.285 0.34 0.35 0.97 0.594 0.27 0.31 1.14 

74 Aboutaha and Machado 0.487 0.27 0.12 2.32 0.963 0.11 0.24 2.26 

75 Aboutaha and Machado 0.342 0.32 0.26 1.26 1.094 0.15 0.27 1.80 

76 Aboutaha and Machado 0.394 0.34 0.24 1.40 0.932 0.19 0.30 1.58 

77 Thomsen and Wallace 0.117 0.28 0.20 1.43 0.342 0.13 0.23 1.83 

78 Thomsen and Wallace 0.043 0.46 1.00 0.45 0.150 0.54 0.35 0.65 

79 Thomsen and Wallace 0.100 0.29 0.21 1.39 0.224 0.16 0.25 1.56 

80 Thomsen and Wallace 0.060 0.36 0.52 0.68 0.170 0.34 0.28 0.83 

81 Thomsen and Wallace 0.034 0.49 1.11 0.44 0.114 0.60 0.37 0.61 

82 Thomsen and Wallace 0.130 0.28 0.20 1.41 0.347 0.13 0.23 1.80 

83 Thomsen and Wallace 0.041 0.40 0.77 0.52 0.142 0.38 0.29 0.78 
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84 Thomsen and Wallace 0.031 0.50 1.18 0.42 0.128 0.51 0.36 0.71 

85 Thomsen and Wallace 0.029 0.51 1.22 0.42 0.102 0.63 0.38 0.60 

86 Thomsen and Wallace 0.041 0.46 0.90 0.51 0.129 0.51 0.36 0.72 

87 Thomsen and Wallace 0.038 0.47 1.00 0.47 0.132 0.48 0.36 0.75 

88 Paultre & Legeron 0.296 0.35 0.65 0.54 0.683 0.42 0.30 0.72 

89 Paultre & Legeron 0.427 0.45 0.73 0.61 0.690 0.60 0.42 0.71 

90 Paultre & Legeron 0.345 0.62 0.66 0.95 0.638 0.61 0.59 0.97 

91 Paultre & Legeron 0.210 0.38 0.68 0.55 0.600 0.42 0.31 0.73 

92 Paultre & Legeron 0.252 0.47 0.92 0.51 0.637 0.65 0.41 0.63 

93 Paultre & Legeron 0.276 0.60 0.96 0.63 0.512 0.82 0.56 0.69 

94 Paultre et al. 0.193 0.67 1.25 0.54 0.506 0.87 0.60 0.70 

95 Paultre et al. 0.266 0.67 0.96 0.70 0.597 0.81 0.62 0.78 

96 Paultre et al. 0.307 0.57 0.77 0.74 0.631 0.70 0.53 0.75 

97 Paultre et al. 0.330 0.59 0.69 0.85 0.658 0.65 0.55 0.85 

98 Paultre et al. 0.271 0.90 0.92 0.97 0.514 0.89 0.86 0.96 

99 Paultre et al. 0.315 0.84 0.82 1.02 0.594 0.80 0.80 1.00 

100 Pujol 0.125 0.41 0.32 1.25 0.384 0.20 0.33 1.64 

101 Pujol 0.117 0.41 0.35 1.19 0.407 0.19 0.32 1.72 

102 Pujol 0.158 0.39 0.28 1.39 0.407 0.19 0.33 1.69 

103 Pujol 0.135 0.40 0.33 1.23 0.383 0.20 0.33 1.61 

104 Pujol 0.131 0.41 0.33 1.24 0.407 0.20 0.33 1.65 

105 Pujol 0.103 0.43 0.42 1.03 0.373 0.22 0.33 1.54 

106 Pujol 0.135 0.41 0.33 1.23 0.408 0.21 0.33 1.60 

107 Pujol 0.124 0.42 0.36 1.15 0.409 0.21 0.33 1.60 

108 Pujol 0.084 0.49 0.51 0.95 0.323 0.25 0.37 1.49 

109 Pujol 0.069 0.52 0.62 0.83 0.324 0.25 0.37 1.50 

110 Pujol 0.122 0.41 0.33 1.24 0.354 0.21 0.33 1.59 

111 Pujol 0.103 0.43 0.39 1.09 0.344 0.21 0.33 1.55 

112 Pujol 0.110 0.42 0.35 1.18 0.364 0.20 0.33 1.62 

113 Pujol 0.101 0.43 0.38 1.11 0.368 0.20 0.33 1.63 

114 Kono et al. 0.040 0.56 0.77 0.73 0.126 0.41 0.46 1.12 

115 Takemura and Kawashima 0.083 0.31 0.31 1.00 0.243 0.20 0.22 1.10 

116 Takemura and Kawashima 0.188 0.23 0.16 1.45 0.311 0.15 0.20 1.35 

117 Takemura and Kawashima 0.114 0.28 0.27 1.02 0.271 0.19 0.21 1.13 

118 Takemura and Kawashima 0.092 0.30 0.30 0.99 0.320 0.18 0.20 1.13 

119 Takemura and Kawashima 0.092 0.30 0.31 0.96 0.248 0.20 0.22 1.07 

120 Takemura and Kawashima 0.134 0.26 0.24 1.10 0.289 0.19 0.21 1.11 

121 Nagasaka 0.031 0.63 0.37 1.72 0.098 0.23 0.51 2.27 

122 Ohue 0.091 0.38 0.21 1.79 0.263 0.14 0.31 2.23 

123 Ohue 0.097 0.43 0.25 1.75 0.218 0.19 0.38 2.02 
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124 Ono 0.042 0.48 0.29 1.64 0.118 0.19 0.39 2.07 

125 Lynn 0.198 0.36 0.43 0.84 0.589 0.27 0.26 0.97 

126 Lynn 0.202 0.52 0.66 0.79 0.513 0.44 0.43 0.98 

127 Lynn 0.193 0.36 0.44 0.83 0.538 0.28 0.27 0.94 

128 Lynn 0.323 0.53 0.46 1.16 0.695 0.39 0.48 1.22 

129 Xiao 0.211 0.30 0.16 1.93 0.381 0.13 0.27 2.15 

130 Xiao 0.095 0.42 0.33 1.29 0.296 0.20 0.34 1.74 

131 Sezen  0.273 0.39 0.47 0.83 0.886 0.28 0.31 1.12 

132 Sezen  0.343 0.37 0.36 1.03 0.906 0.26 0.31 1.20 

133 Iwasaki 0.259 0.22 0.42 0.51 1.137 0.16 0.13 0.82 

134 Iwasaki 0.237 0.25 0.51 0.49 0.620 0.35 0.18 0.52 

135 Iwasaki 0.173 0.32 0.61 0.53 0.770 0.23 0.21 0.89 

136 Iwasaki 0.266 0.28 0.37 0.76 0.843 0.22 0.20 0.92 

137 Iwasaki 0.369 0.25 0.38 0.66 0.830 0.23 0.20 0.88 

138 Iwasaki 0.150 0.30 0.34 0.87 0.611 0.18 0.20 1.12 

139 Iwasaki 0.063 0.42 0.74 0.57 0.474 0.19 0.21 1.13 

140 Iwasaki 0.058 0.37 0.42 0.88 0.188 0.23 0.24 1.05 

141 Yalcin 0.067 0.43 0.56 0.77 0.220 0.32 0.30 0.94 

142 Elwood 0.235 0.29 0.26 1.10 0.485 0.24 0.25 1.05 

143 Elwood 0.195 0.41 0.38 1.06 0.586 0.24 0.34 1.43 

144 Verma 0.159 0.34 0.32 1.03 0.390 0.24 0.25 1.06 

145 Saatcioglu 0.228 0.37 0.21 1.77 0.567 0.15 0.34 2.23 

146 Esaki 0.051 0.65 0.64 1.01 0.150 0.36 0.55 1.51 

147 Esaki 0.054 0.48 0.45 1.08 0.171 0.27 0.38 1.42 

148 Esaki 0.039 0.69 0.73 0.94 0.127 0.41 0.56 1.37 

149 Esaki 0.052 0.48 0.47 1.03 0.164 0.30 0.38 1.28 

150 Lynn 0.183 0.57 0.67 0.85 0.516 0.45 0.47 1.04 

151 Lynn 0.284 0.52 0.47 1.10 0.561 0.45 0.46 1.04 

152 Lynn 0.192 0.43 0.55 0.79 0.509 0.38 0.34 0.90 

153 Yoshimura 0.057 0.46 0.50 0.93 0.210 0.25 0.32 1.29 

154 Yoshimura 0.067 0.43 0.41 1.07 0.195 0.25 0.33 1.29 

155 Yarandi 0.005 1.56 7.62 0.20 0.171 0.36 0.30 0.83 

156 Yarandi -0.110 0.35 0.34 1.01 0.070 0.91 0.41 0.45 

157 Pandey 0.070 0.33 0.26 1.26 0.167 0.17 0.27 1.55 

158 Pandey 0.078 0.36 0.50 0.72 0.226 0.32 0.27 0.86 

159 Yoshimura 0.102 0.52 0.57 0.91 0.298 0.31 0.45 1.45 

160 Yoshimura 0.084 0.54 0.55 0.97 0.366 0.27 0.44 1.67 

   Median: 0.95  1.12 

 Lognormal standard deviation: 0.46 0.42 
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D.2     FIBER-SECTION BASED MOMENT-CURVATURE ANALYSES 

D.2.1     Relations to convert moment curvature results to equivalent lateral 

stiffnesses 

To convert moment curvature results to equivalent lateral stiffnesses, the 

following relations were used that account for the softening effects of longitudinal bar 

slip from adjacent foundations or joints: 
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where, 

EIeff: member effective flexural rigidity for a cantilever member of length Ls 

My: moment at first yield (moment when first longitudinal bar yielding occurs or the 

maximum concrete compressive strain reaches 0.002, whichever occurs first) 

ϕy: curvature at first yield corresponding to My 

Ls: shear span taken as  the half of the column clear spans for columns and the half of the 

beam spans for T-beams in the test building 

dbs: longitudinal bar diameter varied from #6 (19 mm diameter) to #11 (36 mm diameter) 
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fy,M: yield stress of flexural reinforcement taken as measured yield stress (370 MPa [53.7 

ksi]) 

τb: mean bond stress along the straight anchorage length of the tension bars outside the 

member length, taken as  in MPa units 

θy,flex.: chord rotation at the yielding member due to flexure 

θy,slip: chord rotation at the yielding member due to slippage of longitudinal bars from 

adjacent anchoring elements 

 

D.2.2     Derivation of effective rigidity equation 

 

 

Figure D-1 – Displacement components of a member. 

Assuming a triangular curvature profile over the shear span of a column 
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D.2.3     Derivation of flexural rotation 

 

Flexural rotation is obtained by integrating the curvature profile. 
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D.2.4     Derivation of bar slip rotation, θy,slip 

Strain penetration depth, lbs 

 

 

Figure D-2 – Bond stress and strain penetration depth of a member. 
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Slip of bars from foundation, Ss 

 

Figure D-3 – Bar slip rotation. 

Slip of bars from foundation is obtained by integrating the strain profile. 
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Neutral axis depth, Cc 

 

 

Figure D-4 – Strain profile of a member. 
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APPENDIX E DETAILS OF ANALYTICAL MODEL USED FOR 

STRENGTH EVALUATIONS AND RECOMMENDATIONS 

 

Pushover analyses on three-dimensional computational models were conducted to 

evaluate the strength of the test building. Columns, beams, and walls were modeled as 

line elements with effective elastic stiffnesses. The reduction factor of 0.3 for beams and 

columns and of 0.5 for walls were used as per ASCE/SEI 41-13. Rotational springs with 

bi-linear moment versus rotation relations were introduced at the ends of all elements to 

simulate flexural yielding of the members (Figure E-1). Moment strengths were obtained 

based on the dimensions and reinforcement details shown in Table E.1. It is noted that 

effective flange widths of beams and slab reinforcements were also taken into account for 

all beam moment strengths. The effective flange widths of exterior beams in the Frame 

Direction, exterior beams in the Wall Direction, and interior beams in the Wall Direction 

were 2,380 mm [93.7 in.], 1,240 mm [48.8 in.], and 1,800 mm [70.9 in.], respectively. 

The diameter of the slab reinforcement was D10 [0.39 in. diameter]. The slab 

reinforcement at top and bottom slab was spaced at 200 mm [7.87 in.]. The number of 

slab top or bottom reinforcing bars within the effective flange width were obtained by 

dividing the effective flange widths of beams by 200 mm [7.87 in.]. Table E.3 shows 

moment strengths obtained using an equivalent rectangular concrete stress block 

approach and fiber-section based moment-curvature analyses.  
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Figure E-1 – Building plan and framing elevations with rotational springs of NIED/E-

Defense shaking table. (Units: mm; 1 mm = 0.039 in.) 
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where, 

E.C1 to E.C4: exterior columns 

I.C1 to I.C4: interior columns 

W1 to W4: shear walls 

F.B2 to F.BR: exterior beams in the Frame Direction 

W.B2 to W.BR: exterior beams in the Wall Direction 

W.I.B2 to W.I.BR: interior beams in the Wall Direction 

 

Table E.1 – Typical dimensions and reinforcement details of members; 1 mm = 0.039 in. 

 
(a) Columns 

 

 
(b) Exterior beams in the Frame Direction 
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(c) Walls 

 

 
(d) Exterior beams in the Wall Direction 

 

 
(e) Interior beams in the Wall Direction 

*Transverse reinforcement layout varies per story 
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Table E.2 – Vertical load distributions as per ASCE/SEI 7 for pushover analyses 

 Frame Direction Wall Direction 

Roof 1.00 1.00 

4th floor 0.70 0.70 

3rd floor 0.47 0.47 

2nd floor 0.23 0.23 

 

 

 
                               (a) Frame Direction                                           (b) Wall Direction 

Figure E-2 – Vertical load distributions as per ASCE/SEI 7 for pushover analyses 
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Table E.3 – Moment strengths of members used in rotational springs 

Axial load

 ratio (%)
DIF (fy) DIF (fu)

M n 

f y,S

M n  

f y,M

M p  

1.25f y,S

M u,no strain   

f y,M

M u,strain  

f y,M

Frame Direction 205 230 234 297 359

Wall Direction 2140 2388 2566 2461 3610

Frame Direction 205 230 234 297 359

Wall Direction 2140 2388 2566 2463 3594

Frame Direction

Wall Direction

Frame Direction

Wall Direction

Frame Direction

Wall Direction

Frame Direction

Wall Direction

Frame Direction 354 382 418 453 520

Wall Direction 347 380 400 446 502

Frame Direction 325 352 389 378 443

Wall Direction 322 352 377 362 436

Frame Direction 358 379 421 390 462

Wall Direction 350 372 403 374 446

Frame Direction 389 418 451 425 503

Wall Direction 377 415 429 415 491

Frame Direction 420 451 480 454 536

Wall Direction 402 443 454 446 516

Positive moment 296 325 365 439 472

Negative moment 561 630 684 633 766

Positive moment 296 321 365 421 441

Negative moment 561 617 684 622 748

Positive moment 305 345 374 431 462

Negative moment 611 689 743 694 838

Positive moment 314 345 383 451 479

Negative moment 659 746 798 753 906

Positive moment 73 81 89 90 99

Negative moment 123 140 149 141 174

Positive moment 95 103 115 111 124

Negative moment 123 136 151 136 168

Positive moment 95 105 115 115 131

Negative moment 123 139 151 140 173

Positive moment 95 105 115 115 132

Negative moment 123 139 151 140 173

Positive moment 149 165 184 198 217

Negative moment 250 282 301 291 347

Positive moment 149 162 184 185 202

Negative moment 250 274 301 283 334

Positive moment 149 165 184 196 216

Negative moment 250 281 301 290 345

Positive moment 146 161 179 196 210

Negative moment 253 285 306 290 346

Shear wall

(Axis A)
1.0

1.55 1.24
Shear wall

 (Axis C)
1.0

1.06

E.C4 0.9

E.C3 2.5

E.C2 2.9

E.C1 

(top)
3.8

E.C1 

(bottom)
3.8

1.24

265 287 317 291 338

246 268 299 295 335

301 325 352 336 420

283 306 335 321 403

I.C1 7.5

1.30 1.08

F.BR 0

1.23 1.06

I.C4 2.2

I.C3 5.2

I.C2 5.8

F.B4 0

F.B3 0

F.B2 0

W.B2 0

1.27 1.12

W.I.BR 0

1.22 1.10

W.BR 0

W.B4 0

W.B3 0

W.I.B4 0

W.I.B3 0

W.I.B2 0
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APPENDIX F DERIVATIONS OF RELATION BETWEEN 

DRIFT-RATIO VELOCITIES MULTIPLIED BY SECTION 

HEIGHT (DRVc h) AND STRAIN RATES 

 

 

* Strain rate proportional to )(
__

  

Figure F-1 – Curvature and curvature rate profiles for member in double curvature 

 

In Figure F-1,  

 : curvature 

y : yield curvature 

p : plastic curvature 

__

 : curvature rate 
__

p : plastic curvature rate 

p : plastic rotation 

p

__

 : plastic rotation rate 

 : lateral displacement 
__

 : lateral displacement rate 

pl : plastic hinge length 
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L : length of a member 

 

 

Considering that the rate of change of plastic curvatures is equal to the rate of change of 

total curvature at member end during inelastic rotations, 
____

p  ,  we have:       

 

 ppp l
____

                                                    Eq.(F.1) 

Lp

____

                                                    Eq.(F.2) 

 

 

Figure F-2 – Strain and strain-rate profile of a member. 

 

Since kCk
C

cpp

c

______
__




 , 

hkc
p

1

__
__ 
                                                     Eq.(F.3) 

 

where, 

h : section height 
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k : factor to convert from average curvature along plastic hinge to peak strain at critical 

flexural crack  

1c : factor converting from section height to Cc  

 

Introducing Eq.(F.3) into Eq.(F.1) 

 

k

l

hc

p
p

1

__
__ 
                                                 Eq.(F.4) 

 

Introducing Eq.(F.4) into Eq.(F.2) 

 

L
k

l

hc

p

1

__
__ 
                                                Eq.(F.5) 

 

Assuming constant pl  and 1c , 

 

))()((

__
__

kch
L


                                             Eq.(F.6) 

 

where, 

c : constant 

 

The bar tensile-to-yield strength (T/Y) ratio and other factors affect the relation between 

 and  or 
__

  and 
__

  due to strain concentration at cracks (k factor 0.1 ) 
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