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Due to their structural efficiency and architectural elegance, concrete arches have 

long been used in bridge applications. However, the construction of concrete arches 

requires significant temporary supporting structures, which prevent their widespread use 

in modern bridges. A relatively new form of arch bridges is the network arch, in which a 

dense arrangement of inclined hangers is used. Network arches are subjected to 

considerably smaller bending moments and deflections than traditional arches and are 

therefore suitable for modern, accelerated construction methods in which the arches are 

fabricated off-site and then transported to the bridge location. However, service-level 

stresses, which play a critical role in the performance of the structure, are relatively 

unknown for concrete network arches and have not been sufficiently investigated in the 

previous research on concrete arches.  

The primary objective of this dissertation is to improve the understanding of 

short-term and time-dependent stresses in concrete arches, and more specifically, 

concrete network arches. The research presented herein includes extensive field 

monitoring of the West 7
th

 Street Bridge in Fort Worth, Texas, which is the first precast 

network arch bridge and probably the first concrete network arch bridge in the world. The 

bridge consists of twelve identically designed concrete network arches that were precast 
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and post-tensioned before they were transported to the bridge site and erected. A series of 

vibrating wire gages were embedded in the arches and were monitored throughout the 

construction and for a few months after the bridge was opened to traffic. The obtained 

data were processed, and structural response parameters were evaluated to support the 

safe construction of the innovative arches, identify their short-term and time-dependent 

structural behavior, and verify the modeling assumptions. The variability of stresses 

among the arches was also used to assess the reliability of stress calculations.  

The results of this study provide valuable insight into the elastic, thermal, and 

time-dependent behavior of concrete arches in general and concrete network arches in 

particular. The knowledge gained in this investigation also has broader applications 

towards understanding the behavior of indeterminate prestressed concrete structures that 

are subjected to variable boundary conditions and thermal and time-dependent effects. 
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Chapter 1: Introduction 

 OVERVIEW 1.1

Due to their structural efficiency and architectural elegance, concrete arches have 

long been used in bridge applications. However, the construction of concrete arches 

requires significant temporary support structures, which negatively affect the economics 

of these structures and limit their application in modern bridges. A relatively new form of 

arch bridges makes use of the network arch, in which a dense arrangement of inclined 

hangers is used instead of typical vertical hangers. The inclined hangers provide a 

relatively uniform shear transfer between the arch elements and therefore, network arches 

are subjected to considerably smaller bending moments and deflections than traditional 

arches. As a result, they are suitable for modern, accelerated construction methods in 

which bridge elements are fabricated off-site and then transported to the bridge location. 

For concrete arches, such a construction scheme is a potential solution to minimize the 

cost of temporary structures. However, service-level stresses, which play a critical role in 

the performance of the structure, are relatively unknown for concrete network arches. The 

stresses in these highly statically indeterminate structures are affected by thermal changes 

and time-dependent effects, which have not been sufficiently investigated in the previous 

research on concrete arches.  

The primary objective of the current dissertation is to improve the understanding 

of short-term and time-dependent stresses in concrete arches, and more specifically, 

concrete network arches. The research presented herein includes extensive field 

monitoring of the West 7
th

 Street Bridge in Fort Worth, Texas, which is the first precast 

network arch bridge and probably the first concrete network arch bridge in the world. The 
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bridge consists of twelve identically designed concrete network arches that were precast 

and post-tensioned at a staging area before they were transported to the bridge site and 

erected. A series of vibrating wire gages were embedded in the arches prior to concrete 

placement and were monitored throughout the construction and for a few months after the 

bridge was opened to traffic. The obtained data were subjected to elaborate post-

processing procedures, and the structural response parameters were evaluated to support 

the safe construction of the innovative arches. The data were also used to identify the 

short-term and time-dependent structural behavior of the arches and to verify the design 

methodology and modeling assumptions. The variability of stresses among the apparently 

identical arches was also used to evaluate the reliability of stress calculations.  

The results of this study provide valuable insight into the elastic, thermal, and 

time-dependent behavior of concrete arches in general and concrete network arches in 

particular. The knowledge gained in this investigation also has broader applications 

towards understanding the behavior of indeterminate prestressed concrete structures that 

are subjected to variable boundary conditions and thermal and time-dependent effects.  

 BACKGROUND 1.2

Arches provide an efficient and aesthetic structural system that primarily resists 

loads through compression. Therefore, concrete is an ideal structural material for their 

application. However, in recent decades, relatively few concrete arches have been 

constructed, mostly due to their time-consuming and costly fabrication, which requires 

elaborate temporary supporting structures. As a result, structural engineers have been 

especially interested in improving construction techniques for concrete arches.  

Precasting is one of the solutions to enhance the quality, economy, and speed of 

construction for concrete arches. Methods such as using prefabricated arches in buried 
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modular structures and segmental construction of arches with precast elements have been 

used. However, prefabrication is a more efficient option if the entire arch can be 

fabricated off-site as a single unit and later erected in place so that the number of 

necessary temporary structures is minimized.  

Network arches are suitable structural systems for this purpose. A network arch is 

a tied arch bridge with inclined hangers, in which each hanger crosses at least two other 

hangers in the plane of the arch. These densely arranged hangers provide a nearly 

continuous shear transfer between the rib and the tie and therefore greatly reduce the 

bending moments and deflections in the arch elements, making them strong and stiff to 

withstand the large demands due to handling operations required for prefabrication.  

The new West 7
th

 Street Bridge in Fort Worth, Texas, which is shown in 

Figure 1.1, is the first precast concrete network arch bridge in the world. Completed in 

2013, this signature bridge consists of twelve identical concrete network arches, each 

weighing approximately 280 tons. The arches were cast on their sides, rotated into the 

vertical orientation, transported to their final locations, and erected. To withstand the 

substantial stresses induced by rotation and transportation, the arches were prestressed in 

both the tie and the rib through multiple stages of post-tensioning.  

This accelerated construction procedure resulted in a minimized time of street 

closure. However, since the precast arches experienced several post-tensioning and 

handling operations, concerns were raised regarding potential damage to the arches 

during construction, especially cracking. Potential cracking of the arches during 

construction could be detrimental to the performance and stability of the finished 

structure and therefore, measures to reduce the likelihood of damage were important for 

the success of the project.  
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Special considerations were made to prevent excessive stresses in the arches 

during construction. Sophisticated nonlinear finite element models of the bridge, capable 

of including time-dependent and staged construction effects, were developed to calculate 

the stresses within the structure due to different construction operations and time-

dependent effects. However, due to significant uncertainty regarding the behavior of this 

innovative structure, a field monitoring study (TxDOT Project 5-5253-3) was initiated to 

evaluate the performance of the arches and ensure their satisfactory construction. 

 

 
Figure 1.1- The new West 7

th
 Street Bridge. 

Monitoring the response of the West 7
th

 Street Bridge was not only critical for the 

successful construction of the bridge, but also extremely valuable in filling the gaps in the 

literature concerning the effects of thermal and time-dependent changes on the in-situ 

stresses in concrete arches and network arches. This study provided the first set of field 

data to identify the short-term and time-dependent behavior of concrete network arches. 
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The West 7
th

 Street Bridge is also believed to be the first concrete tied arch bridge of any 

type that was monitored for time-dependent effects and the first network arch of any 

material that was monitored. Another exceptional opportunity that was provided through 

monitoring this bridge was the possibility to evaluate the variability of stresses in 

indeterminate concrete arches. The twelve concrete arches in this bridge were designed to 

be identical and were fabricated using a consistent construction procedure in which the 

same precision-made steel formwork was used for casting all of the arches and the same 

construction operations were carried out on the arches. Therefore, evaluating the 

differences between stresses in the arches provides insight into the level of uncertainty in 

the magnitude of stresses and further, sheds light on the feasibility of using advanced 

nonlinear analysis tools for predicting the stresses. 

 RESEARCH OBJECTIVES 1.3

The primary objectives of the research outlined in this dissertation, which 

included but were not limited to the objectives of the TxDOT Project 5-5253-3, were as 

follows: 

1. To design and install instrumentation in the arches of the West 7
th

 Street Bridge 

and monitor the instrumentation to record the response of this bridge during 

construction and for a few months after the end of construction so that validation 

information could be provided for computational simulations of future concrete 

arches. 

2. To develop reliable procedures for processing of the strain data obtained from the 

instrumentation of indeterminate concrete structures and use these procedures to 

calculate the stresses in the arches of the West 7
th

 Street Bridge. 
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3. To assist with the construction of the West 7
th

 Street Bridge through providing 

continuous feedback on the observed behavior during construction and notifying 

the construction team in case of impending distress.  

4. To evaluate the structural response of concrete network arches to construction 

loads, thermal effects, time-dependent deformations of concrete, and live loads. 

5. To investigate the variability of stresses among the identical arches used in the 

West 7
th

 Street Bridge and therefore, evaluate the dependability of stress 

calculations for concrete network arches.  

 RESEARCH METHODOLOGY 1.4

The aforementioned objectives were achieved through extensive field activities, a 

series of material studies, and substantial calculation and post-processing efforts. With 

the exception of the field monitoring, which was carried out at the bridge site in Fort 

Worth, all research work was carried out at the Phil M. Ferguson Structural Engineering 

Laboratory (FSEL) located on the Pickle Research Campus at The University of Texas at 

Austin.  

A comprehensive literature review was first conducted on the structural behavior 

of arch bridges, with an emphasis on concrete tied arches and network arches to identify 

the gaps in the literature and find the best strategy for monitoring these structures. 

Moreover, to develop the necessary background for data processing, a study was 

conducted on the numerical procedures for calculating creep and shrinkage effects in 

concrete and interpreting the strain records obtained from monitored concrete structures.  

Vibrating Wire Gages (VWGs) were selected for monitoring the arches. Prior to 

monitoring the first arch, a series of stability tests were conducted on slender post-

tensioned concrete elements, which were instrumented with embedded VWGs. These 
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tests made it possible to evaluate the capabilities of VWGs in controlled laboratory 

experiments and identify the resolution and limitations of these instruments. The results 

of this study provided the researchers, the construction team, and the bridge owner the 

opportunity to gain confidence in the measurements from the instrumentation. 

The bridge was instrumented with a total of 224 VWGs, which were embedded in 

the arches prior to concrete placement. The VWGs were monitored during post-

tensioning, handling, and transportation operations as well as deck construction. They 

were also monitored during a static live load test after the bridge was opened to traffic to 

document the baseline performance of the structure and evaluate the response of the 

arches in the finished bridge, which includes the floor beams and the deck.  

A data acquisition system equipped with wireless communication and remote 

monitoring capabilities was designed and configured for collecting the data with minimal 

interference with construction activities. During active construction operations, the 

VWGs were scanned at a typical rate of once every 150 seconds. Scanning continued 

hourly when no construction activity was in progress to capture the effects of temperature 

fluctuations and time-dependent effects on the structure.  

To evaluate the rate of strength and stiffness gain in the concrete mixture that was 

used in the arches, a material study was conducted at FSEL. Forty-eight concrete 

cylinders were made from the same concrete mixture that was used in the arches and 

were tested to measure the strength and modulus of elasticity. The results of these tests 

were essential in estimating the age-dependent modulus of elasticity, a key parameter in 

converting the strains measured by the instrumentation to stresses. 

The recorded strains were processed using two approaches. In the first approach, 

fluctuations in stresses due to time-dependent volumetric changes of concrete were 

neglected and the impacts of thermal effects were also filtered out. The second approach 
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was to use a numerical step-by-step solution to convert the strain records to continuous 

stress records, in which all stress-related components of strains were considered. The 

step-by-step solution was dependent on a variety of assumptions regarding creep and 

shrinkage. Therefore, the accuracy of these assumptions was evaluated through checking 

the static equilibrium between the internal stresses inferred from the recorded strains and 

the external loads acting on the structure. 

Monitoring the response of this structure during construction made it possible to 

ensure a safe environment throughout construction and to assist the team assembled by 

the contractor with making decisions about modifying construction procedures when 

needed. Moreover, the structural behavior of concrete network arches was successfully 

investigated under large self-weight effects, construction loads, thermal changes, and 

time-dependent effects with a variety of boundary conditions.  

 ORGANIZATION 1.5

This dissertation is divided into nine chapters, including this introduction: 

 Chapter 2 provides background information on concrete network arches 

including an overview of the structural behavior of concrete arches and 

network arches and considerations regarding their design and construction.  

 Chapter 3 presents a brief introduction to time-dependent deformations in 

concrete to provide the background required for developing the numerical 

post-processing procedures and understanding the time-dependent behavior of 

concrete network arches. 

 Chapter 4 introduces the innovative West 7
th

 Street Bridge and the motivation 

for the instrumentation effort.  
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 Chapter 5 provides an overview of the field instrumentation program, 

including the detailed procedure for designing and installing the 

instrumentation.  

 Chapter 6 introduces the material study to obtain the mechanical properties of 

the concrete used in the arches.  

 Chapter 7 describes the post-processing procedures for interpreting the data 

obtained from the instrumentation.  

 Chapter 8 includes the results obtained from processed data and discussions 

regarding the structural behavior of the arches. 

 Finally, Chapter 9 provides a summary of this research and its major findings 

in addition to recommendations for future study. 

This dissertation also includes two appendices: Appendix A includes the design 

drawings for the West 7
th

 Street Bridge, and Appendix B provides the as-built locations 

of the instrumentation within the structure.  
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Chapter 2: Background on the Concrete Network Arch 

 OVERVIEW 2.1

Arches provide a structural system that can efficiently support large loads while 

also lending themselves to excellent aesthetics. Since arches primarily resist loads 

through compression, concrete is an ideal structural material for their application. 

Historically, concrete arches have been widely used in bridge systems. However, 

relatively few concrete arches have been constructed in recent decades, mostly due to the 

high cost of their construction, which usually requires elaborate temporary supporting 

structures.  

To enhance the quality, economy, and speed of construction for concrete arches, 

significant progress has been made in the application of precasting for these structures, 

and methods such as using prefabricated arches in buried modular structures and 

segmental construction of arches with precast elements have been used. However, the 

benefits of prefabrication would be best utilized if the entire arch could be fabricated off-

site as a single unit and later erected in place so that necessary temporary structures are 

minimized. This procedure has been commonly used for the construction of steel network 

arches.  

Network arches can be constructed with slender rib and tie elements, resulting in a 

significant reduction in the weight of the structure and making it suitable for 

prefabrication and later transportation to the final location. All existing network arches 

around the world have been made of steel. However, for the first time, precast concrete 

was used for the construction of network arches in the West 7
th

 Street Bridge in Fort 

Worth, Texas, which is the focus of current dissertation.  
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In order to obtain the technical background on the behavior of concrete network 

arches, a thorough literature review was conducted. While no studies were found 

specifically on concrete network arches, numerous studies address concrete arches and 

steel network arches. A summary of the most notable literature on these two topics is 

presented in this chapter, with a focus on issues that are relevant to the design and 

construction of concrete network arches. An introduction is first provided to concrete 

arches, in which different types of concrete arch bridges and special considerations such 

as stability, construction, and in-situ stresses are discussed. Next, an overview of network 

arches is presented with an introduction to the use of concrete in these systems. In each 

section, after a general introduction to the nomenclature and concepts, a review of 

previous research studies is presented and discussed.  

 INTRODUCTION TO CONCRETE ARCHES 2.2

Application of arches as load carrying structures dates back to ancient times, 

when stone was the primary material of construction. In archeological excavations in the 

Middle East, stone arched vaults were found in structures that belong to the fourth 

millennium BC (Barker & Puckett, 2013). Due to their capability in carrying large loads, 

stone arches were also widely used in ancient bridge applications, great examples of 

which can be found in the masterpieces of Roman engineering such as the Pont du Gard 

in France, built around the middle of the first century (Fiches, 2012). Stone and brick 

arches were also the predominant types of bridges throughout the Middle Ages in Europe 

(Mondorf, 2006).  

Design and construction of arch bridges became much more flexible with the 

introduction of concrete as a low-cost, moldable construction material with considerable 

compressive strength. Plain and reinforced concrete arches were one of the major types of 
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bridges around the world from the late 19
th

 century until mid-20
th

 century (Mondorf, 

2006). Although concrete arches might not be as widely used in modern bridges, they are 

still one of the competing design choices for signature bridges, where architectural 

considerations play an important role in the design. 

The main reason for the popularity of arches has been their load-carrying 

mechanism, which is aptly referred to as arch action. Arches provide a mainly 

compressive path for vertical loads to supports and were therefore ideal choices when the 

available construction materials were weak in tension but strong in compression. In 

addition, arches lend themselves to excellent aesthetics, especially in bridge applications. 

Due to their curved shape and expressive form, arches are considered to be the most 

capable of all bridge types in providing aesthetically pleasing structures (O'Connor, 

1971) and (Xanthakos, 1994).  

Figure 2.1 shows the configuration of typical modern arch bridges and some of 

the pertinent nomenclature. Depending on the location of the deck relative to the arch, 

arch bridges are divided into deck arches and through arches. In deck arches, the deck is 

supported by the arch from below via column-type elements that are called spandrel 

columns or piers. In contrast, in a through arch, the deck is suspended from the arch 

through cables or rods that are called hangers. As shown in the figure, the highest point 

in the arch is referred to as the crown. Moreover, the span of the arch is the horizontal 

distance between the arch supports, and the rise is the vertical distance between the axis 

of the arch at the crown and the line that connects the arch supports (Zhao & Tonia, 

2012) and (Mondorf, 2006).  
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(a) 

 
(b) 

Figure 2.1- Configuration of typical arch bridges. (a) A deck-arch bridge. (b) A through-arch bridge. 

The line along which internal compressive forces flow in an arch is called the 

thrust line. In other words, the thrust line connects the centroids of compressive stresses 

at different sections of the arch. Ideally, the arch should be designed to remain in pure 

compression under permanent loads. Therefore, the centerline of the arch should follow 

the thrust line for these loads. However, permanent loads consist of not only the self-

weight of the arch, but also large concentrated loads that are applied to the arch through 

piers or hangers. As a result, the thrust line abruptly changes direction at the locations of 

these concentrated loads and becomes polygonal. Due to the difference between this 

polygonal shape and the more uniformly curved geometries that are usually used for 
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arches, most modern arches are subjected to bending moments from the self-weight of the 

deck and other sustained loads. These bending moments are especially unfavorable in 

concrete arches, due to the possibility of their magnification over time. However, if the 

loads are more uniformly distributed, i.e., if the hangers or piers are more closely spaced, 

these bending moments can be reduced. It is generally preferred to avoid tensile stresses 

under permanent loads. Therefore, as shown in Figure 2.2, the thrust line under these 

loads should preferably remain in the kern, which for rectangular cross sections, consists 

of the middle third of the arch.  

 

 

Figure 2.2- Conditions of the thrust line and the kern to avoid tensile stresses.  

Adapted from (Mondorf, 2006).  

Since live loads are by nature variable, it is impossible to prevent bending in the 

arch under live loads. However, the compressive stresses due to permanent loads can be 

used to control the total stress level and keep the arch in compression. In other words, 

arches might be viewed as passively prestressed concrete structures that are prestressed 

by the effects of their dead loads. In stone, brick, and unreinforced concrete arches, the 

tensile strength is very small. Therefore, a heavier structure can be beneficial so that the 

Kern

Thrust line



15 

dead loads provide enough pre-compression to compensate for the maximum possible 

tensile stresses due to live loads. The design of reinforced concrete arches is more 

flexible as tensile stresses can be allowed. However, serviceability considerations require 

careful measures to control cracking due to potential tension in these structures. Even 

more flexibility will be provided in the design of concrete arches if prestressing steel 

similar to typical prestressed concrete structures is implemented in these structures. 

In addition to transferring vertical loads to the supports, each arch bridge needs to 

be carefully designed to withstand lateral loads due to wind and earthquakes. The lateral 

load resisting system also provides stability for the arch in the transverse direction. In 

deck arches, a variety of solutions are available for designing the lateral load resisting 

system, such as widening the arches, using inclined arches, or using cross bracing 

between two arches that carry a span. Utilizing these solutions with through-arch systems 

is more challenging. For aesthetic and practical reasons, widening of the arches or 

making them lean on each other face numerous restrictions in through-arch bridges. 

Moreover, the two arches that support the span in a through-arch bridge are normally 

spaced wide apart to accommodate the traffic lanes. As a result, the cross bracing 

elements will be significantly less efficient in these structures. Using very large structural 

elements as cross beams is also not favorable as it would diminish the appearance of the 

bridge. On the other hand, to provide enough clearance for the traffic over the bridge, 

cross braces cannot continue along the full length of through-arch bridges, leaving 

relatively long unbraced segments in the arch.  

An alternative path for transferring the lateral loads in through arches might be 

available, benefiting from the floor beams that are usually required for transferring the 

loads from the deck to the arches. If moment-resisting connections are provided between 
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the floor beams and the arches, a laterally stable structure is present, which resists the 

overturning moments by frame action, as shown in Figure 2.3.  

 

 
(a) 

 
(b) 

Figure 2.3- Using floor beams with fixed connections to provide a lateral-load resisting system.  

(a) Floor beam configuration in a through-arch bridge.  

(b) Frame action between the arches and the floor beam to resist lateral loads. 
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 HINGED AND FIXED CONCRETE ARCHES 2.3

Concrete arches are largely affected by deformations due to elastic shortening, 

creep, shrinkage, support settlements, and temperature changes. These deformations, if 

restrained, may result in significant changes in bending moments and stresses in the 

structure. 

The majority of early concrete arches included three hinges, one at the crown and 

one at each support, to eliminate statical indeterminacy and therefore the sensitivity of 

forces and bending moments in the arch to secondary deformations. However, the lack of 

reserve strength in these structures is unfavorable from a structural reliability standpoint. 

Shallow three-hinged arches are also prone to progressive deformations over time, which 

can potentially lead to a risk of collapse. In these structures, elastic shortening and creep 

effects cause a reduction in the rise of the structure that is considerable compared to the 

original rise. As a result, the static equilibrium of the structure in the deformed condition 

requires a larger thrust in the arch, which results in an even larger elastic and time-

dependent deformation. Without any redundant restraint on the deformations of the 

structure, the deformations can increase progressively and eventually result in the failure 

of the structure. Because of these deficiencies in three-hinged arches, two-hinged arches, 

which include hinges only at their end supports, became popular. These structures are 

less sensitive to secondary moments than hingeless arches, but possess some reserve 

strength.  

Due to economic and constructability reasons, most newly constructed concrete 

arches are fixed, i.e., hingeless. When subjected to non-uniform live loads, fixed arches 

benefit from increased efficiency due to the presence of negative bending moments at 

their supports. Moreover, as discussed in Section 2.5, these structures possess higher 

buckling loads due to their more favorable boundary conditions. As a result, hingeless 



18 

arches can be constructed with more slender elements. On the other hand, in hinged 

arches, the hinges need to transfer large shear forces but no bending moments. Therefore, 

hinged concrete arches are difficult to detail and expensive to fabricate. Moreover, in 

order to confirm the satisfactory performance of the hinges, regular inspection and 

maintenance operations are necessary. Therefore, the elimination of the hinges results in 

significant savings in the initial and life-cycle costs of arch bridges.  

While fixed arches are more efficient structures, they are much more sensitive to 

secondary moments due to restrained deformations. As a result, accurate calculations of 

the secondary deformations and bending moments in fixed arches is essential for 

confirming their satisfactory performance.  

 

 

Figure 2.4-Tied arch. 

 TIED ARCHES  2.4

The axial load-carrying mechanism of arches results in a large horizontal 

component in the arch reaction forces, which requires especially suitable foundation 

conditions. One efficient strategy to overcome this problem is to connect the two ends of 

the arch using a tensile element that is called the tie or the bow string. As shown in 

Figure 2.4, the tie transfers the horizontal thrust between the ends of the arch, and as 

Arch rib

Tie
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such, eliminates the horizontal reaction forces at the supports. The resulting structure is 

called a tied arch. As shown in the figure, in tied arches, the curved element on the top is 

usually referred to as the arch rib. In most tied arches, the tie is combined with the deck 

and is therefore subjected to local bending between hangers due to dead and live loads in 

addition to tensile forces due to the arch thrust. 

Since concrete is weak in tension, the tie element in tied concrete arches is usually 

post-tensioned. The post-tensioning might be conducted in multiple stages along with the 

progress in the construction of the deck so that the additional tensile force due to added 

weight is effectively resisted.  

 STABILITY OF ARCHES  2.5

Arches are mainly compressive elements and are therefore susceptible to in-plane 

and out-of-plane instability, as shown in Figure 2.5.  

 

 

Figure 2.5- Buckling of arches. Adapted from (Mondorf, 2006). 

With the exception of three-hinged arches and very shallow arches, the first in-

plane buckling mode of arches is usually an antisymmetric mode, in which a part of the 

arch moves downward and the other part moves upward, as depicted in Figure 2.5. For 

In-Plane 
Buckling

Out-of-Plane 
Buckling
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practical design applications, the buckling load associated with this mode can be 

estimated using the effective length method, as expressed in Equation (2-1).  

 

𝐻𝑐𝑟 =
𝜋2𝐸𝐼

(𝑘𝑆)2
  (2-1) 

In this equation, 𝐻𝑐𝑟 is the critical horizontal reaction force, 𝑘 is the effective 

length factor, 𝐸𝐼 is the flexural rigidity, and 𝑆 is the curved length of the arch. In non-

shallow arches, reasonable approximations of the buckling load might be obtained by 

using 𝑘 values of 0.35 and 0.55 for fixed and two-hinged arches, respectively (Austin, 

1971) and (Salonga, 2010). The reason for these relatively small effective length factors 

is the antisymmetric buckling mode that governs the stability of arches, as shown in 

Figure 2.6. 

 
Figure 2.6- The effective length factor for two-hinged and fixed arches.  

Adapted from (Salonga, 2010). 

 With the widespread application of the finite element method, more accurate 

estimates of the elastic buckling load of arches can be easily obtained through the second-

order analysis of arches in the commercial structural analysis software. Therefore, no 

further discussions of the effective length factor are provided in this section.  

In tied arches, in-plane buckling is largely affected by the interaction between the 

rib and the tie due to hangers. As long as the hangers remain in tension, the potential 

k = 0.50 k = 0.35

Two-Hinged Arch Fixed Arch

𝐻 𝐻 𝐻 𝐻
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second-order deformations of the rib are accompanied by deformations in the tie, which 

are approximately equal to the vertical displacement of the rib. On the other hand, static 

equilibrium requires that the tensile force in the tie be equal to the horizontal component 

of the compressive force in the rib. As a result, a restoring moment is produced in the tie, 

which is equal to the de-stabilizing moment produced by the horizontal component of the 

compressive force in the rib.  

A substantial body of literature, such as Nettleton (1977) and Mondorf (2006), has 

been based on the assumption that this restoring effect makes the in-plane buckling mode 

impossible in tied arches. However, this reasoning appears to be insufficient. As 

theoretically shown by Nair (1986), tied arches are still prone to in-plane instability since 

vertical hangers are not effective in restraining the horizontal movement of the rib. Finite 

element simulations of tied arches also show that overall buckling modes are possible in 

these structures, as shown in Figure 2.7. However, the restoring moment due to the 

presence of the hangers results in a significant increase in the in-plane buckling load of 

tied arches. The beneficial effect of the restoring moment is the largest for arches with 

large span-to-rise ratios. For tied arch bridges with no hangers, the stability problem is 

the same as that of non-tied arches with horizontal springs at the supports, as investigated 

analytically and experimentally by Bradford, Wang, Pi, and Gilbert (2007). 

 

 

 

Figure 2.7- The first in-plane buckling mode in a typical tied arch. 
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Out-of-plane instability, however, is a serious concern for tied arches. As 

mentioned in Section 2.2, there are several limitations on the efficient application of 

lateral load resisting systems for through-arches. Tied arches face all of those limitations 

but since they are not fixed at the supports, their boundary conditions are less desirable 

than other types of through-arches. As a result, the design of tied arches for lateral loads 

and lateral stability is critical, especially when lateral stability is provided via floor beams 

instead of top bracing.  

The out-of-plane stability of arches has been investigated analytically and 

experimentally by several researchers, including Stüssi (1943), Godden (1954), Kee 

(1959), and Tokarz (1968). More recently, la Poutré (2004) investigated this problem 

numerically and experimentally, with a focus on roller-bent free standing steel arches. 

Among these studies, Godden’s work might be the most relevant to the discussions in the 

current dissertation and is therefore briefly introduced herein.  

Godden (1954) conducted an extensive study on the elastic out-of-plane stability 

of tied arches with no top lateral bracing. He demonstrated that out-of-plane movement of 

the arch results in tension in the hangers, which apply a restoring force to the rib and 

therefore increase the buckling load. As a result, neglecting the presence of hangers in the 

stability calculations results in significant underestimation of the out-of-plane buckling 

load for tied arches. Godden developed analytical solutions for this problem assuming 

different boundary conditions for the rib and conducted a series of tests on model steel 

arches to verify the solution. The experimental results, which were in good agreement 

with Godden’s analytical solution, showed a significant increase in the out-of-plane 

buckling load because of hangers. In fact, the stabilizing effect of hangers was found to 

be much larger than the effect of adding a lateral support to the arch rib at midspan.  
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In concrete arches, cracking and time-dependent deformations might have 

substantial effects on the second-order behavior. Therefore, the in-plane and out-of-plane 

stability of concrete arches is a much more complicated problem. Cracking, which is 

generally expected to happen in reinforced concrete structures, might result in a 

significant loss of stiffness and hence reduce the buckling load of concrete arches. On the 

other hand, under sustained loading, concrete arches continue to deform due to creep, 

which can be simulated as possessing a reduced effective stiffness to resist buckling 

under permanent loads.  

As a research topic, the time-dependent stability of concrete arches has been 

investigated in only a few studies. Perhaps the most notable of these studies is the work 

by Wang, Bradford, and Gilbert (2006). They used an age-adjusted modulus of elasticity 

for incorporating creep deformations in equilibrium equations and developed a theoretical 

solution for the buckling load of shallow parabolic concrete arches. To validate this 

solution, they also conducted long-term tests on three small-scaled shallow concrete tied 

arches with no hangers. The arches had a large span-to-rise ratio of 25, and were 

subjected to sustained uniformly distributed vertical loads. All of the arches failed due to 

creep-induced instability after several months. The researchers concluded that the effects 

of time-dependent deformations of concrete must be considered in the design of concrete 

arches, especially if they are shallow.  

Due to the complicated nature of cracking and time-dependent deformations and 

the significant range of uncertainty in the governing parameters, accurate estimates of the 

buckling load for concrete arches is often unavailable for practical design, and a large 

factor of safety is usually used (Mondorf, 2006). 
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 CONSTRUCTION OF CONCRETE ARCH BRIDGES 2.6

From a design perspective, concrete arch bridges can be especially problematic 

during construction. Despite being efficient in carrying large loads in their completed 

form, incomplete arches cannot benefit from arch action and are therefore subjected to 

substantial bending moments if not properly supported. Therefore, a variety of temporary 

supporting techniques have been implemented for the construction of concrete arches.  

 

 

  

(a) Grafton Bridge (opened 1910). 

Auckland, New Zealand.  

(b) Covered Bridge (opened 2011). 

Norridgewock, Maine. 

 

(c) Spanish Creek Bridge (opened 2012). 

Keddie, California. 

Figure 2.8- Using falsework for the construction of concrete arch bridges. Image sources:  

(a) The Fletcher Trust Archive. (b) Kleinfelder. (c) Associated General Contractors of California. 
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Historically, the most common method for supporting concrete arches during 

construction was using timber falsework (Nettleton, 1977), an example of which is shown 

in Figure 2.8 (a). Due to substantial costs and the required carpentry skills, timber 

falsework is rarely used today (Mondorf, 2006). However, making falsework out of steel 

elements is common in the construction of modern arch bridges, as shown in Figure 2.8 

(b) and (c). Regardless of the material used in the falsework, this construction method is 

highly time consuming and labor intensive and results in a significant amount of 

disposable materials. Moreover, this method requires special arrangements for uniform 

detachment of the arch from the falsework at the end of construction to avoid undesirable 

bending stresses.  

 

 
Figure 2.9- Cantilever construction of the Hoover Dam Bypass Bridge (opened 2010). 

Image source: (Stark, 2009).  

Freyssinet was a pioneer at using the cantilever method for fabricating concrete 

arches in the early 1950s (Mondorf, 2006). Over the following years, a variety of 

cantilever construction methods were developed and extensively used around the world 

to build sizeable arch bridges such as the Hoover Dam Bypass Bridge, which is shown in 

Figure 2.9. As shown in this figure, in cantilever construction, the arch is supported via 
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temporary stay cables instead of scaffolding. As a result, the time required for fabricating 

the arch and the amount of throw-away materials is significantly reduced. However, 

cantilever construction usually requires the construction of temporary pylons and rock or 

concrete anchors for supporting the stay cables. 

Concrete arches are sometimes fabricated using bascule construction, which is 

also sometimes referred to as the rotation method. In this method, half-arches are first 

constructed vertically, during which they are supported via temporary stay cables. 

Casting the half-arches is performed using slip forms, resulting in a significant reduction 

in construction time. Once both half-arches are fabricated, they are rotated around hinges 

at their supports to arrive into their final positions. Closures are then cast at the hinges 

and the crown. An example of this construction method is schematically depicted in 

Figure 2.10. 

 

 

 

Figure 2.10-Bascule construction of arches in the Argentobel Bridge, Germany, opened in 1986 

(Mondorf, 2006). 

  

492 ft

267 ft
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To enhance the quality, economy, and speed of construction, precasting has also 

been utilized in the fabrication of concrete arches. Buried arch bridges with spans up to 

approximately 100 𝑓𝑡 have been frequently constructed using prefabricated segments that 

are placed side-by-side, as shown in Figure 2.11. The cross section of the arches in this 

system might consist of one precast arch or two precast half-arches.  

 

  
(a) Precast segments. (b) Erection of precast segments. 

Figure 2.11- Using precast segments in the construction of a buried arch structure supporting US 395 

over BNSF railroad track, Spokane, Washington (Washington State Department of Transportation). 

 

Precast elements have also been used in the segmental construction of concrete 

arch bridges, notable examples of which include the Natchez Trace Parkway Bridge in 

Tennessee (opened 1994) and the Fulton Road Bridge in Ohio (opened 2010), both 

shown during construction in Figure 2.12. In this construction method, the arch is post-

tensioned for continuity and controlling the stresses during construction. The design 

might also benefit from post-tensioning in the finished bridge to optimize the stress 

condition under live loads (Baxter & Balan, 2008). 
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(a) 

 
(b) 

Figure 2.12- Precast segmental construction of concrete arches. (a) The Fulton Road Bridge (Fulton 

Road Bridge Construction, 2009). (b) The Natchez Trace Parkway Bridge (Figg, 2008).  

While significant progress has been made in each of the aforementioned methods, 

the construction requirements of concrete arches are still considered an obstacle to their 

widespread use. Over the past 50 years, there has also been tremendous progress in the 

construction of other concrete bridge systems such as precast, pretensioned girder bridges 

and cable-stayed bridges, both of which generally require no substantial supporting 

structures during construction. The faster and cheaper construction of these systems has 

resulted in a significant reduction in the number of concrete arches built around the world 

(Salonga, 2010) and (Mondorf, 2006). Therefore, improving construction techniques for 

concrete arches is essential for benefitting from this efficient, aesthetic structural form in 

future bridges.  

 IN-SITU STRESSES IN CONCRETE ARCHES 2.7

Historically, reinforced concrete arches were designed based on their service-level 

stresses and therefore, calculating the stresses was of critical importance in the design 

process. Since most concrete arches are statically indeterminate, time-dependent 

volumetric changes and thermal effects result in significant stress changes in these 
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structures. Moreover, the presence of a large axial force in arches results in second-order 

in-plane and out-of-plane deformations and can magnify the time-dependent 

deformations. On the other hand, concrete arches are often fabricated using staged 

construction procedures, which result in considerable redistribution of stresses in these 

structures during construction. These effects make tracking of in-situ stresses in concrete 

arches very complicated. As a result, estimating the magnitude of in-situ stresses and the 

uncertainty in predicting the stresses have been topics of research since at least the early 

20
th

 Century, as noted in (Whitney, 1932) and (ASCE, 1935). 

One of early studies on the magnitude and variability of stresses in concrete 

arches was conducted by Hardy Cross (1930). Cross conducted a series of parametric 

linear elastic analyses on concrete arches to evaluate the effects of variations in the 

modulus of elasticity of the concrete (𝐸𝑐) in different sections of the arch on bending 

moments and axial forces. The range of variability in bending moments was observed to 

be as large as that in 𝐸𝑐. However, more than 50% of stresses were from the axial thrust 

due to dead loads, which were not variable. As a result, Cross concluded that under 

known loading conditions, the variability in 𝐸𝑐 does not result in a significant uncertainty 

in the magnitude of stresses in arches. The significance of this study was Cross’s 

emphasis that engineers should be aware of the range of uncertainty in stresses before 

they can rely on their calculations for concrete arches.  

Whitney conducted a very comprehensive investigation of service-level stresses 

in concrete arches in 1932. He compiled the results of numerous theoretical 

investigations, laboratory experiments, and field studies to develop a method for 

estimating the stresses in concrete arches considering the effects of creep, shrinkage, and 

temperature changes. Whitney observed that while live load stresses can be determined 

with good accuracy, estimating the effects of shrinkage strains and thermal changes can 
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be very complicated. Moreover, he highlighted the complexity of converting the strains 

measured in field studies to stresses because of difficulties in separating thermal, 

shrinkage, and creep strains from elastic strains. Based on the results of previous material 

studies, Whitney calculated the reduction in deformation-induced stresses due to 

restrained time-dependent deformation of concrete in arches and investigated the 

phenomenon currently known as relaxation. He concluded that although shrinkage strains 

and temperature conditions at the time of construction can result in significant changes in 

concrete stresses in early ages, most of these stress changes diminish over time due to 

relaxation. The discussions of time-dependent deformations in concrete in this study were 

also influential in motivating the general research on concrete creep in the following 

decades.  

In a 1940 report by the ACI Committee 312, which was also chaired by Whitney, 

the uncertainty in predicting the stresses in concrete arches was emphasized. The 

following quote indicates the extent of uncertainty that was expressed in this report: 

 

 “Because of the large number of indeterminate factors involved, it 

has become apparent that it is impossible to predict the unit 

stresses in an arch rib with any degree of accuracy.” 

 

The report finally concluded that using service-level stresses was not a reliable 

method for designing concrete arches and these structures should be designed based on 

their ultimate strength according to the Whitney stress block, which had just been 

introduced.  

Today, the strength design method is the prevalent approach to designing 

reinforced concrete structures, including concrete arches. However, serviceability and 
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durability considerations often require careful measures to minimize the risk of 

undesirable cracking and controlling the width of cracks. These measures include 

limitations on the magnitude of service-level stresses and on reinforcement detailing. On 

the other hand, for arches that are sensitive to second-order effects, the loss of stiffness 

due to cracking can reduce the load-carrying capacity and hence affect the strength of the 

arch. Therefore, calculating the stresses in concrete arches is still a problem of interest, 

especially in innovative structures where a successful precedent cannot be used as the 

reference. 

With the increasing popularity of structural health monitoring techniques in recent 

years, numerous researchers have conducted short-term field studies on concrete arches 

to evaluate their live load response and dynamic response parameters. Examples of these 

studies include modal analysis of the Aare Bridge in Switzerland (Deger, Cantieni, & 

Pietrzko, 1994), dynamic monitoring studies on the Infante Henrique Bridge in Portugal 

(Magalhães, Cunha, & Caetano, 2008) and ambient vibration testing of the Ali Çetinkaya 

Bridge in Turkey (Türker & Bayraktar, 2014). While such studies are very valuable for 

structural identification and damage detection purposes, they do not consider the 

parameters that have the largest impact on the magnitude of in-situ stresses in concrete 

arches, namely temperature changes, staged construction effects, and time-dependent 

volumetric changes of concrete. These effects have been investigated only in a small 

number of studies, notable cases of which are presented below.  

Inaudi et al. (2001) monitored the Siggenthal Bridge in Switzerland during 

construction and part of the service life. The bridge is a deck-arch bridge with a span of 

384 𝑓𝑡 and was instrumented using long-gage fiber optic deformation sensors, 

inclinometers, and temperature sensors. The focus of the instrumentation effort was on 

the effects of temperature changes, staged construction, and formwork removal. It was 
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noted that curvatures and displacements due to daily thermal cycles can be as large as 

those due to dead loads. However, very limited quantitative information was reported on 

the magnitude of stresses or the effects of time-dependent behavior of concrete.  

Au, Wang, and Liu (2003) studied tie-back forces during the cantilever 

construction of concrete arches that consist of precast segments. The researchers 

developed a matrix calculation procedure for finding the required forces in the tie-backs 

to keep the stresses in the arch rib within acceptable limits and provide the desired 

geometric profile for the arch. They also implemented this procedure to calculate the tie-

back forces in the Modong Hongushi Arch Bridge in China, a deck-arch bridge with a 

span of 591 𝑓𝑡, which was monitored during construction. Surface-mounted strain gages 

were used to monitor the stresses in the concrete while ambient vibration methods were 

used to estimate the forces in the tie-backs. The calculation procedure was reported to be 

successful in estimating tie-back forces and stresses that were measured in the structure. 

However, neither the proposed calculation procedure nor the field monitoring study 

included any consideration of thermal effects or time-dependent changes, which can have 

considerable effects on the stresses.  

James and Karoumi (2003) conducted a monitoring study on the Svinesund 

Bridge in Sweden, a reinforced concrete arch bridge with a span of 810 𝑓𝑡 that was 

fabricated using the cantilever method. The bridge was instrumented using embedded 

vibrating wire gages, resistance-based strain gages, accelerometers, and temperature 

gages. The instruments were monitored throughout the construction to evaluate the 

structural behavior of the arch and to verify the design assumptions. Monitoring was also 

continued for several years after the bridge was opened to traffic. As a result of the 

instrumentation effort, a significant amount of raw strain and acceleration data was 

reported from the bridge during construction and several years of the service life 
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(Karoumi, 2009). Canovic and Goncalves (2005) used the reported data from the 

Svinesund Bridge to model the response of the arch during construction. They simulated 

the time-dependent behavior of concrete using a simplified viscoelastic material model 

and developed models of the arch in the finite element program Abaqus. While the 

models were partially successful in capturing the trends of strain changes in the structure, 

numerous discrepancies were observed between the output of the final models and field 

measurements. At the end of construction, the Svinesund Bridge was also subjected to 

static and dynamic live load tests using eight trucks, each weighing approximately 

55 𝑘𝑖𝑝𝑠. These tests showed that live loads had a significant effect on the forces in the 

hangers but caused very small strain changes in the arch. It was also highlighted that the 

effects of daily thermal changes were much larger than those of the live loads and 

governed the strain changes in the arch rib (Karoumi & Andersson, 2007).  

Fafach et al. (2004) investigated the response of the Castlewood Canyon Bridge 

in Colorado, which is a concrete deck-arch bridge with a span of 232.5 𝑓𝑡. The bridge 

was retrofitted and was then instrumented using surface-mounted strain gages, 

temperature sensors, and corrosion sensors. The data showed that the strain changes due 

to thermal variations were more significant than the effects of live loads on the bridge.  

Miranda (2006) conducted a monitoring study on the Traneberg Bridge in Sweden 

during the retrofitting process. The Traneberg Bridge is a reinforced concrete deck-arch 

bridge with a span of 594 𝑓𝑡, which was built in 1934. The bridge was instrumented 

using long-gage fiber optic sensors and thermocouples to evaluate the structure’s 

response during unloading and reloading. The unloading condition happened when the 

old deck and piers were demolished, whereas the loading condition occurred when the 

new piers and deck were constructed. A numerical calculation method was developed 

based on the simplifying assumption of uniform temperature in the arch, and bending 
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moments and axial loads due to uniform temperature changes were calculated. By 

subtracting these numbers from the total measured bending moments and axial loads, the 

effects of loading on the structure were calculated and compared to the results predicted 

from a structural analysis. Reasonable agreement was observed between the predicted 

response of the structure and the measured response that was found using the 

aforementioned method. However, some important discrepancies were still present, 

which could not be resolved. 

Duan, Li, Xiang, and Chen (2010) studied the data collected from a reinforced 

concrete tied-arch bridge in China to identify the relationship between temperature 

changes and stresses in the structure. The monitored arch bridge had a span of 235 𝑓𝑡 and 

had been in service for 12 years before the start of the instrumentation. The data were 

collected during one year from a series of Fiber Bragg Grating (FBG) strain sensors, FBG 

temperature sensors, accelerometers, and displacement transducers. Significant stress 

changes were reported due to daily and seasonal temperature changes in the structure. 

Since the structure was 12 years old, the time-dependent volumetric changes of concrete, 

i.e., creep and shrinkage, were not noticeable. As a result, a case-specific linear 

correlation was successfully developed between temperatures and stresses, which could 

be used for excluding the thermal effects from total stress changes to detect potential 

damages. 

In summary, after a comprehensive literature review, it was found that previous 

monitoring studies on concrete arch bridges have had a limited scope or limited success 

in evaluating the magnitude of in-situ stresses. Moreover, no previously published studies 

were found on the time-dependent behavior or construction response of concrete tied- 

arches of any type. Therefore, despite significant progress in analytical tools and the 

availability of numerous structural health monitoring tools, estimating or even measuring 
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the service-level stresses in concrete arches remains a challenging problem that requires 

additional investigation. 

 NETWORK ARCH BRIDGES 2.8

2.8.1 Introduction 

In a tied-arch bridge with vertical hangers, the rib and the tie are subjected to 

considerable bending moments. As discussed in Section 2.2, due to the difference 

between the polygonal shape of the thrust line and the curved geometric profile of the 

arch, bending moments and shear forces are inevitable in the arch rib, even under 

uniformly-distributed loads. Similarly, the tie is subjected to bending moments and shear 

forces between the hangers. Non-uniform loading, which might occur due to traffic loads, 

induces larger bending moments and deflections compared with uniform loading. As 

shown in Figure 2.13 (a), the arch will be subjected to relatively large sagging moments 

in the regions under load and similarly large hogging (negative) moments in other 

regions. This condition is not favorable, because for the efficient use of materials, the 

design of the rib and the tie should be governed by the maximum loads on the entire span 

rather than smaller loads that are distributed over a small length of the span.  

In 1926, Octavius F. Nielsen introduced and patented tied-arch bridges with 

inclined hangers, which are often referred to as Nielsen bridges. As shown in Figure 2.13 

(b), the rib and the tie in this system are subjected to smaller bending moments and 

deflections under non-uniformly distributed live loads and are therefore much more 

efficient. As a result of this increased efficiency, steel and reinforced concrete Nielsen 

bridges became very popular around the world, especially in the period between the two 

world wars (Tveit, 2014) and (Mondorf, 2006).  
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Deformation: Uniform Dead Loads Bending Moments: Uniform Dead Loads 

  
Deformation: Live Loads on the Left Half-Span Bending Moments: Live Loads on the Left Half-Span 

(a) Arches with vertical hangers. 

  
Deformation: Uniform Dead Loads Bending Moments: Uniform Dead Loads 

  
Deformation: Live Loads on the Left Half-Span Bending Moments: Live Loads on the Left Half-Span 

(b) Nielsen arches. 

  
Deformation: Uniform Dead Loads Bending Moments: Uniform Dead Loads 

  
Deformation: Live Loads on the Left Half-Span Bending Moments: Live Loads on the Left Half-Span 

(c) Network arches. 

Figure 2.13-Deformations and bending moments in tied arches with different hanger arrangements. 

(The same scale is used for plotting the diagrams and deformed shapes in all figures).  
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In most Nielsen bridges, the hangers do not cross each other. However, in some 

variations of this system, the hangers might cross each other once, as shown in 

Figure 2.14. Examples of Nielsen bridges of this type include the Depot Street Bridge in 

Oregon (opened 2006) and the Osthafen Bridge in Germany (opened 2013). 

 

 
Figure 2.14-A Nielsen bridge with crossing hangers. 

One of the important drawbacks of the Nielsen bridge system is its nonlinear 

response under large traffic loads. In fact, the bending moment diagrams shown in 

Figure 2.13 (b) are based on the assumption that all hangers remain in tension. With the 

increasing traffic demands on bridges and the desire to reduce the dead loads, this 

assumption is less likely to be valid. Under large, non-uniform live loads, some hangers 

might be subjected to compression and therefore relax, resulting in a significant reduction 

in the efficiency of the structure. An example of this condition is shown in Figure 2.15, in 

which the dashed lines show the relaxed hangers. It is possible to increase the load on the 

hangers by increasing the distance between the nodal points, i.e., points at which the 

hangers intersect the rib and the tie. However, this approach results in an increase in 

bending moments and therefore reduces the efficiency of the Nielsen arch.  
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Figure 2.15- Relaxation of hangers in a Nielsen bridge under large, non-uniform loads. 

Inspired by Nielsen bridges, Per Tveit introduced network arches in 1959. 

According to Tveit’s definition, a network arch is a tied-arch bridge with inclined 

hangers, in which some hangers cross at least two other hangers in the plane of the arch 

(Tveit, 2014). An example of the hanger arrangement in a network arch is shown in 

Figure 2.13(c). As can be seen in this figure, a network arch resembles a series of Nielsen 

bridges that are placed on top of each other. The resulting structure is a highly efficient 

arch bridge with very small bending moments and deflections. In a carefully designed 

network arch, bending moments are expected to be smaller than in trusses (Tveit, 2007). 

The world’s first network arch bridges were constructed in the early 1960s, which 

included the Steinkjer Bridge and the Bolstadstraumen Bridge in Norway and the 

Fehmarn Sound Bridge in Germany, with span lengths of 262 𝑓𝑡, 275 𝑓𝑡, and 814 𝑓𝑡, 

respectively. In the following years, a few other network arches were built in Japan. 

However, the majority of existing network arches around the world were constructed 

after 2000, notable examples of which are provided in Table 2.1. The relatively long 

delay between the introduction of network arches and their widespread application was 

most probably due to a lack of communication (Brunn & Schanack, 2003) and (Varennes, 

2011). The Fehmarn Sound Bridge and a number of recently constructed steel network 

arches are shown in Figure 2.16. 
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Table 2.1-Examples of recently constructed steel network arches. 

Bridge Country 
Arch Span 

Length(ft) 

Year 

Completed 

Bugrinsky Bridge Russia 1247 2014 

Troja Bridge Czech Republic 657 2014 

Lake Champlain Bridge USA 480 2011 

Brandangersundet Bridge Norway 722 2010 

Flora Bridge Germany 435 2010 

Blennerhassett Island Bridge USA 878 2008 

Palma del Río Bridge Spain 427 2008 

Providence River Bridge USA 400 2007 

Network arches offer significant advantages over other types of tied-arch bridges, 

to the extent that some prominent bridge designers suggest network arches should replace 

arches with vertical hangers as the standard type of tied-arch bridges (Zoli, 2012). The 

dense arrangement of inclined hangers in these structures provides a nearly continuous 

shear transfer between the rib and the tie. Therefore, a network arch behaves similarly to 

an integral, simply supported beam, in which the rib and the tie take the roles of the 

compression and tension flanges, respectively. The shear force is transferred through the 

hangers and the vertical component of the axial force in the rib. As a result, even under 

non-uniform loading conditions, the primary action of all arch elements is axial force. If 

some of the hangers relax, there are many remaining hangers to provide a relatively 

uniform load transfer between the tie and the rib without causing large bending moments 

in these elements. Due to increased redundancy, network arches also possess a much 

better integrity for redistribution of forces if local damage such as the loss of one or more 

hangers occurs.  

Since the nodal points are closely spaced in network arches, the in-plane buckling 

load of network arches is generally much larger than comparable arches with vertical 

hangers or Nielsen arches (Larssen & Jakobsen, 2011). As a result, the load-carrying 
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capacity of network arches is almost never governed by in-plane buckling, which makes 

it possible to use extremely slender elements in the rib. A notable example is the 

Brandangersundet Bridge (Figure 2.16 (d)), which is believed to be the world’s most 

slender arch bridge (Tveit, 2014). From an aesthetic standpoint, such slender network 

arches fit well in applications where the presence of the bridge should not disrupt the 

landscape. 

Network arches have been constructed using a variety of geometric profiles, deck 

types, and hanger arrangements. The profile of the arch rib might be circular or parabolic, 

or a combination of the two shapes. A circular shape is usually easier to fabricate and is 

therefore preferred (Varennes, 2011). In a typical network arch, the tie might be made of 

steel or integrated into a prestressed concrete slab. When the bridge is designed for heavy 

loads and the arches supporting the span are spaced wide apart, the design of the bridge 

deck in the transverse direction becomes more critical. In these conditions, transverse 

floor beams are usually used. The hangers may be cables or rods and are usually made 

from high strength steel. They might be used in a variety of configurations with a 

constant slope or variable slopes to optimize the behavior of the arch, as discussed in 

Section 2.8.2. 

Due to the light weight of steel network arches, they lend themselves to 

accelerated construction procedures. It is very common to assemble the whole steel 

skeleton together with parts of the deck in a temporary construction site and transport the 

span into the position later. Examples of this construction procedure are shown in 

Figure 2.17. A typical construction sequence for network arches begins with assembling 

the tie element and the deck on temporary shoring. In the next step, another temporary 

structure is constructed on the deck to support the arch rib segments. Once all rib 

segments are erected and properly connected, the hangers are installed and stressed as 
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needed. Finally, if the arch is fabricated in a temporary construction site, it is transported 

to the final location and erected.  

 

 

 
(a) The Fehmarn Sound Bridge, Germany. 

Image source: (Hansen, 2014). 

 
(b) The Providence River Bridge, RI, USA. 

Image source: (Nickerson, 2010). 

 
(c) The Blennerhassett Island Bridge, WV, USA. 

Image source: (WVDOT, 2015). 

 
(d) The Brandangersundet Bridge, Norway. 

Image source: (Larssen & Jakobsen, 2011). 

 
(e) The Lake Champlain Bridge, NY, USA. 

Image source: (Arthur, 2011). 

 
(f) The Troja Bridge, Czech Republic. 

Image source: (ŠJů, 2014). 

Figure 2.16- Examples of steel network arches. 
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To achieve the desired forces in the hangers, a detailed stressing sequence is often 

developed, which is based on finite element simulations of the network arch and usually 

requires multiple rounds of adjusting the hanger forces during construction (Smit, 2013). 

However, due to the relatively high level of static indeterminacy in these structures, the 

resulting stresses in the arch are highly dependent on the modeling assumptions, 

especially those related to construction imperfections and temperature conditions.  

 

 
(a) Lake Champlain Bridge. 

Image source: (VTrans, 2011). 

 
(b) The Brandangersundet Bridge. 

Image source: (Stølsvatnet, 2010). 
Figure 2.17-Final erection of network arches following off-site construction. 
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2.8.2 Previous Studies on Network Arches 

Tveit, who developed the idea of network arches for the first time, has 

undoubtedly contributed the most to promoting this structural system, identifying its 

behavior, and optimizing its design and construction. He has made most of his findings 

and recommendations for the design and fabrication of network arches publicly available 

on his website (Tveit, 2014).  

According to Tveit, an optimal network arch has a steel rib and a concrete tie. 

Due to small bending moments and a short effective length, the rib can be constructed 

using wide flange sections. The tie can be as simple as a slab spanning between the two 

arches, which is prestressed longitudinally via tendons embedded in the edge regions. If 

the two arches supporting the span are spaced wide apart, transverse prestressing can also 

be used. Such a bridge would be best suited for spans approximately between 200 and 

600 𝑓𝑡 (Tveit, 2010) and may save between 50% and 75% of the weight of steel when 

compared to the other types of steel bridges (Tveit, 2007).  

Other than the weight of steel, Tveit highlights other benefits for steel network 

arches, including their architectural appeal, shorter required weld lengths, smaller 

exposed surfaces, and simpler erection. As a result of his firsthand experience with 

several network arches, Tveit has also developed efficient fabrication and erection 

schemes for these structures. 

To prove the outstanding material savings offered by network arches, Tveit has 

carried out designs of alternative network arches for several existing tied-arch bridges 

and compared the bending moments and required steel weight in the alternative designs 

with the existing structures. An example of these comparisons is shown in Figure 2.18. 

As can be seen in this figure, a significant reduction in bending moments is evident in 

network arches compared to their non-network arch counterparts. Figure 2.18 also 
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provides valuable insights into the difference in the characteristic behavior of network 

arches as compared to tied arches, especially that the effects of concentrated loads are 

more localized in network arches. Similar observations have been reported by Tveit for 

all of his other comparative studies. 

 

 
Figure 2.18- Influence lines for bending moments in a proposed network arch, compared to an 

existing arch bridge with vertical hangers. Adapted from (Tveit, 2014). 

Tie, midspan

Rib, quarter point

Tie, quarter point

Proposed Network Arch

Existing ArchRib, midspan
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In recent years, other researchers have tried to investigate the behavior of network 

arches through analytical studies and parametric finite element simulations. In the 

following paragraphs, a brief overview of notable recent studies on this structural system 

is provided.  

Brunn and Schanack (2003) conducted a parametric study to maximize the 

efficiency of network arches for railway applications. They investigated a number of 

hanger configurations for network arches and tried to find the optimal parameters for 

each configuration. The first approach was to keep the distance between the nodal points 

on the rib constant and use parallel hangers in the middle portion of the span but use a 

fixed increment to increase the distance between the nodal points on the tie in the outer 

portions of the span, as shown in Figure 2.19 (a). The second approach was to use a 

constant distance between the nodal points on the rib but to linearly increase the slope of 

the hangers from one end to the other, which is shown in Figure 2.19 (b). 

 
(a) 

 
(b) 

Figure 2.19- Arrangements investigated by Brunn and Schanack (2003). 

(a) Increasing the nodal distance on the tie. (b) Linear variation of hanger slope. 
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Following detailed parametric studies, Brunn and Schanack introduced an 

optimized hanger arrangement, which is shown in Figure 2.20. In this arrangement, the 

hangers intersect the rib with equal angles at equal distances along the rib. This 

configuration, which is also referred to as the radial arrangement, minimizes the 

magnitude and variation of axial force in the hangers and bending moments in the rib and 

the tie. A cross angle of approximately 45° was found to provide the most uniform 

bending moments in the arch for the investigated application. 

 

 
Figure 2.20- The optimal hanger arrangement proposed by Brunn and Schanack (2003).  

Figure 2.21 shows the normalized weight of steel used in 15 tied arch and truss 

railway bridges in Europe and the optimized network arch that was designed by Brunn 

and Schanack. As can be seen in this figure, the network arch requires significantly 

smaller amounts of steel. Several later case studies, including those by Brito (2009) and 

Da Costa (2013), confirmed the significant advantages of the configuration suggested by 

Brunn and Schanack in different span lengths and loading conditions. However, the 

optimal cross angle was determined based on different criteria and was therefore different 

in each study.  

In a parametric study by Niklison (2010), the effects of various design parameters 

on the behavior of steel network arches were investigated. It was found that a linear 

variation of hanger slope along the arch, as shown in Figure 2.19 (b), can be as effective 

as the radial arrangement in minimizing the magnitude of stresses and the number of 

relaxed hangers if the initial angle and the angle increment are carefully selected. 
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Moreover, Niklison found that increasing the rise-to-span ratio can reduce the stresses in 

the arch, though it is eventually limited by aesthetic considerations. He also found that 

maximum bending moments and axial forces do not materially differ between fully 

circular and fully parabolic arches. By using a combined geometry that includes a circular 

segment in the center and parabolic segments near the supports, the number of relaxed 

hangers can be reduced, but the stresses in the rib and the tie will typically increase. 

 

 
Figure 2.21- Comparison of steel weights used for railway bridges.  

Adapted from (Brunn & Schanack, 2003). 

Pellegrino, Cupani, and Modena (2010) studied the variation of axial forces in 

hangers in order to mitigate fatigue problems in these elements. Through their parametric 

studies, they found that if fatigue in the hangers is the only parameter considered, 

network arches perform less desirably than arches with vertical hanger arrangement. 

However, if bending moments in the rib and the tie and the absolute magnitude of hanger 

forces are also taken into account, network arches generally provide the best overall 

solution. The researchers also introduced a modification to the radial arrangement 

proposed by Brunn and Schanack, in which the slope of the last few hangers was kept 
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constant, as shown in Figure 2.22. This modification did not affect the bending moments 

or axial forces but fatigue problems could be mitigated by reducing the average variation 

in hanger forces by 20% in the investigated case study.  

 

 

Figure 2.22- Modified radial arrangement (Pellegrino et al., 2010). 

Varennes (2011) designed a single-track railway network arch bridge with radial 

hanger arrangement to evaluate the benefits offered by this structural system over typical 

tied arches. The ratio of the weight of steel used in typical arches to that in the 

“equivalent”, theoretically designed network arch was found to be between 3.8 and 9.7. 

However, when comparing existing network arches to similar existing tied arches, the 

ratio was found to be between 1.8 and 2.4. Although not as large as the theoretical values, 

these ratios still represent a significant reduction in the cost of steel used in the structure.  

Smit (2013) listed the uncertainty in obtaining the hanger forces as one of the 

major concerns in using network arches. He suggested that these forces are less uncertain 

and much simpler to determine if hangers are added to the structure in stress-free 

conditions. To make this possible, the hangers should be actively connected only when 

the rib and the tie are completed and are not supported by a temporary structure. Care 

must also be taken to connect all hangers when the arch is subjected to a relatively 
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constant temperature to avoid unforeseen thermal effects. If the hangers are to be 

tensioned, Smit recommended that a detailed 3-D model of the bridge with verified 

stiffness values be used to develop the stressing protocol. Obtaining such a realistic 

model requires careful modeling of the connections between all arch elements, which 

might be very complicated.  

In 2009, Schanack evaluated the in-plane stability of network arches through 

parametric studies. He focused mostly on uniformly distributed loads and used nonlinear 

load-deformation analyses but assumed that all hangers remained in tension. Based on a 

series of parametric studies, he found that the bending stiffness of the rib and the number 

and slope of the hangers have the largest effect on the stability of network arches. 

Schanack also simulated the in-plane buckling of network arches with that of a curved 

bar on elastic foundation and developed an equation for estimating the critical buckling 

load for these structures.  

Pircher, Stacha, and Wagner (2013) studied the effects of non-uniform traffic 

loads on the stability of the Brandangersundet Bridge (Figure 2.16 (d)). The researchers 

intentionally selected live load conditions that resulted in the relaxation of certain hangers 

and investigated the behavior of the structure using nonlinear load-deformation analyses. 

When the live loads were increased, some hangers relaxed and no longer provided 

support for the rib. However, the hangers in the opposite direction continued to provide 

some stiffness and support for the rib. When the loads were further increased, the hangers 

in the opposite direction also relaxed and a stability failure occurred, as shown in 

Figure 2.23. The live loads leading to this local stability failure were much smaller than 

the load corresponding to a global stability failure of the arch bridge. Therefore, the 

researchers recommended that local instability failure modes must be carefully 

considered in the calculations of all network arch bridges. 
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Figure 2.23-Local instability failure due to relaxation of several hangers (Pircher et al., 2013).  

In summary, the existing literature on network arches is focused only on steel 

arches and is based on analytical solutions or finite element simulations of elastic 

structures in order to find the optimal design parameters. No experimental or field 

monitoring studies on network arches were identified in the literature review. Moreover, 

there are problems of interest such as the out-of-plane stability of network arches with no 

cross bracing and the effects of thermal changes on network arches, which are expected 

to influence the design of these structures but are not sufficiently investigated in previous 

studies. 

2.8.3 Concrete Network Arches 

The rib in network arches is primarily subjected to axial compression, and 

therefore, concrete is a suitable material for its construction. In 1980, Tveit suggested that 

concrete network arches can provide an economical solution for long bridges with many 

equal spans, provided that the arches are prefabricated off-site and later transported to 

their final locations. To minimize the weight of the arches, Tveit also recommended 

using high-strength concrete (Tveit, 1987). In the following years, Tveit also conducted 
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some preliminary calculations for a bridge of this type in Denmark, which was not 

constructed (Tveit, 2014).  

Despite these early suggestions, a comprehensive literature review yielded no 

records of an existing network arch bridge with a concrete rib prior to the West 7
th

 Street 

Bridge in Fort Worth, Texas, which is the focus of this research. Therefore, the West 7
th

 

Street Bridge is likely the first concrete network arch bridge in the world. The design and 

construction of this bridge are discussed in detail in Chapter 4. 

In the West 7
th

 Street Bridge, the designers’ motivation for using concrete 

network arches and the details used for the deck system and the hangers differed from 

Tveit’s ideas. Tveit’s concrete network arches were proposed for spans typically longer 

than 300𝑓𝑡 and were intended to economically compete with girder bridges. However, in 

the West 7
th

 Street Bridge, aesthetic considerations were the primary motivation for using 

concrete arches, and to some extent, for arranging the hangers in a network configuration. 

The resulting bridge was almost twice as expensive as a precast girder bridge with 

comparable spans. However, the highly efficient structural system of the concrete 

network arch made it possible to make the arches significantly lighter. Therefore, an 

accelerated construction method could be used, which required several lifting and 

handling operations. Moreover, the bridge became an elegant architectural landmark for 

the city of Fort Worth. 

At the time of writing this dissertation, at least one other concrete network arch 

bridge is planned to be constructed. This bridge will replace the historic Sixth Street 

Viaduct in Los Angeles, California and features 20 inclined concrete network arches that 

will be constructed using precast rib segments. The project is expected to finish in 2019 

(Rosenfield, 2012).  
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With numerous benefits in terms of structural efficiency, constructability, and 

aesthetics, network arches might be good solutions for reviving the interest in concrete 

arches. However, since concrete network arches are such recent developments, their 

behavior has not been sufficiently investigated. They do not necessarily follow the 

behavior of typical concrete arches or typical steel network arches. As highly 

indeterminate structures, concrete network arches might be undesirably affected by 

thermal changes and restrained time-dependent deformations of the concrete. Moreover, 

optimal geometries or hanger arrangements for these structures are likely different from 

those for steel network arches because of different live-to-dead load ratios and different 

distributions of stiffness in the structural system. Therefore, a thorough investigation is 

warranted into the fundamental behavior of these structures, which is the focus of the 

research outlined in this dissertation. 

 SUMMARY 2.9

Due to their structural efficiency and architectural elegance, concrete arches have 

long been used in bridge applications. However, the costly construction of concrete 

arches has resulted in a significant reduction in their application in recent decades. One 

potential solution to this problem is to develop structural systems for concrete arches that 

are easier to fabricate and are compatible with modern, accelerated construction methods. 

Concrete network arches are strong candidates for this application. They benefit from an 

efficient structural system that makes it possible to use relatively slender rib and tie 

elements and significantly reduce the weight of the structure.  

This chapter presented an overview of the existing literature that is relevant to the 

behavior and construction of concrete network arches. As discussed in this chapter, 

concrete network arches have not been the specific subject of any previous research. 
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However, several aspects of the fundamental response of concrete network arches might 

be evaluated using previous studies on concrete arches and steel network arches.  

The reviewed literature provides insights into the behavior of concrete network 

arches. However, it also reveals significant gaps, not only on the behavior of this 

particular combination, but also on the behavior of typical concrete arches and typical 

steel network arch bridges. Despite the widespread application of indeterminate concrete 

arches, the time-dependent behavior of these structures and its effects on service-level 

stresses and stability are still challenging problems that are not sufficiently investigated. 

Several researchers have tried to gain insight into this problem through field monitoring 

studies, but limited success has been achieved. On the other hand, existing studies on 

steel network arches have been mostly analytical and these structures have not been 

evaluated using experimental or field monitoring studies. The work presented in the 

remaining chapters of this dissertation contributes to filling in several of these gaps, 

especially on the time-dependent behavior and service-level stresses in indeterminate 

concrete arches.  
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Chapter 3: Background on the Time-Dependent  

Deformation of Concrete 

 OVERVIEW 3.1

Concrete under stress demonstrates time-dependent volumetric changes in 

addition to instantaneous elastic strains. Moreover, whether or not subjected to stress, 

concrete undergoes time-dependent contraction due to drying. These volumetric changes 

increase with time at a generally decreasing rate. The performance of concrete structures 

is dependent on their response to these time-dependent volumetric changes, which cause 

the deformations of concrete elements to grow over time. Excessive deformation is 

usually an important concern from serviceability and durability points of view. Moreover, 

depending on boundary conditions and the degree of static indeterminacy, these 

deformations can change the distribution of stresses and potentially put the structure in 

distress. 

The precast concrete network arches studied in this research possess several 

characteristics that make them especially sensitive to time-dependent deformations. They 

are highly statically indeterminate and include steel hangers and concrete rib and tie 

elements, providing the possibility of significant stress redistribution over time. 

Moreover, prestressing in the arches and using a construction procedure that requires 

several substantial changes in the structural system of the arches over time result in a 

very complicated stress history that requires careful tracking of time-dependent effects. 

On the other hand, the rib in the concrete network arches is a relatively slender element 

under a large compressive force from the post-tensioning and self-weight and is therefore 

potentially prone to stability issues due to time-dependent effects. As a result, time-
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dependent volumetric changes in the structure affect not only the serviceability but also 

the load-carrying capacity. Therefore, understanding the time-dependent behavior of 

concrete is critical in evaluating the performance of this structure in terms of strength and 

serviceability.  

This chapter provides a brief introduction to the time-dependent behavior of 

concrete to provide the background required for developing the numerical procedures 

explained in Chapter 7 and understanding the time-dependent behavior presented in 

Chapter 8. First, shrinkage and creep of concrete are introduced and theories for their 

mechanisms and factors affecting their magnitude are briefly presented. Second, an 

introduction is provided to the numerical procedure for calculating the time-dependent 

deformation of concrete under variable stresses. Finally, the most commonly used 

prediction models for creep and shrinkage, which are used in Chapter 7, are introduced.  

This chapter does not intend to provide a comprehensive literature review on 

creep and shrinkage of concrete. Instead, the focus is on introducing concepts critical to 

understanding the behavior of concrete network arches and also theories required for 

post-processing the data obtained from long-term monitoring of concrete structures. 

 INTRODUCTION TO SHRINKAGE AND CREEP IN CONCRETE 3.2

For the purposes of discussion, a concrete specimen held at a constant 

temperature is considered. The specimen starts drying at time 𝑡𝑑 and is subjected to a 

constant load beginning at time 𝑡0. As depicted in Figure 3.1, three strain components can 

be identified for this specimen: 1) shrinkage strain, 𝜀𝑠ℎ(𝑡, 𝑡𝑑), which happens whether or 

not an external stress is applied to concrete, 2) nominal elastic strain, 𝜀𝑒𝑙(𝑡0), which 

occurs “immediately” under load, and 3) creep strain, 𝜀𝑐𝑟(𝑡, 𝑡0), which is induced by the 

sustained stress and occurs after immediate deformation.  



56 

Creep and shrinkage strains occur simultaneously and are not actually 

independent. However, for most structural engineering applications, it is common to 

assume their independence according to the definitions provided in the following sub-

sections.  

 

 
Figure 3.1- Components of concrete strain due to sustained load. 

Adapted from (Gilbert & Ranzi, 2011). 

 SHRINKAGE 3.3

The strain that occurs in a concrete specimen that is not subjected to any loading 

or restraint is defined as shrinkage. Shrinkage is generally associated with the movement 

of water out of the pore structure of concrete, which induces capillary forces resulting in 

the contraction of concrete. Shrinkage starts early in the life of concrete before setting 

and continues to develop in hardened concrete.  

Shrinkage strains that occur in fresh concrete are referred to as plastic shrinkage. 

These strains might cause early-age cracking in concrete elements. However, plastic 

shrinkage strains are not within the scope of the current dissertation.  
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The dominant component of shrinkage strain in hardened concrete is usually 

drying shrinkage, which occurs due to loss of moisture from concrete stored in 

unsaturated air. Since this type of shrinkage is associated with drying, the size and shape 

of the specimen affect its rate and total magnitude. Other factors that affect drying 

shrinkage include relative humidity, time and conditions of initial curing, water-to-

cement ratio, cement content, and type of aggregate. The following parameter changes 

result in increasing the drying shrinkage: 

 Decrease in the ambient relative humidity 

 Decrease in the duration of moist curing 

 Increase in the water-to-cement ratio 

 Decrease in the volume-to-surface ratio of the specimen 

 Increase in the cement content 

 Decrease in the stiffness or volume of aggregates 

Drying shrinkage continues with time at a decreasing rate and is expected to reach 

a final limiting value once drying finishes. However, the final value might be reached 

after decades since drying is usually slow in specimens with regular dimensions (ACI 

Committee 209, 2005).  

If no moisture movement happens to or from concrete, the shrinkage measured in 

the hardened concrete specimen is called autogenous shrinkage or basic shrinkage. This 

type of shrinkage is believed to be a result of self-desiccation of concrete, a process in 

which water is removed from capillary pores due to hydration of un-hydrated cement 

(Neville, 2011). Autogenous shrinkage develops primarily over the first days and weeks 

in the life of concrete and is relatively independent of size and shape of the specimen or 

curing conditions (Gilbert & Ranzi, 2011). Autogenous shrinkage might be significant in 

concrete mixtures with extremely low water-to-cement ratios but is relatively small in 
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normal-strength concrete. Therefore, it is common to neglect the contribution of 

autogenous shrinkage to total shrinkage strains or not to distinguish between autogenous 

shrinkage and drying shrinkage (ACI Committee 209, 2005) and (Neville, 2011). 

In addition to the movement or loss of water that results in autogenous and drying 

shrinkage, the chemical reaction between concrete and carbon dioxide from the 

atmosphere results in time-dependent volumetric changes that are termed carbonation 

shrinkage. Although carbonation shrinkage is of a different nature from autogenous and 

drying shrinkage, it is usually included in the total shrinkage strains without being 

distinguished from the other two types of shrinkage. 

 NOMINAL ELASTIC STRAIN 3.4

Application of load to the specimen results in instantaneous elastic deformations 

in concrete. The strain measured in a short interval after application of the load is called 

nominal elastic strain. The term “nominal” refers to two complexities in determining the 

elastic strain in concrete. First, since hydration reactions continue in the concrete 

specimen under load, the elastic strain is not constant and decreases over time. However, 

the nominal elastic strains include only the short-term deformations that occur at the time 

of initial loading. Second, it is impossible to measure the theoretical initial elastic 

deformation of concrete. Applying the load and measuring the load-induced strains take 

time and therefore, the measured strains generally include some creep. As a result, 

depending on the procedure used for applying the load and measuring the deformations, 

the nominal elastic strains might be different (Bažant & Baweja, 2003). 

To address these complexities, ACI Committee 209 recommends that load-

induced strains should be considered in their entirety and not be divided into initial and 

creep strains.  
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 CREEP 3.5

3.5.1 Definition 

Creep is the load-induced deformation of concrete that occurs after the initial 

elastic strain under sustained loads. Creep is believed to continue over time at a 

decreasing rate. A significant portion of creep occurs over the first 2-3 months after 

loading and the majority of it is believed to develop over the first 2-3 years after loading 

(Gilbert & Ranzi, 2011). Creep deformations can be found experimentally by subtracting 

the shrinkage of an identical, unloaded specimen stored in a similar environment from the 

total time-dependent deformation of the loaded specimen.  

Depending on the humidity conditions, creep is often subdivided into basic creep 

and drying creep. Basic creep is the creep deformation that happens when the specimen is 

in hygral equilibrium with its surrounding environment, i.e., it does not exchange 

moisture with the environment. Therefore, to measure basic creep from a specimen, it 

should be sealed or stored under water. Since basic creep is independent of moisture 

exchange, it is not dependent on the size and geometry of the specimen.  

The rate of basic creep development over time shows two distinct patterns: short-

term creep and long-term creep. Short-term creep generally happens within a few days 

after loading, and its rate is highly dependent on the age of concrete at the application of 

the load. The rate of long-term creep, however, is mostly independent of the age at which 

loading is applied to concrete. Long-term creep follows a mostly logarithmic 

development over time and therefore, appears not to reach a final value. (Ulm, Maou, & 

Boulay, 2000). Whether or not the rate of basic creep continuously decreases with time 

has also been a matter of recent debate. A catalyst in this debate are results form 30-year-
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long creep experiments by Brooks (2005), which have shown an increase in the rate of 

basic creep after 10 years.  

Drying creep, which is also referred to as the Pickett effect, is the additional creep 

that occurs in specimens subjected to drying. An experimental measure of drying creep 

can be found from the difference between the total measured creep from a drying 

specimen and the basic creep that is measured on a sealed concrete specimen. A large 

part of apparent drying creep is believed to be the result of stress-induced shrinkage 

(Jirásek & Bažant, 2002). Similarly to shrinkage, drying creep is dependent on the 

geometry of the specimen, and is expected to reach a final value (Bažant & Baweja, 

2000).  

3.5.2 Factors Affecting Creep in Concrete 

The following parameters are generally recognized to have significant effects on 

the magnitude of creep strains. 

1. Stress 

Except for specimens that are loaded at a very early age of one to three days, both 

basic creep and drying creep vary linearly with the applied load. However, the 

relationship between creep and applied stress remains linear until a certain stress limit, 

which has been reported between 30% and 75% of the compressive strength of concrete 

in different experimental studies (Neville, Dilger, & Brooks, 1983). For design purposes, 

the creep proportionality limit of 0.4𝑓𝑐
′ has been generally accepted and widely used 

(ACI Committee 209, 2005). Above the creep proportionality limit, creep strains increase 

with stress at an increasing rate. If the sustained stress on the specimen exceeds 0.7 to 

0.9𝑓𝑐
′, creep will cause failure of the specimen over time, which is referred to as time 

failure, or static fatigue failure (Neville et al., 1983).  
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2. Age at loading 

Creep deformations in concrete depend not only on the time under load but also 

on the time or age at the application of the load. Generally, creep strains are smaller if the 

load is applied at a later concrete age. As shown in Figure 3.2, the plots of creep strains 

for specimens loaded at different ages are not parallel. After a similar time increment 

under load, 𝜏, specimens loaded earlier experience higher strain levels.  

 

 
Figure 3.2- Effect of aging on creep strains. 

 

This feature of concrete creep is due to time-hardening or aging of concrete, 

which also causes the compressive strength and modulus of elasticity of concrete to 

gradually increase over time. Aging is attributed mostly to continued hydration of 

concrete. However, the sensitivity of creep to loading age continues to exist for long 

periods after the major portion of hydration is finished. This behavior is attributed to later 

changes in the internal stress redistribution in the microstructure of concrete, as briefly 

discussed in Section 3.5.3. Since creep varies linearly with stress and is affected by aging, 

concrete can be considered as an aging linear viscoelastic material (Jirásek & Bažant, 

2002). Aging results in significant complexities in evaluating creep strains in concrete 
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subjected to variable stresses over time. In concrete, unlike non-aging viscoelastic 

materials, the reference point for measuring the time variable, 𝑡, in creep calculations 

cannot be defined at an arbitrary time but must correspond to the instant at which 

concrete sets.  

 As discussed in Section 3.5.1, the loading age mostly affects the rate of short-

term creep and does not have a significant effect on the rate of long-term creep. However, 

the magnitude of creep strains at any time is affected by the noticeable effect of aging on 

the rate of short-term creep. 

3. Mixture Properties 

Concrete creep is observed to generally increase with the following parameter 

changes (ACI Committee 209, 2005): 

 Increase in the water-to-cement ratio of concrete 

 Decrease in the volume of aggregate 

 Decrease in the aggregate stiffness 

Limited conclusive research has been conducted on the effect of chemical 

admixtures and Supplementary Cementing Materials (SCMs) on concrete creep. Brooks 

(2000) conducted a comprehensive review of the published experimental data and 

concluded that if mixture proportions remain constant, plasticizers and superplasticizers 

increase basic creep and total creep by 20%. He also reported that concrete mixtures that 

include fly ash demonstrate smaller basic creep and total creep. While this information 

might provide insight into the potential effect of admixtures, it might not be valid for a 

combination of admixtures, which is usually the case for high-performance concrete. If 

practical considerations permit, it is always preferable to conduct laboratory experiments 

to investigate creep on a mixture-specific basis.  
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4. Relative Humidity 

An increase in the ambient relative humidity results in a reduction in drying creep 

and therefore total creep. Moreover, increasing the duration of moist curing affects the 

permeability and strength of the concrete and therefore results in a reduction in both 

drying creep and basic creep. On the other hand, creep strains are reduced if concrete is 

subjected to drying before loading, as creep is shown to be related to the remaining water 

in concrete that is free to evaporate (ACI Committee 209, 2005) and (Gardner & 

Lockman, 2001).  

5. Geometry 

Drying is largely sensitive to the geometry of the structural element. Therefore, in 

specimens with large volume-to-surface ratios, the rate of creep development is smaller, 

and drying creep will continue for a longer time.  

3.5.3 Creep Mechanisms 

It is generally well-recognized that creep occurs in the hardened cement paste, 

which consists of sheets of calcium silicate hydrates (C-S-H) separated by layers of 

adsorbed and interlayer water. However, despite numerous research efforts over an 

extended period, the mechanism of creep is not fully understood, and there is no globally 

accepted theory that can explain all observations from past studies on the creep behavior 

of concrete. In 1972, the ACI Committee 209 provided the following list for the 

mechanisms that contribute the most to creep (as cited in Neville et al., 1983):  

1. Viscous flow, resulting from sliding or shear of C-S-H sheets between layers of 

adsorbed water. 

2. Seepage of adsorbed water or decomposition of interlayer water, resulting in 

consolidation of the cement matrix. 
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3. Delayed elastic deformation of aggregates and cement gel crystals when 

Mechanisms 1 and 2 take place. 

4. Microcracking and recrystallization in the cement gel, resulting in permanent 

deformations. 

In recent years, new mechanisms have been proposed for creep. Most importantly, 

the microprestress-solidification theory (Bažant, Hauggaard, Baweja, & Ulm, 1997) has 

been developed to address the effects of aging and drying on concrete creep. In this 

theory, short-term aging is mostly related to solidification, i.e., disposition of layers of 

new C-S-H on the pore walls due to continued hydration. Solidification results in 

reducing the mean size of capillary pores in the cement paste and increases the strength 

and stiffness of the microstructure. Long-term aging, however, is explained through the 

relaxation of prestress that is generated on the nanoscale during the initial hydration due 

to volume changes in concrete constituents. This theory is the basis for the B3 Model, 

which is presented in Section 3.6.5.3. However, details of the mechanisms proposed in 

this theory are not within the scope of the current dissertation. 

3.5.4 Creep Recovery 

If the load is completely removed from a specimen that has been subjected to 

creep, the deformation of concrete will include instantaneous and time-dependent 

components, as shown in Figure 3.3. 
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Figure 3.3- Instantaneous and creep recovery upon unloading.  

Adapted from (Neville et al., 1983).  

The instantaneous recovery is generally smaller than initial instantaneous strain 

under load because the modulus of elasticity of concrete increases over time due to 

continued hydration. The instantaneous deformation is followed by creep recovery, 

which tends to reach a final value and is smaller than creep strains developed over time. 

As a result, residual deformations remain in concrete after removal of the load. 

Experimental studies have shown that the ratio of creep recovery to creep increases if 

concrete is loaded at later ages (Neville et al., 1983). If load is partially removed from 

concrete, in addition to creep recovery, there is continued creep deformation due to 

remaining stresses, as shown in Figure 3.4. 
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Figure 3.4- Typical deformation of concrete in a partially unloaded specimen. 

It has been observed that creep recovery develops much faster within the first few 

days after removal of the load and reaches its final value within a short interval, which is 

typically two to three weeks long. Several experimental studies have found the magnitude 

of creep recovery to be mostly independent of the relative humidity and storage 

conditions, which implies that drying creep is mostly irreversible (Neville et al., 1983). 

On the other hand, similarities between the kinetics, i.e., rate of development, of short-

term creep and creep recovery have led many researchers to believe that recoverable 

creep is mostly limited to the short-term component of basic creep (Ulm et al., 2000). 

 CALCULATION OF CREEP AND SHRINKAGE EFFECTS 3.6

3.6.1 Implications of Time-Dependent Deformations of Concrete 

Creep and shrinkage deformations might affect concrete structures in a number of 

ways, including the following (CEB, 1984):  

 Growth of deflections in structural components 

 Loss of prestress in prestressed concrete structures  
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 Redistribution of stresses between components that are affected differently by 

time-dependent volumetric changes, for example between steel and concrete 

components or between concrete components that are constructed at different 

times  

 Redistribution of stresses due to changes in the structural system, such as adding 

restraints or supports 

The sensitivity to time-dependent deformations varies among structural 

applications. In general, structures that include slender concrete elements and those in 

which the final configuration is obtained through complex histories of casting and 

applying loads and restraints are more sensitive to time-dependent deformations (CEB, 

1984).  

The implications of creep and shrinkage in any of the four mechanisms mentioned 

above are limited to serviceability or durability considerations in most concrete 

structures. The most common problems are large deflections or excessive cracking due to 

restrained shrinkage or loss of prestress. In slender concrete elements, however, excessive 

creep and shrinkage can potentially result in stability problems and therefore affect the 

load-carrying capacity. The effects of creep and shrinkage on structural stability can be a 

result of intensified deformations under sustained loading or reduced overall stiffness due 

to excessive cracking. In such cases, effects of creep and shrinkage are not limited to 

serviceability limit states but are also influential in strength limit states. Therefore, the 

effects of creep and shrinkage should be estimated to ensure safe, serviceable concrete 

structures.  
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Accurate calculations of shrinkage and creep deformations also play a critical role 

in interpreting the data obtained from monitoring of concrete structures over time. The 

strains recorded from concrete structures through structural health monitoring techniques 

include elastic and time-dependent components, which should be carefully separated to 

ensure creep and shrinkage strains are not interpreted as elastic strains due to stress 

changes. In statically indeterminate concrete structures, the importance of calculating 

creep and shrinkage effects is more pronounced, as time-dependent stress changes due to 

stress redistribution happen concurrently with creep and shrinkage deformations. 

The following sub-sections introduce the procedures for calculating creep and 

shrinkage effects in concrete structures. As discussed in Chapter 7, the equations used in 

these procedures can be re-arranged and used to interpret the strain data obtained from 

the instrumentation of statically indeterminate concrete structures. 

3.6.2 Creep Coefficient and Creep Compliance 

To mathematically describe creep deformations that occur in a specimen under 

load, two parameters are often used: 1) creep coefficient 𝜙(𝑡, 𝑡0), and 2) creep 

compliance or creep function 𝐽(𝑡, 𝑡0). As expressed in Equations (3-1) and (3-2), the 

creep coefficient is the ratio of creep strain to nominal elastic strain, whereas creep 

compliance is the total combined elastic and creep deformation that occurs due to unit 

stress.  

 

𝜙(𝑡, 𝑡0) =
𝜀𝑐𝑟(𝑡, 𝑡0)

𝜀𝑒𝑙(𝑡0)
 (3-1) 

𝐽(𝑡, 𝑡0) =
𝜀𝑒𝑙(𝑡0)  𝜀𝑐𝑟(𝑡, 𝑡0)

𝜎(𝑡0)
 (3-2) 

The creep coefficient is frequently used in engineering design applications, where 

creep deformations are calculated separately from elastic deformations. However, as 
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explained in Section 3.4, the separation between elastic and creep deformations is not 

very accurate. Therefore, the primary parameter used in modern creep and shrinkage 

models is creep compliance, which includes the combined effect of elastic and creep 

deformations. Based on the definitions provided above, it can be easily shown that: 

 

𝐽(𝑡, 𝑡0) =
1  𝜙(𝑡, 𝑡0)

𝐸𝑐(𝑡0)
 (3-3) 

In which 𝐸𝑐(𝑡0) is the modulus of elasticity of concrete at the time of load application.  

3.6.3 Creep under Variable Stress 

To estimate creep deformations under variable stress conditions, superposition of 

creep strains is the most widely used approach. In this approach, the strain at time 𝑡 due 

to a stress increment at time 𝑡0 is assumed independent of the effects of other stress 

increments applied before or after 𝑡0(Neville et al., 1983). Therefore, as shown in 

Figure 3.5, the deformation of concrete under a variable stress history can be calculated 

by summing the creep strains generated by each stress increment. The principle of 

superposition, also known as Boltzmann’s principle in viscoelasticity, is valid for all 

linear non-aging viscoelastic materials. Although concrete is an aging material, McHenry 

proposed in 1943 that the principle of superposition is applicable to concrete.  

As shown in Figure 3.5 (d), in a specimen with decreasing stresses, removal or 

reduction of the load is treated as applying a negative stress increment, which results in 

negative creep strains that are of the same magnitude as those due to a compressive stress 

increment applied at the time of unloading.  
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Figure 3.5- Superposition of creep strains. Adapted from (Gilbert & Ranzi, 2011). 

The principle of superposition provides an estimate of creep strains, which agrees 

reasonably well with most experimental observations for loading histories in which the 

stresses increase over time. However, as shown in Figure 3.5 (d), when the stresses 

decrease with time, superposition of creep strains is less accurate because it overestimates 

the creep recovery. The magnitude of recovered creep for a specimen unloaded at a 

certain age is proven to be significantly smaller than the creep that occurs in the same 

specimen loaded at that age, which is used in the superposition method. To overcome this 

problem, two-function models have been proposed, in which the creep recovery is found 

using a different function than that of creep (Yue & Taerwe, 1993). On the other hand, it 
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is known that superposition of creep strains is a relatively inaccurate assumption for the 

concrete that is subjected to drying (Jirásek & Bažant, 2002). However, for the majority 

of practical applications, the principle of superposition is believed to provide a good 

estimate of time-dependent deformations of concrete under variable stress history 

(Gilbert & Ranzi, 2011). The calculations presented in the current dissertation are all 

based on the assumption that superposition is valid. 

 

 
Figure 3.6- Increments and decrements in a stress history. 

For a stress history consisting of many stress increments and decrements 

(Figure 3.6), the principle of superposition can be written as:  

 

𝜀(𝑡) = 𝜀𝑠ℎ(𝑡)  ∑Δ𝜎(𝑡𝑖) × 𝐽(𝑡, 𝑡𝑖)

𝑛

𝑖= 

 (3-4) 

If the stresses vary continuously over time, the total strain can be found by integrating the 

effects of stress changes, as expressed in Equation (3-5). 
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𝜀(𝑡, 𝑡0) = 𝜀𝑠ℎ(𝑡)  ∫ 𝐽(𝑡, 𝑡𝑖)
𝜕𝜎(𝑡𝑖)

𝜕𝑡𝑖
 𝑡𝑖

𝑡

𝑡0

 (3-5) 

Equations (3-4) and (3-5) show that the strain at each time “inherits” the effects of 

all past actions. For this reason, the integral in Equation (3-5) is called the hereditary 

integral. If the strain history 𝜀(𝑡) is known or prescribed but the stress history 𝜎(𝑡𝑖) is to 

be found, Equation (3-5) needs to be solved. This equation is categorized as a Volterra 

integral equation in which 𝐽(𝑡, 𝑡𝑖) is the kernel function. This integral equation cannot be 

solved analytically for realistic forms of compliance function for concrete. Therefore, a 

numerical step-by-step solution is needed, which is explained in Chapter 7. 

3.6.4 Creep versus Relaxation 

If creep deformations are prevented in a concrete specimen, the stresses diminish 

over time, which is referred to as relaxation. Relaxation is in fact creep that happens 

under a different boundary condition. However, it has been common to distinguish 

between creep problems and relaxation problems. In a creep problem, the stress remains 

constant and therefore, the deformation of concrete tends to grow over time. In a 

relaxation problem, however, the growth of the deformation is prevented. Therefore, 

concrete must lose some of its stress, or relax, so that unloading due to relaxation cancels 

out the creep strain and the net effect is a zero deformation. In other words, relaxation is 

the result of the gradual development of creep, which has to be accompanied by a 

reduction in elastic strains so that the total deformation remains constant.  

It is very unlikely to face a pure relaxation or pure creep problem in real-world 

structures because boundary conditions that provide no restraint or perfect restraint do not 

exist. Therefore, neither the stress nor the strain remains constant, and the time-dependent 

behavior of concrete in structural elements always includes a combination of relaxation 
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and creep. However, depending on the type of structural element and the corresponding 

boundary conditions, creep or relaxation might be more pronounced in the response of 

the element over time.  

To represent relaxation numerically, the relaxation function 𝑅(𝑡, 𝑡0) is used, 

which is defined as: 

 

𝑅(𝑡, 𝑡0) =
𝜎(𝑡)

𝜀𝑒𝑙(𝑡0)
 (3-6) 

Alternatively, the relaxation ratio might be used, which is defined as: 

 

 (𝑡, 𝑡0) =
𝜎(𝑡)

𝜎(𝑡0)
 (3-7) 

 
Figure 3.7- Relaxation ratio compared with creep coefficient. 

Figure 3.7 shows changes in the relaxation ratio over time in comparison with 

changes in the creep coefficient. As shown in this figure, the short-term stress loss in a 

relaxation problem appears faster than the growth of strain in a creep problem. Based on 

𝑡
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experimental data, Brooks and Neville (1976) suggested the following empirical equation 

to describe the relationship between the relaxation ratio and the creep coefficient: 

 

ln (
1

 
) = 0.09  0.686𝜙 (3-8) 

which can be rearranged as: 

 

 (𝑡, 𝑡0) =  
−0.09−0.686𝜙(𝑡,𝑡0) (3-9) 

If 𝜙 is assumed to be 1, this equation yields  = 0.46. Therefore, for a period in which 

the creep strain reaches the magnitude of the elastic strain, 54% of the initial stress is lost. 

For normal-strength concrete, this change might occur in one month. 

Since relaxation results in faster measurable changes compared to creep, it 

appears that relaxation tests can be a more efficient method to obtain insight into the 

creep characteristics of concrete. However, relaxation tests are more complicated to 

conduct than creep tests since maintaining a constant strain on the concrete over extended 

periods is very difficult. As a result, relatively few experimental studies on relaxation 

have been reported in the literature.  

For a variable strain history, the principle of superposition might be written in 

terms of the relaxation function, as expressed in Equation (3-10). 

 

𝜎(𝑡, 𝑡0) = ∫ 𝑅(𝑡, 𝑡𝑖)
𝑡

𝑡0

 [𝜀(𝑡𝑖)  𝜀𝑠ℎ(𝑡𝑖)] (3-10) 

Therefore, if the relaxation function is known, Equation (3-10) can be used to 

convert a known or prescribed strain history to its associated stress history. However, 

since the relaxation function is usually not available, the most practical approach to 

convert a known strain history to a stress history is to solve Equation (3-5). Equation 
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(3-5) can also be used to numerically obtain the equivalent relaxation function when the 

creep function is available. Assuming 𝜀(𝑡, 𝑡0)  𝜀𝑠ℎ(𝑡) = 1 results in: 

 

1 = ∫ 𝐽(𝑡, 𝑡𝑖)
𝜕𝑅(𝑡𝑖, 𝑡0)

𝜕𝑡𝑖
 𝑡𝑖

𝑡

𝑡0

 (3-11) 

Solving this Volterra integral equation through the procedure explained in Chapter 7 

yields the relaxation function. 

3.6.5 Creep and Shrinkage Prediction Models 

Both creep and shrinkage are highly dependent on the concrete mixture 

properties, ambient conditions, and geometry of the structural element. Ideally, it is 

preferable to conduct experimental studies to obtain realistic estimates of creep and 

shrinkage before performing calculations for structures that are sensitive to time-

dependent effects. However, influential parameters such as the size and shape of 

structural elements cannot be easily simulated in creep and shrinkage tests. Moreover, 

creep and shrinkage tests are time consuming, and it is rarely practical to carry out such 

tests prior to structural design in most applications. In addition, the mix design, which is 

critical for conducting these tests, is usually not finalized at the structural design stage. 

Therefore, it is common practice to use creep and shrinkage prediction models that rely 

on databases of previous creep and shrinkage experiments. Some of these models are 

supported by equations that govern creep and shrinkage mechanisms but are calibrated 

based on creep and shrinkage databases.  

A number of models are highlighted in the remainder of this section. The names 

of these models are based on the following acronyms: 

 ACI: American Concrete Institute 

 B3: model developed by Bažant and Baweja (1995) 
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 GL: model developed by Gardner and Lockman (2001) 

 CEB-FIP: Euro-International Committee for Concrete and International 

Federation of Prestressing 

 fib: International Federation for Structural Concrete 

The most prominent creep and shrinkage prediction models include the ACI 209 

Model, B3 Model, GL 2000 Model, CEB-FIP 1990 Model, and fib 2010 Model. The 

following simplifying assumptions are common in developing these models (ACI 

Committee 209, 2008): 

1. Shrinkage and creep strains are independent of each other and can be 

added to find the total time-dependent strains. 

2. Creep varies linearly with stress. 

3. Basic creep and drying creep are additive. 

4. The effects of differential shrinkage and creep are neglected. 

5. Stresses are negligible during curing.  

Limitations of each of these five models are presented in Table 3.1.  

 
Table 3.1- Limitations of creep and shrinkage prediction models.  

Adapted from (Al-Manaseer & Prado, 2014). 

 ACI 209 B3 GL2000 CEB-FIP 1990 fib 2010 

28-day compressive 

strength ( 𝑠 )  
- 2,500-10,000 2,320-11,900 2,175-17,400 2,900-18,850 

Aggregate-to-

cement ratio 
- 2.5-13.5 - - - 

Cement content 

(  /𝑦  ) 
- 270-1,215 - - - 

Water-to-cement 

ratio 
- 0.35-0.85 0.4-0.6 - - 

Relative humidity 40-100 40-100 20-100 40-100 40-100 

Type of cement I, III I, II, III I, II, III I, II, III I, II, III 

𝑡𝑐(Duration of moist 

curing) 
≥1 day ≥1 day ≥1 day - <14 days 

𝑡0 (Concrete age at 

loading) 
≥7 days ≥ 𝑡𝑐 ≥ 𝑡𝑐 ≥1 day >1 day ≥ 1 day 
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Each of these models provides different benefits in terms of simplicity, range of 

applicability, accuracy, and the amount of information needed. Since these models are 

primarily based on databases of previous material tests, it is unrealistic to expect their 

results to match the time-dependent behavior of concrete in a particular application with 

high levels of accuracy. A ±20% margin of error for shrinkage and even larger errors for 

creep is often expected while using these models (ACI Committee 209, 2008). For high- 

performance concrete mixtures, where a combination of chemical admixtures and SCMs 

are used, the errors are expected to be larger because relatively few tests in the databases 

of creep and shrinkage have been conducted on high-performance concrete, and research 

on the effects of admixtures on time-dependent deformations of concrete has been very 

limited. 

The relative statistical performance of these models has been investigated by 

several researchers. However, there has been serious debate in selecting unbiased criteria 

to evaluate the performance of the models. As a result, contradictory conclusions have 

been reported regarding the best-performing model in different studies, e.g., (Al-

Manaseer & Prado, 2014) and (Bažant & Li, 2008). Therefore, firm conclusions 

regarding the model that is best suited for a particular application are difficult to make.  

A brief introduction to these models is provided in the following sub-sections. 

The focus of the discussion in this section is on the general format of the equations and 

the extent of information needed in each prediction model. Details of the parameters and 

correction factors can be found in the reference cited for each model. 
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3.6.5.1 ACI 209 Model 

The ACI 209 model is an empirical creep and shrinkage model initially developed 

in 1971 for the precast, prestressing industry and was reapproved in 2008 (ACI 

Committee 209, 2008). Although the model has not been updated since 1992, it has been 

widely used in structural design applications. It can be easily implemented when minimal 

information is available from the structure or concrete mixture, including: 

 Age at the start of drying 

 Age at loading 

 Curing method 

 Relative humidity 

 Volume-to-surface ratio  

 Type of cement 

In the ACI 209 model, final values are first estimated for the creep coefficient and 

shrinkage strain, and then hyperbolic curves are used to represent the development of 

creep and shrinkage over time until they asymptotically approach their final values. The 

following expressions describe the simplest form of the ACI 209 model for shrinkage and 

creep of moist-cured concrete. 

 

𝜀𝑠ℎ(𝑡, 𝑡𝑐) =
(𝑡  𝑡𝑐)

35  (𝑡  𝑡𝑐)
× 𝜀𝑠ℎ𝑢 (3-12) 

𝜙(𝑡, 𝑡0) =
(𝑡  𝑡0)

0.6

10  (𝑡  𝑡0)0.6
× 𝜙𝑢 (3-13) 

in which: 

𝜀𝑠ℎ(𝑡, 𝑡𝑐) = shrinkage strain  

𝜙(𝑡, 𝑡0) = creep coefficient 

𝑡 = concrete age,   𝑦𝑠 

𝑡𝑐 = concrete age at the end of curing period,   𝑦𝑠 
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𝑡0 = concrete age at loading,   𝑦𝑠 

𝜀𝑠ℎ𝑢 = ultimate shrinkage strain 

= 780 𝑀    𝑠𝑡   𝑛 for standard conditions 

𝜙𝑢 = ultimate creep coefficient 

= 2.35 for standard conditions 

The standard conditions that result in the ultimate shrinkage strain and ultimate creep 

coefficient mentioned above are listed in Table 3.2.  

 

Table 3.2- Factors affecting creep and shrinkage for moist-cured concrete in ACI 209 model. 

Factors Variables Considered Standard Conditions 

Concrete 

(affecting 

creep and 

shrinkage) 

Concrete 

composition 

Cement type Type I and Type III 

Slump 2.7  𝑛 ℎ 

Air content ≤6 % 

Fine aggregate 

percentage 
50% 

Cement content 470 to 752   /𝑦   

Initial curing 

Length of initial moist 

curing 
7 days 

Curing temperature 73.4 ± 4 °𝐹 

Relative curing humidity ≥ 95% 

Member 

geometry and 

environment 

(affecting 

creep and 

shrinkage) 

Environment 

Ambient relative 

humidity 
40% 

Concrete temperature 73.4 ± 4 °𝐹 

Geometry Volume-to-surface ratio 𝑉/𝑆= 1.5 in. 

Loading 

(affecting 

creep only) 

Loading history Concrete age at loading 7 days 

Stress conditions Stress/strength ratio ≤ 0.5 

For conditions other than the standard conditions, the ultimate shrinkage strain 

and ultimate creep coefficient are modified to incorporate the effects of different curing 

conditions, age at loading, ambient relative humidity, volume-to-surface ratio, and 

concrete composition.  



80 

In most design applications, it is common to ignore the correction factors related 

to concrete composition. These factors require information that is usually not available at 

the design stage, and their effect on the magnitude of creep and shrinkage strains in the 

ACI 209 Model is generally not significant. On the other hand, because of significant 

differences between modern concrete mixtures and those common at the time of 

developing these empirical correction factors, applicability of these factors to modern 

concrete mixtures is to some extent questionable. In the current dissertation, the 

correction factors related to concrete composition are not used for the ACI 209 model. 

3.6.5.2 CEB-FIP 1990 Model 

The CEB-FIP 1990 model was developed by Muller and Hilsdorf in 1990. Many 

engineers believe this model is more accurate than the ACI 209 Model. Similarly to the 

ACI model, in this model, final values are found for shrinkage and creep based on 

mixture properties and environmental conditions, and time functions are used to represent 

the development of creep and shrinkage strains until they asymptotically approach these 

final values. The information needed for this model is as follows: 

 Age at the start of drying 

 Age at loading 

 Relative humidity 

 Compressive strength of concrete at 28 days 

 Type of cement 

 Volume-to-surface ratio 

The following equations describe shrinkage and creep prediction in this model 

(CEB, 1993): 
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𝜀𝑠ℎ(𝑡, 𝑡𝑐) = 𝜀𝐶𝑆0 × 𝛽𝑠(𝑡  𝑡𝑐) (3-14) 

𝐽(𝑡, 𝑡0) =
1

𝐸𝑐𝑚𝑡0
 
𝜙 8(𝑡, 𝑡0)

𝐸𝑐𝑚 8
 (3-15) 

in which: 

𝜀𝐶𝑆0 = notional shrinkage coefficient, which depends on type of cement, 

ambient relative humidity, and the 28-day compressive strength of 

concrete 

𝛽𝑠(𝑡  𝑡𝑐) = time function for shrinkage  

= √
(𝑡−𝑡𝑐)

(𝑡−𝑡𝑐)+87.5(
𝑉

𝑆
)
2 

 where V/S is the volume-to-surface ratio, inch 

𝐸𝑐𝑚𝑡0 = modulus of elasticity of concrete at the time of loading 

𝜙 8(𝑡, 𝑡0) = 28-day creep coefficient, determined from Equation (3-16) 

𝐸𝑐𝑚 8 = modulus of elasticity of concrete at the age of 28 days 

The 28-day creep coefficient is found as follows: 

 

𝜙 8(𝑡, 𝑡0) = 𝜙0 × 𝛽𝑐(𝑡  𝑡0) (3-16) 

in which: 

𝜙0 = notional creep coefficient, which depends on 28-day compressive 

strength of concrete, age at loading, volume-to-surface ratio, and 

ambient relative humidity 

𝛽𝑐(𝑡  𝑡𝑐) = time function for creep 

= [
(𝑡−𝑡0)

(𝑡−𝑡0)+𝛽ℎ
]
0. 

  

 where βh depends on ambient relative humidity, volume-to-surface 

ratio, and the 28-day compressive strength of concrete 

3.6.5.3 B3 Model 

The B3 model was developed by Bažant and Baweja in 1995. This model is based 

on the microprestress-solidification theory and is one of the most advanced models 
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currently available for predicting creep and shrinkage. This model requires a variety of 

parameters to make an estimate, including: 

 Age at the start of drying 

 Age at loading 

 Concrete composition including cement, water, and aggregate contents 

 Type of cement 

 Compressive strength of concrete at 28 days 

 Ambient relative humidity 

 Curing conditions 

 Geometry of the specimen  

The following equations describe model B3 (Bažant & Baweja, 2000). 

 

𝜀𝑠ℎ(𝑡, 𝑡𝑐) =  𝜀𝑠ℎ∞ × 𝑘ℎ × 𝑆(𝑡  𝑡𝑐) (3-17) 

𝐽(𝑡, 𝑡0) = 𝑞   0(𝑡, 𝑡0)   𝑑(𝑡, 𝑡0, 𝑡𝑐) (3-18) 

in which: 

𝜀𝑠ℎ(𝑡, 𝑡𝑐) = shrinkage strain 

𝐽(𝑡, 𝑡0) = creep compliance  

𝜀𝑠ℎ∞ = ultimate shrinkage strain, which depends on the 28-day compressive 

strength of concrete, water content, type of cement, and curing 

conditions. 

𝑘ℎ = humidity dependence factor, which depends on ambient relative 

humidity  

𝑆(𝑡  𝑡𝑐) = time function for shrinkage, as defined in Equation (3-19). 

𝑞  = theoretical instantaneous strain due to unit stress, which depends on 

the modulus of elasticity of concrete 

 0(𝑡, 𝑡0) = compliance function for basic creep, determined from Equation 

(3-20). 

 𝑑(𝑡, 𝑡0, 𝑡𝑐) = compliance function for drying creep, determined from Equation 

(3-21). 
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The shrinkage time function is defined as follows: 

 

𝑆(𝑡  𝑡𝑐) = tanh(√
(𝑡  𝑡𝑐)

𝜏𝑠ℎ
) 

(3-19) 

In this equation, 𝜏𝑠ℎ is the size dependence factor, which depends on the shape, volume-

to-surface ratio, compressive strength of concrete, and the age at the end of curing. 

The basic creep compliance  0(𝑡, 𝑡0) is calculated as follows: 

 

 0(𝑡, 𝑡0) = 𝑞 𝑄(𝑡, 𝑡0)  𝑞 × ln[1  (𝑡  𝑡0)
𝑛]  𝑞4 × ln (

𝑡

𝑡0
) (3-20) 

In this equation, 

𝑛 = empirical parameter, normally taken as 1 

𝑞 𝑄(𝑡, 𝑡0) = aging viscoelastic compliance 

where 𝑞  depends on the 28-day compressive strength of 

concrete and the cement content 

𝑞 × ln[1  (𝑡  𝑡0)
𝑛] = non-aging viscoelastic compliance 

where 𝑞  depends on the water-to-cement ratio and 

compressive strength of concrete 

𝑞4 × ln (𝑡/𝑡0) = aging flow compliance 

where 𝑞4 depends on aggregate-to-cement ratio 

The drying creep compliance  𝑑(𝑡, 𝑡0, 𝑡𝑐) is calculated as follows: 

 

 𝑑(𝑡, 𝑡0, 𝑡𝑐) = 𝑞5 ×√ −8𝐻
(𝑡)   −8𝐻(𝑡0)  (3-21) 

in which: 

𝐻(𝑡) = spatial average of pore relative humidity 

= 1  (1  ℎ) × 𝑆(𝑡  𝑡𝑐) 

where h is the ambient relative humidity and 𝑆(𝑡  𝑡𝑐) is the time 

function for shrinkage, as defined in Equation (3-19) 

𝑞5 = drying creep compliance parameter, which depends on the 28-day 

compressive strength of concrete and ultimate shrinkage strain 𝜀𝑠ℎ∞ 
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Each of the parameters presented above, including 𝑞  through 𝑞5, 𝜀𝑠ℎ∞, 𝜏𝑠ℎ, and 

𝑄(𝑡, 𝑡0), are determined through a series of relatively elaborate mathematical equations 

that can be found in (Bažant & Baweja, 2000). Therefore, Model B3 requires a much 

more significant calculation effort compared with other models presented in this chapter.  

In 2015, Wendner, Hubler, and Bažant introduced a new variant of this model, 

which is named Model B4. This model is based on a larger database of experimental data, 

which is also combined with a database of long-term deflections measured from long-

span bridges. The new model was developed to improve the accuracy of Model B3, 

especially for multi-decade prediction of creep and shrinkage. Model B4 is not used in 

the current research. 

3.6.5.4 GL 2000 Model 

The GL2000 model was developed by Gardner and Lockman (2001) to represent 

the most recent databases of creep and shrinkage tests using an empirical approach. The 

model was intended to use the information that is mostly available at the design stage. In 

this model, the beneficial effect of drying before loading in reducing creep is explicitly 

considered through a correction factor, Φ(𝑡0, 𝑡𝑐). 

To make an estimate of creep and shrinkage strains, the GL 2000 Model requires 

a similar set of parameters as those mentioned for the CEB-FIP 1990 model. Shrinkage 

strains and creep compliance in this model are determined as follows: 

 

𝜀𝑠ℎ(𝑡, 𝑡𝑐) = 𝜀𝑠ℎ𝑢 × 𝛽(ℎ) × 𝛽(𝑡  𝑡𝑐) (3-22) 

𝐽(𝑡, 𝑡0) =
1

𝐸𝑐𝑚𝑡0
 
𝜙 8(𝑡, 𝑡0)

𝐸𝑐𝑚 8
 (3-23) 
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in which: 

𝜀𝑠ℎ𝑢 = ultimate shrinkage strain, which depends on the compressive strength 

of concrete and type of cement 

𝛽(ℎ) = correction factor for ambient relative humidity 

𝛽(𝑡  𝑡𝑐) = time function for shrinkage  

=√
𝑡−𝑡𝑐

(𝑡−𝑡𝑐)+97(
𝑉

𝑆
)
2 

 where 𝑉/𝑆 is the volume-to-surface ratio,  𝑛 ℎ 

𝐸𝑐𝑚𝑡0 = modulus of elasticity of concrete at the time of loading 

𝜙 8(𝑡, 𝑡0) = 28-day creep coefficient, determined from Equation (3-24)  

𝐸𝑐𝑚 8 = modulus of elasticity of concrete at the age of 28 days 

The 28-day creep coefficient is found as follows: 

 

𝜙 8(𝑡, 𝑡0) = 

Φ(𝑡0, 𝑡𝑐) ×

[
 
 
 
 

 (
(𝑡  𝑡𝑐)

0. 

(𝑡  𝑡𝑐)0.  14
)  √(

7

𝑡0
) (

𝑡  𝑡𝑐
𝑡  𝑡𝑐  7

)

  .5(1  1.086ℎ )
√

𝑡  𝑡0

𝑡  𝑡0  97 (
𝑉
𝑆)

 

]
 
 
 
 

 

(3-24) 

in which: 

Φ(𝑡0, 𝑡𝑐) = correction factor for the effects of drying before loading 

=

{
 
 

 
 

1 for 𝑡0 = 𝑡𝑐

√1  √
𝑡−𝑡0

𝑡−𝑡0+97(
𝑉

𝑆
)
2  for 𝑡0 > 𝑡𝑐

}
 
 

 
 

 

ℎ = ambient relative humidity, percent 
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3.6.5.5 fib 2010 Model 

The fib 2010 Model (International Federation for Structural Concrete (fib), 2013) 

is an updated version of the CEB-FIP 1990 Model, in which modifications are made to 

the prediction equations for creep and shrinkage. In the new formulation, basic creep and 

drying creep and also autogenous shrinkage and drying shrinkage are calculated 

separately and added together. The equations used in this model are presented below: 

 

𝜀𝑠ℎ(𝑡, 𝑡𝑐) = 𝜀𝑐𝑏𝑠(𝑡)  𝜀𝑐𝑑𝑠(𝑡, 𝑡𝑐) (3-25) 

𝐽(𝑡, 𝑡0) =
1

𝐸𝑐𝑚𝑡0
 
𝜙 8(𝑡, 𝑡0)

𝐸𝑐𝑚 8
 (3-26) 

in which,  

𝜀𝑐𝑏𝑠 = autogenous (basic) shrinkage, determined using Equation (3-27) 

𝜀𝑐𝑑𝑠 = drying shrinkage, determined using Equation (3-28) 

𝐸𝑐𝑚𝑡0 = modulus of elasticity of concrete at the time of loading 

𝜙 8(𝑡, 𝑡0) = 28-day creep coefficient, determined from Equation (3-29) 

𝐸𝑐𝑚 8 = modulus of elasticity of concrete at the age of 28 days 

 

𝜀𝑐𝑏𝑠(𝑡) = 𝜀𝑐𝑏𝑠0 × 𝛽𝑏𝑠(𝑡) (3-27) 

𝜀𝑐𝑑𝑠(𝑡, 𝑡𝑐) = 𝜀𝑐𝑑𝑠0 × 𝛽(𝑅𝐻) × 𝛽𝑑𝑠(𝑡  𝑡𝑐) (3-28) 

𝜙 8(𝑡, 𝑡0) = 𝜙𝑏𝑐 8(𝑡, 𝑡0)  𝜙𝑑𝑐 8(𝑡, 𝑡0) (3-29) 

where:  

𝜀𝑐𝑏𝑠0 = notional basic shrinkage coefficient, which depends on the 28-day 

compressive strength of concrete and type of cement 

𝛽𝑏𝑠(𝑡) = time function for basic shrinkage  

= 1   −0. √𝑡 

𝜀𝑐𝑑𝑠0 = notional drying shrinkage coefficient, which depends on the 28-day 

compressive strength of concrete and type of cement 
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𝛽(𝑅𝐻) = correction factor for ambient relative humidity  

𝛽𝑑𝑠(𝑡  𝑡𝑐) = time function for drying shrinkage  

= √
(𝑡−𝑡𝑐)

(𝑡−𝑡𝑐)+87.5(
𝑉

𝑆
)
2 

 where 𝑉/𝑆 is the volume-to-surface ratio,  𝑛 ℎ 

𝜙𝑏𝑐 8(𝑡, 𝑡0) = basic creep coefficient, determined from Equation (3-30) 

𝜙𝑑𝑐 8(𝑡, 𝑡0) = drying creep coefficient, determined from Equation (3-31) 

 

𝜙𝑏𝑐 8(𝑡, 𝑡0) = 𝛽𝑏𝑐(𝑓𝑐𝑚) × 𝛽𝑏𝑐(𝑡, 𝑡0) (3-30) 

𝜙𝑑𝑐 8(𝑡, 𝑡0) = 𝛽𝑑𝑐(𝑓𝑐𝑚) × 𝛽(𝑅𝐻) × 𝛽𝑑𝑐(𝑡0) × 𝛽𝑑𝑐(𝑡, 𝑡0) (3-31) 

in which,  

𝛽𝑏𝑐(𝑓𝑐𝑚),  
𝛽𝑑𝑐(𝑓𝑐𝑚) 

= correction factors depending on the 28-day compressive strength of 

concrete 

𝛽𝑏𝑐(𝑡, 𝑡0) = time function for basic creep 

= ln [(
 0

𝑡0,𝑎𝑑𝑗
 0.035)

 

× (𝑡  𝑡0)  1]  

where 𝑡0,𝑎𝑑𝑗 is modified age at loading, adjusted for the effect of type 

of cement and curing temperatures 

𝛽(𝑅𝐻) = correction factor for ambient relative humidity 

𝛽𝑑𝑐(𝑡0) = 
 

0. +𝑡0,𝑎𝑑𝑗
0.2   

𝛽𝑑𝑐(𝑡, 𝑡0) = time function for drying creep 

= [
𝑡−𝑡0

𝛽ℎ+(𝑡−𝑡0)
]
𝛾(𝑡0)

 

 where βh depends on the 28-day compressive strength of concrete and 

the volume-to-surface ratio and γ(t0) depends on age at loading 
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 SUMMARY 3.7

In this chapter, a brief overview was provided on the time-dependent 

deformations of concrete, which are influential in the magnitude of stresses in 

indeterminate concrete structures, including concrete network arches. An introduction 

was provided to shrinkage and creep, their mechanisms, and factors affecting their 

magnitude and rate of development. Numerical procedures for estimating the effects of 

creep and shrinkage were also presented. More emphasis was put on creep, which results 

in significant complexities in estimating the time-dependent strains in structures with 

variable stress histories and interpreting the recorded strain data from structures to obtain 

in-situ stresses. The information provided in this chapter provides the necessary 

background for the procedures explained in Chapter 7 for post-processing of the data 

obtained from the West 7
th

 Street Bridge. 
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Chapter 4: West 7
th

 Street Bridge 

 OVERVIEW 4.1

The West 7
th

 Street Bridge in Fort Worth, Texas is the first precast network arch 

bridge, and perhaps the first concrete network arch bridge in the world. This bridge 

consists of twelve network arches, each weighing approximately 280 tons. The arches 

were built on their sides as precast elements, then rotated into a vertical position, and 

later installed in their final location. To make the substantial stresses induced by rotation 

tolerable, the arches were prestressed in both the tie and the rib. Utilizing precast 

structural elements for this bridge minimized the time necessary for street closure at the 

bridge site. However, the precast arches were subjected to large demands during 

construction, which had the potential to damage the arches and affect the behavior of the 

bridge under service conditions. To minimize the chances of damaging the arches during 

construction, the design team developed detailed finite element models of the bridge to 

simulate different construction stages. However, although the analysis provides insight 

into the expected behavior of the arches, the accuracy of the analysis is contingent on 

several assumptions that may not accurately reflect the actual conditions in the structure. 

Therefore, the arches were instrumented to provide an accurate picture of their behavior.  

This chapter presents an overview of the West 7
th

 Street Bridge project and the 

motivation for the instrumentation effort conducted as a part of this research. 

 THE WEST 7TH STREET BRIDGE REPLACEMENT PROJECT 4.2

The West 7
th

 Street Bridge in Fort Worth, Texas connects downtown to the 

Cultural District. With an estimated average traffic of 12,000 motorists per day (Blok, 
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2012), this structure plays an important role in the city’s transportation network. As 

shown in Figure 4.1, the bridge spans four lanes of traffic, the Clear Fork of the Trinity 

River, and a number of recreational trails.  

Figure 4.1 also shows that the old West 7
th

 Street Bridge consisted of two parts: 

(1) an original bridge, built in 1913 with a total length of 437 𝑓𝑡, including a 138 𝑓𝑡 arch 

span and girder approach spans, and (2) an expansion built in 1953, which consisted of 

concrete girder spans and increased the total length of the bridge to 981 𝑓𝑡 (Van Landuyt, 

Holle, & Aparicio, 2013). 

 

 
Figure 4.1- The old West 7

th
 Street Bridge (Bing Maps). 

The old bridge experienced significant deterioration, including carbonation, 

contamination with chlorides, and concrete spalling. The original decision was to 

rehabilitate the bridge and widen the sidewalks. However, in 2007, the city council 

decided to replace the bridge completely because the repairs would be very expensive, 

and the strengthened bridge would not likely withstand future demands and would be 

architecturally unpleasant (Van Landuyt et al., 2013).  
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The proposed West 7
th

 Street Bridge needed to carry four lanes of traffic, 

accommodate 10 𝑓𝑡-wide sidewalks, and support possible future rails for streetcars. On 

the other hand, due to large traffic demands on West 7
th

 Street, the new bridge needed to 

be constructed as quickly as possible. Similar to the majority of new bridges in Texas, 

precast concrete girders could provide an economical solution for the new bridge. 

However, aesthetics were an important consideration for the replacement bridge due to 

the proximity of the bridge site to the downtown area and the Cultural District, which 

includes five internationally renowned museums (Van Landuyt et al., 2013). Considering 

these factors, among several options proposed by TxDOT engineers, the city council 

embraced a precast concrete network arch, which is introduced in the following section. 

While the decision to build an arch bridge at this location was highly influenced by 

aesthetic considerations, the identical design of the arches and the possibility of 

precasting resulted in a significant reduction in construction costs and the time of street 

closure and made precast arches a feasible solution for the project. 

 STRUCTURAL DESIGN OF THE NEW BRIDGE 4.3

The new West 7
th

 Street Bridge consists of six uniform spans of 163.5 𝑓𝑡 and has 

a total length of 981 𝑓𝑡 and a total deck width of 88 𝑓𝑡. The bridge is supported by a total 

of 12 identical precast, prestressed concrete network arches, the layout and detailed 

geometry of which are illustrated in Figures 4.2 and 4.3. As can be seen in Figure 4.2, the 

bridge carries four lanes of traffic as well as two sidewalks located outside the arches. 

Each concrete arch includes 52 hangers, which are located in two parallel planes, spaced 

2 𝑓𝑡 apart from each other. The 26 hangers in each plane are parallel to each other, all 

with an angle of 35° from the vertical orientation. However, the hangers in two planes are 

inclined in opposite directions, resulting in a mesh that is typical of a network arch. The 
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rib and the tie have a constant width of 54 𝑖𝑛., but their depth is variable along the arch, 

as shown in Figure 4.3. These two elements are connected to each other at both ends at a 

region herein referred to as the knuckle. 

The network arches are post-tensioned using four tendons in the tie and two 

tendons in the rib. Each post-tensioning tendon contains nineteen 0.62-inch strands, with 

a total nominal area of 4.42 𝑖𝑛2. The tendon paths are curved in plan and in elevation. 

Details of the tendon paths in elevation are shown in Figure 4.4, while the plan view of 

the tendons is provided in Appendix A. 
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Figure 4.2-A typical span in the new West 7

th
 Street Bridge (drawing courtesy of Joel Blok). 

  

Floor Beams

(17 per span)

Precast Panels

Sidewalk

Road Surface

Knuckle

Arch Tie



94 

 
Figure 4.3- Detailed geometry of the network arches. 
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Figure 4.4- Details of prestressing layout in the arches (elevation view). 
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The deck is constructed using precast panels and a cast-in-place topping slab and 

is supported by 17 transverse floor beams that are suspended from the arches using post-

tensioned bars. The floor beams are pretensioned elements with a nominal depth of 5 𝑓𝑡-

6 𝑖𝑛. at midspan, which is tapered down to a depth of 3 𝑓𝑡 at the arches and further to a 

depth of 1 𝑓𝑡-9 𝑖𝑛. at the ends. These floor beams are 1 𝑓𝑡-4 𝑖𝑛. wide and are spaced 9 𝑓𝑡-

7 ½ 𝑖𝑛. apart from each other. The arches sit on High-Load, Multi-Rotational (HLMR) 

disc bearings that are located on top of 7 𝑓𝑡-3 𝑖𝑛. by 5 𝑓𝑡-6 𝑖𝑛. oval piers. 

 CONSTRUCTION SEQUENCE  4.4

The construction of the precast arches was carried out in a construction site that 

was located less than one mile from the bridge location. The steps for constructing the 

arches are explained in this section. 

4.4.1 Casting 

Each arch was cast on its side in precision-made steel formwork. As can be seen 

in Figure 4.6 (a and b), the formwork included a fixed bottom soffit and a series of inside 

and outside forms, which could be attached or detached when needed. After the inside 

forms were installed, a variety of components, shown in Figure 4.5, were placed in the 

formwork, including mild steel reinforcement, Post-Tensioning (PT) ducts, block-outs for 

floor beams and hangers, and light fixtures. Figure 4.6 (c) shows how hanger tubes and 

floor beam block-outs were installed in the formwork in the tie. Stainless steel plates 

were also placed in the rib, which were later connected to hanger clevises. The outside 

forms were installed last, after all of these components were in place. The contractor used 

two sets of formwork to facilitate work on two arches in parallel and maximize the 

productive time in the precasting site. 
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A high-performance concrete mixture was used for the arches, which satisfied a 

variety of criteria, including low shrinkage, high strength, low heat of hydration, high 

slump, and low permeability. The concrete was required to achieve a 56-day compressive 

strength of 8 𝑘𝑠𝑖. More details about the mix design are discussed in Chapter 6. In order 

to reduce the undesirable effects due to excessive temperatures and thermal gradients in 

the concrete, several measures were taken. For arches that were cast in the summer heat, 

liquid nitrogen was used to reduce the temperature of the fresh concrete. Moreover, as 

visible in Figure 4.7 (a), cooling pipes were installed in the knuckle region to reduce the 

internal temperatures of the concrete. Most arches were cast overnight to provide better 

thermal conditions in the concrete and avoid potential delays in concrete delivery due to 

increased traffic during daytime hours.  

 

 
Figure 4.5- Arch details in the knuckle region (image courtesy of Sundt Construction). 

 



98 

 

(a) 

 

(b) 

 
(c) 

Figure 4.6- Arch formwork. (a) The soffit and inside forms. (b) The completed formwork prior to 

concrete pour. (c) Hanger tubes and block-outs in the tie. 

Casting of the concrete in the arches was performed continuously from one end to 

the other. As shown in Figure 4.7 (b and c), two concrete pumps were used to cast the rib 

and the tie simultaneously so that no cold joints were present in the arch, and the arch 

was a monolithic unit.  

After 24 hours, the side forms were removed to minimize the potential for 

restrained shrinkage cracking. Each arch was then wet cured for at least 5 days before 

post-tensioning operations. 
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(a) 

 
(b) 

 
(c) 

Figure 4.7- Concrete casting operations. (a) Cooling pipes in the knuckle region. (b) The two concrete 

pumps used for casting the arch. (c) Simultaneous casting of the rib and the tie. 
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4.4.2  Stage 1 Post-Tensioning (PT-1) 

The first stage of post-tensioning (PT-1) was carried out once the concrete 

reached a specified strength of 5 𝑘𝑠𝑖. The main purpose of PT-1 was to minimize the risk 

of cracking in the arch during rotation. In this stage, the rib tendons were stressed to a 

level of 208 𝑘𝑠𝑖, which corresponded to a jacking stress of 0.77𝑓𝑝𝑢. The tie tendons were 

also stressed to 104 𝑘𝑠𝑖. 

As previously mentioned, ducts that housed the post-tensioning tendons were 

installed in the formwork prior to the concrete pour. In addition to six primary ducts 

required for accommodating these tendons, two supplemental ducts, each capable of 

housing 12 strands, were placed in the tie. These ducts provided the possibility of 

additional post-tensioning of the tie in the future, if necessary.  

The tendons were post-tensioned according to a sequence specified by the design 

team. In the first arch, the post-tensioning was carried out in 26-𝑘𝑠𝑖 increments, which 

were equal to one-eighth of the final stress level. However, after the first arch, the design 

team allowed 52-𝑘𝑠𝑖 increments for stressing the tendons to increase the speed. The 

sequence of post-tensioning during PT-1 in the subsequent arches is presented in 

Figure 4.8. All strands in each tendon were stressed simultaneously using a multi-strand 

jack, which is shown in Figure 4.9. 

Since the rib tendons needed to be de-tensioned to a level of 104 𝑘𝑠𝑖 at a later 

stage, the anchorage for the rib tendons was supported by a series of shims that could be 

later removed. The details of the anchorage for a rib tendon are shown in Figure 4.10. 
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Increment 
 No. 

Tendon 
Jacking 

stress(ksi) 

  Increment 
No. 

Tendon 
Jacking 

stress(ksi)   

1  Tendon 1 52   9 Tendon 2 104 

2 Tendon 3 52   10 Tendon 4 104 

3 Tendon 2 52   11 Tendon 5 104 

4 Tendon 4 52   12 Tendon 6 104 

5 Tendon 5 52   13 Tendon 1 156 

6 Tendon 6 52   14 Tendon 3 208 

7 Tendon 1 104   15 Tendon 1 208 

8 Tendon 3 104         

Figure 4.8- Stressing sequence for PT-1 (drawing courtesy of TxDOT). 
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Figure 4.9- The multi-strand jack. 

 
Figure 4.10- Anchorage of rib tendons in PT-1. 
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4.4.3 Rotation 

Prior to rotation of the arches, the hangers were installed, as can be seen in 

Figure 4.11 (b). Each hanger passed through a hanger tube in the tie and was threaded 

into a clevis at the rib. A nut was put at the other end of the hanger and was manually 

tightened before rotation.  

The rotation operation was accomplished through a lifting assembly in which six 

lifting frames, shown in Figure 4.11 (a), engaged the sides and bottom surface of the rib 

and the tie. The lifting frames were supported by a gantry system through a series of 

equalizer beams and lifting ropes above the rib and below the tie. The gantry system was 

equipped with strand jacks, which were installed on spreader beams capable of moving 

laterally for proper rotation and positioning of the arches.  

According to the lifting sequence, all lifting points were first raised equally 

(Figure 4.12 (a)). As can be seen in Figure 4.11 (c), the arch formwork was constructed in 

a way that parts of the soffit could be lifted with the arch. Once clear of the formwork, 

only the back lifting points (at the rib) were raised, allowing the arch to pivot to its final 

vertical orientation, as can be seen in Figure 4.12 (b). After completing the 90° rotation, 

the arch was moved laterally and positioned on temporary supports, each at a distance of 

approximately 7 𝑓𝑡 from the end of the arch.  

The rotation operation was performed slowly to minimize the dynamic and impact 

effects on the arches. The rotation of the first arch was carried out over a 6-hour period. 

Subsequent arches were rotated in approximately 3 hours.  
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(a) 

 
(b) 

 
(c) 

Figure 4.11- Rotation details. (a) Lifting frame spacing. (b) The hangers and lifting frames installed 

before rotation. (c) A part of the soffit lifted together with the arch. 
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(a) 

 
(b) 

Figure 4.12- Arch rotation. (a) Vertical lifting. (b) Arch pivoting to the vertical orientation.  
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4.4.4 Stage 2 Post-Tensioning (PT-2) 

After rotation, a second stage of post-tensioning (PT-2) was carried out to provide 

the final prestressing forces in the arches. In PT-2, the tie tendons were stressed to 

208 𝑘𝑠𝑖 and the rib tendons were de-tensioned to 104 𝑘𝑠𝑖. All of the tie tendons were 

stressed first, in the order shown in Table 4.1. De-tensioning of the rib tendons was 

performed later, after the arch sliding operation, and was accomplished by removing the 

shims and stressing the tendons to 104 𝑘𝑠𝑖. If needed, the designers allowed the 

construction team to de-stress the rib tendons by different amounts to adjust the out-of-

plane deformations of the rib. After PT-2, the extra lengths of the strands were cut, and 

the ducts were grouted. 

Table 4.1- Stressing sequence for PT-2 on the tie. 

Increment 
No. 

Tendon 
Jacking 

stress(ksi) 

1  Tendon 2 156 

2 Tendon 4 156 

3 Tendon 5 156 

4 Tendon 6 156 

5 Tendon 2 208 

6 Tendon 4 208 

7 Tendon 5 208 

8 Tendon 6 208 

 

4.4.5 Sliding 

After the end of PT-2 on the tie, the arches were moved to a storage area at the 

construction site. For Arches 1 to 8, this transportation was accomplished through lateral 

sliding of the arches, as shown in Figure 4.13. The arches were first braced for lateral 
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stability, and then a pair of synchronized hydraulic rams was used to push the temporary 

supports underneath the arches incrementally. The supports moved over temporary rails 

until the arch arrived at its storage position. Arches 9-12 did not need any sliding 

operations and were set at their storage locations by the gantry system.  

 

 
Figure 4.13- Sliding operation on one of the arches. 

 

4.4.6 Upward Jacking 

The stressing of the hangers in the West 7
th

 Street Bridge was carried out through 

an upward jacking operation, which is shown in Figures 4.14 and 4.15. As can be seen in 

Figure 4.14, 13 hydraulic rams were positioned under the tie at the locations of future 

floor beams. The hydraulic rams were simultaneously activated to push the tie upward 

with a force of 17 𝑘𝑖𝑝𝑠. While the rams were actively engaged, sag in the hangers was 
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manually removed, and the nuts on the hangers were re-tightened as shown in Figure 4.15 

(b). The rams were then deactivated. As a result, the self-weight of the tie induced a 

tensile prestress in the hangers. The design documents allowed the construction team to 

increase the jacking force to 20 𝑘𝑖𝑝 if the desired camber was not achieved. However, 

jacking forces in excess of 17 𝑘𝑖𝑝 were not necessary throughout the arch construction. 

 

 
Figure 4.14-Arrangement of the strong-back and the hydraulic rams during upward jacking 

operations. 
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(a) 

 
(b) 

 
(c) 

Figure 4.15- Upward Jacking. (a) Strong-back installation. (b) Re- tightening the hangers. 

 (c) Arrangement of the hydraulic rams.  
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This method of stressing the hangers produced significant tensile stresses at the 

top of the rib in the knuckle region, which could not be compensated by the prestressing 

forces. In the finished bridge, the weight of the floor beams and deck provides enough 

compression in the rib to prevent tensile stresses due to hanger forces. However, until that 

stage, temporary strengthening was necessary to avoid cracking at the top of the knuckle 

region. Therefore, prestressed concrete strong-backs were clamped to the rib in the 

knuckle region before upward jacking to strengthen the arches and prevent excessive 

tensile stresses.  

The strong-backs consisted of AASHTO Type IV precast concrete beams with a 

minimum concrete compressive strength of 6 𝑘𝑠𝑖. These beams were positioned on cast-

in-place concrete pedestals, which provided good contact conditions with the top surface 

of the arch rib and the bottom face of the strong-backs. Each strong-back was clamped to 

the arch through five high-strength steel bars, each post-tensioned to have a force of 

260 𝑘𝑖𝑝𝑠. The clamping force in these bars was intended to generate friction between the 

strong-back and the pedestals and also between the pedestals and the arch and therefore 

provide shear transfer between the arch and the strong-back. As a result, the effective 

moment of inertia in the arch rib could be increased in the knuckle region. The strong-

backs remained attached to the arches until the arches were moved to their final locations 

and all floor beams were installed in each span. Installation of the strong-backs on one of 

the arches is shown in Figure 4.15 (a). 

4.4.7 Arch Transportation 

 Once all of the arches were fabricated and the piers for the new bridge were 

constructed on the sides of the existing bridge, the transportation and erection of the 

arches began. As illustrated in Figure 4.16, the arches were transported over an average 
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distance of approximately 0.5 miles from the precasting yard to the existing bridge. Two 

Self-Propelled Modular Transporters (SPMTs), which are shown in Figure 4.17 (a), 

carried each arch from the precasting yard to the destination, where two cranes lifted the 

arch and installed it on bearings (Figure 4.17 (c)). During transportation, the arches were 

supported at their knuckle regions, as can be seen in Figure 4.17 (b).  

 

 
Figure 4.16- The transportation path (Google Maps). 

 

After installation on bearings, the arches were braced for lateral stability using 

steel members. For each span, the first arch was stabilized using diagonal bracing 

members. However, once the second arch was installed in that span, top lateral braces 



112 

were added between the two arches and the diagonal members were removed. The 

bracing members on the arches are visible in Figure 4.18.  

 

 
(a) 

 
(b) 

 
(c) 

Figure 4.17-Arch transportation. (a) The arch leaving the precasting yard on SPMTs.  

(b) The location of arch support on the SPMTs. (3) Installation of the arch on the bearings.  
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Figure 4.18- Temporary bracing of the arches. 

4.4.8 Deck Construction 

Once all of the arches were installed on bearings and properly braced, the 

demolition of the old bridge began. For each span, soon after demolition of the old 

bridge, the floor beams were installed.  

The floor beams were first simply hung from the arches using two post-tensioning 

bars, as can be seen in Figure 4.19 (a). A bed of epoxy grout, with a thickness of 

approximately 0.5 𝑖𝑛. and plan dimensions of 1 𝑓𝑡-4 𝑖𝑛. by 4 𝑓𝑡-2 𝑖𝑛., was then placed on 

top of the floor beams under the arch ties. The floor beams were then raised until they 

were in contact with the arches. When the grout reached the specified strength, the post-

tensioning bars were stressed, as shown in Figure 4.19 (b), and the floor beam block-outs 

were grouted. 
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(a) 

 
(b) 

Figure 4.19- Floor beam installation. (a) Initial hanging of the floor beams. (b) Post-tensioning the 

floor beam bars. 

After the floor beams were installed, precast deck panels were positioned above 

bedding strips on the floor beams, as shown in Figure 4.20. A final topping slab with a 

nominal thickness of 4.5 𝑖𝑛. was then placed over the precast panels.  
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Figure 4.20- Installation of the precast panels (photo courtesy of TxDOT). 

4.4.9 Construction timeline 

Figure 4.21 shows the construction timeline for the new West 7
th

 Street Bridge. 

The project was awarded to Sundt Construction in June 2011 at a cost of $209 per square 

foot (Van Landuyt et al., 2013). The construction cost per square foot was approximately 

twice the estimate for a precast, pretensioned girder bridge with similar spans in Texas, 

but was still below the national average (D. Van Landuyt, personal communication, 

September 23, 2013). The first arch was cast in July 2012 and the last arch was cast in 

February 2013. The old bridge was closed on June 7, 2013, and the new bridge was 

opened to traffic ahead of schedule, on October 9, 2013. 

 SPECIAL DESIGN CONSIDERATIONS FOR THE WEST 7
TH

 STREET BRIDGE 4.5

The innovative construction of the West 7
th

 Street Bridge minimized the onsite 

construction and limited the time of street closure to 120 days. However, since the arches 

experienced several post-tensioning and handling operations, the design team needed to 

make careful decisions to ensure the satisfactory performance of the arches during 

construction and under service conditions. 
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Figure 4.21-Construction timeline for the West 7
th

 Street Bridge project. 

To facilitate the rotation and transportation operations, the design team tried to 

minimize the weight of the arches by making the rib and the tie elements as slender as 

possible. Moreover, to lower the center of gravity of the arches, a relatively large span-to-

rise ratio of 7.6 was used, resulting in a height of only 23.5 ft at the crown of the arches. 

Due to the low rise of the arches and also economic and aesthetic considerations, the 

design included no cross bracing for the rib, but the lateral stability of the West 7
th

 Street 

Bridge was provided by the frame action that is created by moment connections between 

the two arches and the floor beams.  

TxDOT engineers used the results from LUSAS Bridge analysis software for 

design calculations. The rib and the tie elements were modeled using 3D thick beam 



117 

elements while thick shell elements were used for modeling the knuckle region of the 

arches. The models also included the effects of staged construction and time-dependent 

behavior of concrete according to CEB-FIP 1990. The hangers were modeled using 3D 

bars. It was decided to prevent hanger relaxation under all loading conditions considered 

in design. Therefore, the design configuration was modified whenever compression was 

predicted in the hangers in any of the analyses. Figure 4.22 shows the LUSAS model 

developed by the TxDOT engineers. 

 

  

Figure 4.22- Models of the arches in LUSAS. 

An initial Eigenvalue buckling analysis of the uncracked completed bridge 

predicted the load factor for the lowest buckling mode to be 13.3 for AASHTO LRFD 

Service I load combination with six lanes of traffic and wind load. The associated 

buckling mode was the out-of-plane deformation of the rib, with a maximum deformation 

at the crown. Further studies using nonlinear load-deformation analyses also showed that 

with a load factor of 2 for AASHTO LRFD Strength III load combination, which is 

related to transverse wind, the maximum out-of-plane displacement of the rib at the 

crown was limited to 2 𝑖𝑛. and the load-displacement relationship was almost linear (Van 

Landuyt et al., 2013). As a result, the uncracked arches were found to be sufficiently 

stable against out-of-plane buckling. However, concerns were raised regarding the 

possibility of cracking during construction. 
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Potential cracking of the arches during the construction of the West 7
th

 Street 

Bridge would not only affect the serviceability of the structure but also reduce the 

stiffness of the rib elements and result in their potential out-of-plane instability in the 

finished bridge, especially because the bridge includes no top lateral bracing. Therefore, 

several measures were taken during design to make sure the arches did not experience 

excessive tensile stresses so that the behavior of the arches would follow the uncracked 

section assumptions.  

Inherently, the rib is a compressive element. However, each arch was cast in a 

horizontal position, and its rib was not subjected to compressive stresses until the arch 

was rotated into the vertical orientation. Therefore, excessive tensile stresses in the rib 

were most likely to occur during rotation. The design team chose to minimize the risk of 

cracking in the rib by stressing the two rib tendons to 208 𝑘𝑠𝑖 prior to rotation. After 

rotation, the self-weight of the arches provided some compression in the rib, and 

therefore, the initial prestressing of 208 𝑘𝑠𝑖 in the rib tendons was no longer necessary. 

However, the stresses due to the self-weight were not large enough to ensure that the rib 

remained completely in compression during the remaining construction operations, 

especially during the upward jacking operation. As a result, the designers decided to de-

tension the tendons to 104 𝑘𝑠𝑖 after rotation to ensure satisfactory stress levels in the arch 

rib while also avoiding unnecessary prestressing forces.  

The in-plane stability of the tie element during construction was another 

important concern. A relatively large prestress is needed to prevent cracking in the tie 

when the bridge is subjected to service load conditions. However, the self-weight of the 

arches generated a small portion of the service load tension in the tie, and as a result, the 

tie element was subjected to a significant compressive force during PT-2. To avoid 

potential instability in the tie element, the design included a series of small curves in the 
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duct paths so that the tendons would be in contact with the wall of the ducts after a very 

small lateral displacement. As a result, the second-order displacement of the tie element 

during PT-2 was minimized. The intentional curves in the paths of tie tendons are shown 

in Figure 4.23. 

 

 

Figure 4.23- Intentional curves in the duct paths. 

Another concern about the construction process was the potential effect of 

variable through-thickness material properties on the arch performance. The aggregates 

in the concrete have a tendency to settle while bleed water moves in the upward direction. 

As a result, since the arches were cast on their sides in a horizontal position, the modulus 

of elasticity of the concrete could vary through the width of the arch, as shown in 

Figure 4.24. The variable stiffness of the material could result in out-of-plane 

deformations of the arches, known as “sweep”, which could also be detrimental to the 

out-of-plane stability of the structure. To remove the sweep from the arch rib, the 

designers allowed the construction team to de-tension the rib tendons by different 

amounts in PT-2. 
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Figure 4.24- Effect of casting the arches in the horizontal position on  

the variability of material properties. 

 MOTIVATION FOR INSTRUMENTATION  4.6

While significant efforts were taken by the TxDOT design team to minimize the 

risk of cracking and prevent instability or other limit states in the arches, uncertainties 

existed about the modelling assumptions and the resulting stress calculations, especially 

because the structure was the first of its kind. Moreover, the work plan for the arch 

handling operations was primarily developed by the contractor and was out of the direct 

control of the design team.  

In response to these concerns, TxDOT decided to initiate a field monitoring study 

to instrument the arches and make sure that they were not damaged during construction. 

As part of field monitoring, the researchers from The University of Texas at Austin (UT) 

instrumented and monitored the arches during casting, post-tensioning, handling 

operations, and deck construction to evaluate the structural behavior. Therefore, 

impending problems could be detected and discussed with the design engineers and the 

construction team. The instrumentation was therefore a valuable tool that assisted with 

making decisions about modifying the construction procedure when needed. Moreover, 
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the measured stresses in the structure were used to verify the design calculations and 

assess the validity of the assumptions made in the modeling of the structure.  

The following paragraphs describe the roles that were considered for the 

instrumentation in the field monitoring study in order to support the successful 

construction of the West 7
th

 Street Bridge.  

4.6.1 Monitoring the Stresses during Construction 

Monitoring the stresses was the primary role of the instrumentation and had two 

major objectives: (1) to make sure the arches were not damaged during construction 

operations (2) to document the response of this innovative structure and verify the design 

assumptions.  

If tensile stresses in excess of the tensile strength of concrete were developed in 

the arches, cracking would occur. Therefore, it was essential to observe potential tensile 

stresses in the arches and make sure that they were below the tensile strength of concrete. 

The allowable tensile stress in the concrete was conservatively estimated using Equation 

(4-1). The allowable compressive stress was also assumed to be 50% of the estimated 

compressive strength of the concrete at any time. 

 

𝑓𝑡(𝑡) = 4√𝑓𝑐
′(𝑡) (4-1) 

 

Where, 

𝑓𝑡 = Allowable tensile stress in the concrete at time 𝑡, 𝑝𝑠𝑖 

𝑓𝑐
′ = Compressive strength of the concrete at time 𝑡, 𝑝𝑠𝑖 

Ensuring the safety of the arches required continuous monitoring of the installed 

sensors during construction operations to make sure that the arches did not experience 
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excessive stresses. The response of the structure was continuously evaluated and any 

potentially alarming conditions or critical stresses that were not anticipated in design 

were immediately discussed with the designers and the construction team. 

The stresses were also monitored during post-tensioning operations to evaluate 

the axial load distribution in the structure. This information was used to detect 

inconsistent force distribution along the arches, which could indicate a jammed tendon or 

other potential problems. 

To verify the design assumptions, the measured stresses were compared with the 

design calculations only at certain times, which corresponded to the end of specific 

construction operations.  

4.6.2 Monitoring the Hydration Temperatures in the Concrete 

Concrete hydration is an exothermic reaction. As a result, temperatures increase 

in the concrete early in the hydration process. The knuckle regions consist of large 

masses of concrete. Consequently, the heat of hydration is diffused slowly in these 

regions, and there is a potential for excessive temperatures or excessive thermal gradients 

between the depth and the surface of the concrete. Undesirably high temperatures early in 

the hydration process can affect the long-term durability of concrete. Moreover, large 

thermal gradients might lead to thermal cracks in the recently cast concrete. While 

several measures such as using liquid nitrogen and cooling pipes were taken to reduce the 

temperatures in the knuckle region, the temperatures recorded by the instrumentation 

were used to verify the effectiveness of those measures and to ensure that the arches did 

not experience undesirably high temperatures. 

Monitoring the hydration temperatures also provided an indication of the in-situ 

maturity of the concrete. The recorded thermal history was used to estimate the realistic 
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mechanical properties of the concrete such as compressive strength and modulus of 

elasticity. 

4.6.3 Monitoring the Lateral Stability during Post-Tensioning 

The data from the instrumentation were used as an indicator of the stability of the 

arch elements during post-tensioning. The strains measured in the cross sections were 

used to find the internal axial loads and curvatures. The plots of axial load versus in-plane 

and out-of-plane curvatures were qualitatively assessed during post-tensioning to detect 

any nonlinear lateral deformations under axial load increments, which could indicate 

impending buckling. 

4.6.4 Sweep Control 

If necessary, the design team intended to control the sweep by using different 

forces in the rib tendons. The instrumentation provided accurate measurements of the 

out-of-plane curvatures, which could potentially be used to verify the satisfactory 

removal of the sweep. Therefore, the designers could potentially set a limit on the out-of-

plane curvature of the arches as the acceptance criteria for sweep control. However, this 

capability of the instrumentation was not used in the project. The contractor checked the 

out-of-plane deformations through surveying and measured a total sweep smaller than 1 

𝑖𝑛. in the arch ribs. Therefore, no sweep control operations were carried out, and the rib 

tendons were de-tensioned to the same amount in all arches.  

4.6.5 Monitoring the Time-Dependent and Thermal Changes 

The strains measured by the instrumentation provided valuable data on the 

thermal response of the arches and time-dependent changes due to concrete creep and 
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shrinkage. The data were also used to evaluate the prestress losses throughout 

construction.  

The focus of the instrumentation effort was on monitoring the construction of the 

arches in the West 7
th

 Street Bridge. However, as discussed in Chapter 5, the sensors that 

were embedded in this structure can be used to provide reliable data from the arches for 

decades to come. The embedded gages can be used to evaluate the long-term changes in 

the structure and to make decisions regarding the maintenance of the bridge in the future. 

 SIGNIFICANCE OF THE INSTRUMENTATION  4.7

The data collected from the response of the West 7
th

 Street Bridge were not only 

critical for the successful construction of the bridge but also extremely valuable in filling 

the gaps in the literature that were discussed in Chapter 2. Monitoring the response of the 

West 7
th

 Street Bridge during construction and over time provided the first set of field 

data to identify the short-term and time-dependent behavior of concrete network arches. 

This bridge was also the first concrete tied arch bridge of any type that was monitored for 

time-dependent effects and the first network arch of any material that was monitored.  

Monitoring the innovative construction procedure of the West 7
th

 Street Bridge 

also provided a unique opportunity to identify the structural response of concrete arches 

under variable boundary and support conditions. One of the main reasons for the limited 

success of previous monitoring studies in estimating the in-situ stresses in concrete arches 

has been the inability to verify the stresses that are calculated after separating time-

dependent and thermal effects. However, since arches in the West 7
th

 Street Bridge were 

subjected to a variety of boundary conditions, there was a possibility to establish the 

static equilibrium equations under different support conditions and therefore verify the 

magnitude of stresses. 
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Another exceptional opportunity that was provided through monitoring the West 

7
th

 Street Bridge was the possibility to evaluate the variability of stresses in indeterminate 

concrete arches. The twelve concrete arches in this bridge were designed to be identical 

and were fabricated using a consistent construction procedure in which the same 

precision-made steel formwork was used for casting all of the arches and the same 

construction operations were carried out on the arches. Therefore, the main differences 

between the arches were their age and temperature conditions at the time of construction 

operations. Evaluating the difference between stresses in the apparently identical arches 

of the West 7
th

 Street Bridge provided insights into the level of uncertainty in the 

magnitude of stresses and shed light on the feasibility of using advanced nonlinear 

analysis tools for predicting service-level stresses. 

 SUMMARY 4.8

The new West 7
th

 Street Bridge was built with an innovative construction method, 

which was described in this chapter. The precast arches were constructed in a casting 

yard less than one mile away from the bridge location and were later transported to their 

final locations. As a result, the time of street closure was limited to 120 days and the 

interruption to traffic was minimized. However, several post-tensioning and handling 

operations were needed, which posed a cracking risk to the arches. Cracking during 

construction could be detrimental to the stability and durability of the arches in the 

finished bridge. Therefore, TxDOT initiated a field instrumentation study to ensure that 

the arches were not damaged during construction and to verify the design assumptions. 

The instrumentation was a valuable tool during construction to measure the stresses and 

internal temperatures as well as in-plane and out-of-plane curvatures of structural 
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elements. The embedded gages can also be used for long-term evaluations of the bridge 

in the future. 

The field instrumentation of the West 7
th

 Street Bridge also provided a unique 

opportunity to contribute to the literature on concrete arches and network arches as well 

as other types of statically indeterminate concrete structures. This instrumentation study 

was the first ever on the time-dependent behavior of a concrete tied arch bridge of any 

type and also the first on the field response of a network arch of any type. Variable 

loading and boundary conditions also provided an opportunity to identify the response of 

the arches in unprecedented details. The identical design of the arches and their consistent 

fabrication made it also possible to investigate the variability of stresses in modern 

concrete arches.  

The information presented in this chapter provides valuable background for 

Chapters 5 and 6, which describe the field instrumentation and the material studies on the 

West 7
th

 Street Bridge. 
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Chapter 5: Field Instrumentation 

5.1 OVERVIEW 

An extensive field instrumentation program was conducted to monitor the West 

7
th

 Street Bridge. A total of 224 Vibrating Wire Gages (VWGs) were embedded in the 

twelve arches at critical sections that experienced the largest stresses during construction 

and in service conditions. The VWGs were monitored over the 17-month period of 

construction to enable a comprehensive assessment of the short-term and time-dependent 

behavior of the structure. The gages were also monitored during a static live load test 

after the bridge was opened to traffic to identify the live load response and establish a 

performance baseline for the bridge. 

The instrumentation layout that was developed for the field monitoring provided 

good flexibility and resulted in high-precision data. The embedded VWGs allowed for 

both strain and temperature measurements with excellent precision. Moreover, the 

configured data acquisition system was capable of wireless communication to minimize 

the interference with the construction activities. It also provided remote monitoring 

capability and enabled variable scan rates that were adjustable to the speed of ongoing 

construction operations.  

This chapter provides an overview of the field instrumentation program, including 

the detailed procedure for designing and installing the instrumentation and a discussion of 

some of the practical consideration. Post-processing of the data obtained from the 

instrumentation is discussed in Chapter 7.  
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5.2 INSTRUMENTATION PROCEDURE 

The following section describes the systematic procedure used in instrumenting 

the West 7
th

 Street Bridge. A comprehensive explanation of the instrumentation efforts is 

given herein so that the experience obtained through the course of this study can 

potentially provide guidance for future field monitoring projects.  

5.2.1 Identifying Measurement Requirements 

The measurements of interest in this program included concrete strains and 

temperatures. Concrete strains were the most important outputs of the instrumentation, 

which provided a picture of the structure’s response to different loading conditions in 

terms of stresses, curvatures, time-dependent strain changes, and prestress losses. On the 

other hand, concrete temperatures at the time of strain measurement were essential in 

correcting the strain values for thermal effects. Moreover, as discussed in Chapter 6, 

concrete hydration temperatures were needed for calculating the maturity index of the 

concrete in the structure and hence the in-situ mechanical parameters. Therefore, any 

instrumentation plan for this structure had to accommodate both strain and temperature 

measurements. 

Another important consideration was the necessary scan rates for the 

instrumentation, i.e., how frequently strain and temperature data were needed from the 

sensors. As discussed in Chapter 2, the measurements from the arches should satisfy the 

major objectives of verifying the design assumptions and ensuring the safety of the 

arches during construction. For the purpose of design verification, frequent scans were 

not necessary. A few measurements per day were usually adequate to identify the 

changes in the structure due to each construction activity. However, ensuring the safety 

of the structure during construction operations needed almost real-time output from the 

sensors. Fortunately, the construction operations were performed relatively slowly. Post-
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tensioning operations caused the fastest stress changes in the structure and therefore 

governed the scanning frequency. Considering the speed of post-tensioning operations, a 

scan rate of once every 3 minutes was sufficient to detect potentially alarming conditions 

in the structure after post-tensioning of each tendon. As a result, the instrumentation used 

in this program required the ability to make static measurements with a minimum 

frequency of once every 3 minutes.  

5.2.2 Selecting the Sensor Type: Vibrating Wire Gages 

The sensors for the West 7
th

 Street Bridge had to satisfy a variety of requirements 

in addition to those discussed above. These requirements, which are listed in Table 5.1, 

resulted in selecting Vibrating Wire Strain Gages (VWGs), as the optimal sensor type for 

this study. The following paragraphs provide an overview of the VWGs and their benefits 

and disadvantages. 

Table 5.1-Requirements for the sensors. 

Requirement Description 

Accuracy Providing accurate measurements of strains 

Precision 
Capable of making repeatable measurements of the expected 

strain levels  

Resolution 
Capable of making fine measurements and detecting small 

changes 

Durability 
Capable of surviving the construction operations and long-

term environmental effects 

Time stability 
Possessing a stable zero reading that does not drift so that 

readings can always be referred to a fixed datum 

Economy Economically feasible 

Ease of 

installation 
Easy to install in the field in a timely fashion 

Vibrating wire transducers were first developed in Europe in the early 1930s 

(Bordes & Debreuille, 1985), and have been used in a wide variety of instruments 
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including strain gages, load cells, and earth pressure cells. Various types of structures 

including dams, tunnels, bridges, buildings, and piles have been instrumented using 

vibrating wire transducers.  

A vibrating wire strain gage consists of a steel wire that is tensioned between two 

end blocks. The end blocks are attached to or embedded inside the member under study. 

The wire can vibrate freely at its natural frequency, which depends on the tensile force in 

the wire. A relative displacement between the two end blocks will change the tension in 

the wire and hence its natural frequency. Therefore, by monitoring the change in the 

natural frequency of the wire, the corresponding change in strain can be calculated. In 

addition to measuring strain, VWGs usually include a thermistor to provide a 

simultaneous measure of temperature at the gage location.  

Whenever a frequency measurement is needed, an electrical current is run through 

a magnetic coil adjacent to the tensioned wire to “pluck” the wire. The magnetic field in 

the coil displaces the wire from its original position. When the current is turned off, the 

plucked wire starts to vibrate at its natural frequency. The vibrations cause an alternating 

current in a pick-up sensor, which can be the same coil that was used to pluck the wire. 

The frequency of the alternating current will be the same as that of the wire and is 

measured by a frequency counter (Jacobsen, Israelsen, & Swenson, 2010) and (Choquet, 

Juneau, Debreuille, & Bessette, 1999).  

Figure 5.1 shows a Geokon Model 4200 vibrating wire strain gage, which is the 

sensor that was selected for use in this instrumentation program. This model is designed 

for direct embedment in concrete. As can be seen in the figure, the vibrating wire is 

protected inside a steel tube and is attached to a mechanism that comprises pluck and 

read coils and a resistance-based thermistor. The specifications for this model of VWG 

are listed in Table 5.2. 
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(a) 

 
(b) 

Figure 5.1-Geokon Model 4200 VWG. (a) A VWG with the plucking coil and lead wire (Geokon).  

(b) Schematic diagram of the gage components (Geokon, 2012). 

 

Table 5.2- Geokon Model 4200 VWG Specifications (Geokon, 2012). 

Parameter Units Quantity 

Strain Range 𝑀𝑖𝑐𝑟𝑜𝑠𝑡𝑟𝑎𝑖𝑛 3000 

Strain Resolution 𝑀𝑖𝑐𝑟𝑜𝑠𝑡𝑟𝑎𝑖𝑛 1 

Operational Temperature  °𝐶 −20 𝑡𝑜 + 80 

Thermistor Resolution °𝐶 ±0.5 

Gage Dimensions (Length×Diameter) in 6.125 × 0.75 

Coefficient of Thermal Expansion 1/°𝐶 12.2 × 10−6 
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Vibrating wire gages offer a variety of benefits that make them desirable for field 

instrumentation, especially if long-term monitoring is intended. Some of their most 

important benefits are highlighted in the following paragraphs. 

Superior durability 

There is global agreement that VWGs are very durable, both in surviving the 

construction operations and in remaining serviceable for extended periods. Bordes and 

Deberuille (1985) investigated statistics from Telemac VWGs in France, which had been 

in service for 40 years. They reported an average loss of 0.004 gages per year, not 

counting the first-year failures. The most common cause of instrumentation failure was 

reported to be cable damage during gage installation. They predicted that at least 80% of 

the VWGs installed in 1985 were expected to remain operational for more than 50 years 

(Bordes & Debreuille, 1985). The excellent durability of the VWGs under construction 

operations was also observed in several previous research projects at The University of 

Texas at Austin (Oswald & Furlong, 1993), (Gross, 1998), (Kwon, 2012), and (Garber et 

al., 2013).  

Excellent long-term stability 

An instrument is said to have time-stability or no zero-drift if under constant 

input, its calibrated output does not change over time (McRae & Simmonds, 1991). The 

stability of the instruments is of paramount importance in applications that involve long-

term monitoring, especially if periodic, rather than continuous monitoring, is intended. 

The readings at any time can be compared to the same initial datum only if the sensor 

output has long-term stability.  

The manufacturing procedure for VWGs relieves them from any residual stresses 

that could affect their long-term output (McRae & Simmonds, 1991). As a result, VWGs 
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possess outstanding long-term stability. In studies by McRae, negligible changes were 

observed in the calibrated output of Geokon VWGs after 15 years (Larson, Tesarik, 

Seymour, & Rains, 2000). In another study by Choquet et al. (1999), VWGs were 

evaluated for approximately four years and revealed minimal changes in their calibration 

slope. DiBiagio (2003) studied the long-term stability of 10 VWGs, from which eight 

were continuously vibrating at their natural frequency. Over a period of 27 years, the 

average drift of the zero reading was only 0.2% Full Scale (FS). These studies 

demonstrate that VWG outputs are very reliable for long-term and periodic monitoring 

applications.  

Insensitivity to wire length 

Since the measurement output from a VWG is a frequency, the readings are not 

affected by the length of the lead wire. As a result, VWGs are more precise than typical, 

foil-type strain gages, which work based on electrical resistance and are affected by lead 

wire lengths. In field instrumentation, the lead wires can be cut to desired lengths up to 

200’ without any concerns regarding increased errors in strain measurements (Larson et 

al., 2000).  

Ease of Installation 

The main components of the VWGs are well protected from environmental 

effects, especially water infiltration, so their installation is relatively simple. The only 

consideration for the embedment of a VWG is to make sure that that the gage is installed 

securely so that the location and orientation of the instrument do not change and the coil 

housing is not detached from the gage. Additional care should be taken during concrete 

placement as well as concrete vibration, which might dislodge the gage or the reinforcing 

bar that the VWG is mounted on. As described in Section 5.2.8, VWGs can be installed 
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quickly using plastic zip ties. Easy and quick installation of VWGs is one of their main 

advantages over foil strain gages, which require time-consuming installation and 

protection steps, including grinding, cleaning, bonding, and waterproofing. 

While VWGs provide the aforementioned benefits to field instrumentation 

applications, they have some setbacks, which are discussed below. 

Scan Rate Limitations 

Typical VWGs such as the Geokon Model 4200 have been categorized as static 

instruments because measuring the natural frequency of the wire takes some time. With 

the available technology at the time of the instrumentation study on the West 7
th

 Street 

Bridge, the maximum possible measurement rate for VWGs was slightly more than once 

every 2 seconds. Moreover, the monitoring system that was used in this research 

necessitated the use of sequential relay terminals called multiplexers, which further 

limited the available scan rates. As a result, the instrumentation on the West 7
th

 Street 

Bridge was not capable of monitoring dynamic effects including those due to traffic 

loading. However, the objective of the instrumentation was monitoring the construction 

operations and time-dependent changes, and as mentioned in Section 5.2.1, a maximum 

scan rate of once every 3 minutes was sufficient for this application. Therefore, the 

limited scan rate was not a concern in this program. 

A new technology for exciting VWGs was introduced in 2013. With this 

technology, scan rates up to 300 times per second have become possible for making 

accurate measurements from standard VWGs similar to those embedded in the arches 

(Cornelsen & Jacobsen, 2013). Thus, the same embedded instruments can potentially be 

used for monitoring the traffic effects on the West 7
th

 Street Bridge in the future.  
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Cost 

Compared to conventional strain gages, VWGs are relatively expensive. At the 

time of instrumenting the West 7
th

 Street Bridge, a Geokon Model 4200 VWG was 

approximately 10 times more expensive than a regular foil gage. However, due to their 

long-term reliability and remarkable survival rate in field conditions, VWGs were still 

considered economically feasible for this project.  

5.2.3 Assessing the Instrumentation Capabilities 

The instrumentation was expected to play a key role in ensuring the 

satisfactory construction of the arches. Therefore, gaining confidence in VWG readings 

was essential. A preliminary study was conducted at FSEL to evaluate the capabilities of 

VWGs in controlled laboratory tests and to identify their limitations. Three slender post-

tensioned concrete elements with relatively small cross-sections were constructed and 

tested under several combinations of post-tensioning and external axial load. The 

specimens were instrumented using embedded Geokon Model 4200 VWGs in addition to 

linear potentiometers and load cells.  

This study, details of which are reported by Blok (2012), showed that VWGs 

would be an effective means to monitor the behavior of the arches. The laboratory studies 

showed that the gages are capable of providing a reliable picture of the behavior of a 

post-tensioned element and can be used for detecting impending distress such as cracking 

or buckling. The VWG readings were stable, precise, and consistent with linear 

potentiometer and load cell measurements. As a result, it was concluded that the selected 

type of instrument was an effective choice for monitoring the West 7
th

 Street Bridge.  



136 

5.2.4 Selecting the Instrumentation Locations 

Selecting the locations of the VWGs in the West 7th Street Bridge was based 

on the following decisions, which were made in coordination with the TxDOT design 

team. 

5.2.4.1 Instrumented sections in each arch 

Design calculations had identified sections with the largest stresses during 

construction operations and service-load conditions. These sections, which are shown in 

Figure 5.2 and listed in Table 5.1, were selected as the primary locations of the 

instrumentation. Among these sections, Section 1 was the most vulnerable section to 

cracking, with a minimum compressive stress of approximately 100 𝑝𝑠𝑖 during upward 

jacking. Therefore, monitoring Section 1 was particularly important for ensuring the 

safety of the arches during construction. 

The exact locations of Sections 1 and 8 could not be instrumented because block-

outs for the floor beam connections were located at the same sections. Therefore, the 

instrumented Section 1 and Section 8 were typically 2 𝑓𝑡 and 3 𝑓𝑡 apart from the most 

critical sections, respectively.  

5.2.4.2 Arrangement of VWGs within the instrumented sections 

The sectional arrangement of VWGs required knowledge of the expected strain 

distribution in each cross section. While VWGs were located inside the cross sections, 

the largest strains and stresses occurred at the corners. Therefore, the most critical strains 

and stresses could not be directly found through measurement and needed to be 

calculated. This calculation was dependent on the distribution of the strains within each 

cross section. 

According to St. Venant’s principle, disturbed regions or D-regions (“D” 

representing discontinuity or disturbed) are assumed to exist within one member depth 
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from the location of any discontinuity in load or geometry, and other parts of the structure 

are assumed to be B-regions (“B” representing beam or Bernoulli). In B-regions, the 

distribution of the strains is linear. In other words, plane sections remain plane and linear 

interpolation or extrapolation can be used to calculate the strains and stresses at any point 

in the cross section. On the other hand, in D-regions, the distribution of strains is 

nonlinear, and interpolation or extrapolation of strains is invalid (Birrcher et al., 2008). 

 

 
Figure 5.2- Locations of critical sections in the structure, as predicted in design.  

(The critical sections are symmetric about the midspan, so only half of the arch is shown). 

Table 5.3- Description of the critical sections as predicted in design. 

Section 

No. 
Location Critical Loading Conditions 

1 Knuckle- Rib Upward Jacking, Service load 

2 Knuckle- Tie PT-1, Service load 

3 Lifting Frames 2 and 5-Rib Rotation 

4 Lifting Frames 2 and 5-Tie Rotation 

5 Lifting Frames 3 and 4-Rib Rotation 

6 Lifting Frames 3 and 4-Tie Rotation 

7 Midspan-Rib Slab Cast, Service Load 

8 Midspan-Tie Service load 
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The arches were divided into the B- and D-regions that are shown in Figure 5.3. 

The geometric discontinuity at the knuckle regions and concentrated forces at the 

locations of floor beams were the main sources of disturbance to strains. The arches also 

included 52 hangers that crossed the rib and the tie many times. However, each hanger 

carried a small force, which was not expected to disturb the linear strain profile 

significantly. Therefore, the hangers were not considered in separating the B- and D-

regions that are shown in Figure 5.3. As can be seen in this figure, Sections 1 and 2 were 

located in D regions whereas other instrumented sections were located in B-regions. 

Different numbers of VWGs were used for instrumenting the sections in B- and 

D-regions of the arches. For the sections located in B-regions, (Sections 3 through 8), 

three non-collinear VWGs were used because a unique plane could be passed through 

every three non-collinear points. In contrast, determining the strain distribution in D-

regions would have required many VWGs within the depth of the section, which would 

have been impractical. Therefore, it was decided to rely on the design team’s predictions 

for Sections 1 and 2. In these sections, two VWGs were installed near the top surface, 

which was anticipated to experience the maximum strains.  

Figure 5.4 shows the final arrangement of the VWGs in different sections of the 

structure. As can be seen in this figure, sections in D- and B-regions are instrumented 

using two and three VWGs, respectively. For the first four arches, the midspan sections 

were instrumented using four VWGs in order to provide some redundancy and a 

reference for comparison. For subsequent arches, the midspan sections were instrumented 

using three gages. 

5.2.4.3 Variation of the instrumentation between arches 

If the arches had been identical, instrumenting only one arch would have been 

sufficient for identifying the structural response of concrete network arches and making 
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sure that none of the arches would get damaged during construction. However, due to the 

following reasons, different construction stresses were expected in subsequent arches.  

1) Unanticipated Incidents: There was a possibility of unanticipated incidents 

during construction, especially during post-tensioning. For example, in two arches, 

anchorage failures occurred during post-tensioning, resulting in sudden changes in the 

prestressing forces and concrete stresses. 

2) Hand-tightened elements: The construction procedure required the hangers to 

be hand-tightened before arch rotation. Due to the high level of indeterminacy in the 

structural system, the forces in the hangers were generally unknown before the upward 

jacking operations and could be significantly variable between arches.  

3) Different time-dependent and thermal stresses: As noted above, the arches 

were highly indeterminate. Therefore, time-dependent and thermal deformations of the 

concrete in the arches induced substantial stresses in the structure. On the other hand, 

each arch experienced a different thermal history and had a different age at final erection 

into the bridge. As a result, even if the construction was perfectly consistent, different 

locked-in stresses would be expected in apparently identical arches.  

Considering the expected general uniformity of the construction together with 

sources of variability mentioned above, it was decided to instrument the first four arches 

extensively to evaluate their structural response during construction and make sure of the 

suitability of the construction procedure. Once these arches were constructed 

successfully, the other arches could be instrumented only at the midspan and the most 

vulnerable sections during construction. This instrumentation plan could also serve the 

goal of evaluating the variability of stresses in concrete arches, as mentioned in Section 

4.7. 
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Figure 5.5 shows the instrumented sections in different arches. As can be seen in 

this figure, all of the sections shown in Figure 5.4 were instrumented in Arches 1 and 2 so 

that the satisfactory performance of these arches during construction could be ensured. 

Since construction operations were successful for these two arches, Sections 5 and 6 were 

not instrumented in Arches 3 and 4. After successful construction of Arch 4, the 

subsequent arches were instrumented only at the midspan and Section 1, which was the 

most vulnerable section during construction. The number of VWGs in each arch is shown 

in Table 5.4.  

 

 
Figure 5.3- Locations of the instrumented sections with respect to D- and B-regions. 

 

Table 5.4-Number of VWGs in different arches. 

Arch No. 
Instrumented 

Sections 

Number of 

VWGs 

1-2 1,2,3,4,5,6,7,8 40 

3-4 1,2,3,4,7,8 28 

5-12  1,7,8 10 

Sum 224
*
 

* Eight VWGs, used for assessing local effects in arches 11 and 12, are taken into account.  
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Figure 5.4- Arrangement of VWGs in different sections of the arches. 

(Each × sign represents the location of a VWG). 



142 

 
(a) Instrumented sections in Arches 1 and 2. 

 
(b) Instrumented sections in Arches 3 and 4. 

 
(c) Instrumented sections in Arches 5-12. 

Figure 5.5-Instrumented sections in different arches. 
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5.2.5 Designing the Data Acquisition Network 

Monitoring the instrumentation in the arches was accomplished through 

several Data Acquisition (DAQ) units that formed a network. The function of the DAQ 

network was to excite the instruments, acquire and process the output signals, and store 

the data. The demands on the network necessitated several requirements, including those 

listed below: 

 

1) Being compatible with VWGs 

2) Providing enough channels for VWGs so that at least two arches could be 

monitored simultaneously 

3) Producing minimized interference to the construction activities on the site 

4) Providing flexibility for arch rotation and transportation operations 

5) Being capable of remote and on-site monitoring 

A wireless DAQ network, which is shown in Figure 5.6, was designed to 

satisfy these requirements. The following paragraphs describe the main components of 

the DAQ network. 

5.2.5.1 Data logger 

The primary function of a data logger is to make measurements from the 

instrumentation at certain times and then, collect and store the data. In essence, the data 

logger is the command and control center for the DAQ network. 

The data loggers used in this study were Campbell Scientific CR3000 

Microloggers, which are able to connect to a variety of instruments and interface devices. 

These data loggers are programmable to execute scans at variable rates as well as 

performing initial post-processing calculations. To make measurements from VWGs, the 

data loggers were used together with VWG analyzers. In this configuration, the DAQ 

network had a decentralized control fashion, and data acquisition was distributed between 
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the data logger and the analyzer, as explained in Section 5.2.5.2. Each data logger 

controlled multiple analyzers through wireless communication, and each analyzer made 

measurements from as many as 32 VWGs through multiplexers.  

Since all measurements were made by the analyzers, no instrument was wired to 

the measurement ports of the data loggers. However, as shown in Figure 5.6, two 

important communication devices were connected to each CR3000: (1) an RF401 spread 

spectrum radio, which enabled communication with wireless analyzers, and (2) an 

Airlink RavenXTV cellular network modem, which made the data loggers controllable 

via internet connection so that the DAQ programs could be changed and the collected 

data could be retrieved remotely. The RF401 radios were manufactured by Campbell 

Scientific while the modems were manufactured by Sierra Wireless.  

Three data loggers were used for monitoring the arches. Wireless connectivity and 

the decentralized style of the network enabled each data logger to connect to an unlimited 

number of analyzers. However, scanning a large number of VWGs was time consuming, 

and using a single data logger would have resulted in long delays between measurements. 

Therefore, the number of data loggers was increased to three to keep the maximum scan 

delay below 3 minutes. Each data logger worked independently, making measurements 

from certain VWGs.  
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Figure 5.6- DAQ network configuration. 
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5.2.5.2 VWG Analyzer 

The vibrating wire spectrum analyzer, herein referred to as “the analyzer”, 

functions as a local command center in the network and makes the DAQ compatible with 

VWGs. This device measures the natural frequency of the VWG and the electrical 

resistance of its thermistor. For each VWG measurement, the data logger contacts the 

analyzer through wireless communication and requests for data. In response, the analyzer 

makes the measurements and transmits the data back to the data logger. Each analyzer 

has a unique network address so that the data logger can contact a particular analyzer 

when needed. 

Five Campbell Scientific AVW206 analyzers were used in the instrumentation of 

the West 7
th

 Street Bridge. This model had only two channels for connecting to VWGs. 

Since more gages needed to be scanned by each analyzer, multiplexers were connected to 

the analyzer channels, as explained below.  

5.2.5.3 Multiplexer 

The main function of a multiplexer is to increase the number of instruments that 

can be connected to a limited number of channels on DAQ units. The multiplexer is 

connected to multiple gages at one end and a single communication channel at the other 

end. When needed, this device goes through the gages and connects them to the 

communication channel one after another.  

In this instrumentation program, Campbell Scientific AM16/32B multiplexers 

were positioned between the analyzers and the VWGs. Whenever the data logger ordered 

a scan, the analyzer turned on the multiplexer. The multiplexer then progressed through 

the VWGs and connected them one by one to the analyzer channel to read and store data 

from the sensors. Once all the VWGs were scanned, the analyzer relayed the data to the 

data logger and then turned off the multiplexer. Each AM16/32B multiplexer can be 
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connected to a maximum of 16 VWGs. Therefore, with two multiplexers, the reading 

capability of each analyzer was increased from 2 to 32 gages.  

This combination of multiplexers and analyzers introduced more limitations to the 

available scan rates. As mentioned in Section 5.2.2, reading a single VWG takes slightly 

less than 2 seconds. When the VWG was connected to a multiplexer, switching between 

the channels of the multiplexer increased this delay time to approximately 2 seconds. 

Therefore, in order to satisfy the scan rate limits in this study, the maximum number of 

VWGs that could be handled by one data logger was limited to 90 so that: 

 

2 Sec./gage × 90 = 180 Sec = 3 min. 

 

5.2.5.4 Hand-held Readout Box 

All arches were monitored during the main construction operations. However, 

keeping all arches connected to network at all times was not possible due to limitations 

on the number of channels available on the DAQ network. Therefore, when the arches 

were in storage, many of them were not continuously monitored.  

 

 

Figure 5.7- A GK-404 Readout box (Geokon). 
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In order to keep track of time-dependent changes in the arches that were 

disconnected from the DAQ network, a Geokon GK-404 readout box, which is shown in 

Figure 5.7, was used. This palm-sized readout device enabled measurements of strains 

and temperatures from the VWGs. The device was also used during the VWG installation 

phase to make sure of the functionality of the gages.  

5.2.6 Programming the data loggers 

The CR3000 data loggers were programmed using Loggernet 4, the software 

package produced by Campbell Scientific. The most important instrumentation 

parameters in the program were as follows. 

1) Scan rate 

The data loggers were programmed to be able to make measurements in three 

modes: fast (one scan every 150 seconds), slow (one scan per hour), and intermediate 

(one scan every 10 minutes). Therefore, it was possible to choose any of these scan rates 

when needed, without changing the program. The fast mode was used during construction 

operations while the slow mode was used throughout the idle periods of construction 

such as nights. The intermediate scan mode was primarily used when the DAQ system 

was on standby for a construction operation. 

2) VWG Measurement Parameters 

The program determined which analyzers should be contacted by each data logger 

at desired scan times. Moreover, VWG measurement parameters were defined in the 

program, which included excitation voltage and frequency range for the VWGs and the 

number of multiplexer channels that needed to be scanned by the analyzer.  
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3) Data Processing and Storage 

After each measurement, the analyzers report the natural frequency and thermistor 

resistance obtained from each VWG to the data logger. The reported data also included a 

set of diagnostic parameters that describe the quality of the VWG signal. The most 

important diagnostic parameter was the signal-to-noise ratio obtained during frequency 

measurements from the VWGs. The data loggers were programmed to store all 

measurements and diagnostic parameters and conduct basic calculations to convert the 

measurements to strain and temperature data, according to Equations (5-1) and (5-2).  

 

𝜀𝑉𝑊𝐺 = 𝐺 × 𝐵1 × 𝑓2 (5-1) 

  

𝑇 = 1.8 × (
1

𝐴 + 𝐵 × 𝐿𝑛(𝑅) + 𝐶 × (𝐿𝑛(𝑅))
3 − 273.2) + 32 

(5-2) 

In which, 

𝜀𝑉𝑊𝐺 = strain in the vibrating wire, 𝑀𝑖𝑐𝑟𝑜𝑠𝑡𝑎𝑖𝑛 

𝑇 = temperature, °𝐹 

𝑓 = frequency in the vibrating wire, 𝐻𝑧  

𝑅 = thermistor resistance, Ω 

𝐺 = gage factor = 3.304 × 10−3 

𝐵1 = batch calibration factor according to the manufacturer 

(0.97 for all gages used in this study) 

A =1.026 × 10−3 

B =2.478 × 10−3 

C =1.289 × 10−7 

5.2.7 Assembling the DAQ Units 

To provide protection from rain and dust in the field, all DAQ units were installed 

in weather-resistant boxes. The analyzers and multiplexers were installed in small boxes, 
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herein referred to as Data Collection (DC) boxes, which were attached to the arches. Each 

data logger, together with its cellular network modem and spread spectrum radio was 

installed in larger boxes, herein referred to as Data Logger (DL) boxes. All DC and DL 

boxes were corrosion-resistant PVC enclosures in which the DAQ equipment was 

mounted on metal back panels. The DC and DL boxes measured 12"×12" × 6" and 

19"×17" × 9", respectively.  

One of the assembled DL boxes is shown in Figure 5.8 (a and b). The data loggers 

in these boxes were powered by 20𝑤 solar panels during daytime hours. The solar panels 

were also used to recharge 12-𝑉, 12-𝐴ℎ backup batteries that provided power to the 

system during nighttime hours. During the initial stages of construction, the DL boxes 

were located inside a trailer belonging to UT on the construction site. Figure 5.9 (a) 

shows the solar panels that provided power for the DL boxes in the trailer. At later stages, 

the boxes were mounted on solar panel stands in the field, as shown in Figure 5.9 (c). The 

DL boxes were designed for portability. Therefore, as shown in Figure 5.9 (b), during the 

half-mile transportation of the first two arches, one of the DL boxes could be positioned 

in a car and be moved together with the arches to make sure the data logger was within 

the communication range of the analyzers. For later arches, two stationary DL boxes 

were used together to monitor the whole transportation process; one of the DL boxes, 

which is shown in Figure 5.9 (d), was positioned on the roof of a parking garage near the 

bridge site and the other one remained in the precasting yard.  

Figure 5.8(c and d) shows one of the assembled DC boxes. Each DC box was 

powered by a 12- 𝑉, 12-𝐴ℎ sealed rechargeable battery, which maintained sufficient 

power for approximately one month. The discharged batteries were regularly replaced by 

recharged batteries during site visits.  
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(a) 

 
(b) 

 
(c) 

 
(d) 

Figure 5.8- DL and DC boxes.(a) The components inside a DL box (b) The outside appearance of a 

DL box. (c) The components inside a DC box. (d) The outside appearance of a DC box. 
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(a) 

 
(b) 

 
(c) 

 
(d) 

Figure 5.9- DL box details. (a) Solar panels for powering up the DL boxes in the trailer. (b) The 

portable DL box during arch transportation. (c) A stationary DL box mounted on the solar panel 

stand. (d) The stationary DL box near the transported arches. 
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5.2.8 Installing the VWGs 

The field installation of the VWGs started in June 2012 and was finished in 

February 2013. For each arch, the VWGs were installed before concrete placement, 

immediately prior to the assembly of the outside forms. The VWGs were attached to 18-

𝑖𝑛. long number 3 reinforcing bars that were tied to the transverse reinforcement of the 

arches. As shown in Figure 5.10, machined plastic blocks were used to provide a fixed 

spacing between the gage and the rebar. Two pairs of plastic zip ties were also used to 

attach the VWGs to the blocks and the blocks to the rebars. Prior to field instrumentation, 

the VWGs were mounted on the rebars in FSEL to facilitate the installation process on 

the field. However, the zip ties that attached the plastic blocks to the rebars were not 

completely tightened to allow for some flexibility in the field. All VWGs were also tested 

in the laboratory to confirm their functionality. 

 

 
Figure 5.10-A VWG attached to the reinforcing bar. 

Installation of the VWGs in the field included the following steps: 

1. The longitudinal location of each gage was marked on the arch reinforcement. 

Since the soffit of the arch formwork was constructed with excellent precision, all 

measurements were taken from the corners or edges of the soffit. To make sure 



154 

that all the VWGs at the instrumented sections were located in the same plane, a 

rotary laser level was used, as shown in Figure 5.11 (a). A square was also used to 

make sure that the all instrumented sections were exactly perpendicular to the 

longitudinal axis of the tie or the rib so that only normal strains and stresses could 

affect the VWGs.  

2. The number 3 reinforcing bars were tied to the transverse reinforcement of the 

arches using plastic zip ties, as shown in Figure 5.11 (b). Once the mounting rebar 

was fixed in the desired location, the VWG was moved along the mounting rebar 

if needed, and then all the zip ties were tightened.  

3. The VWG cables were pulled through the reinforcing cage, as shown in 

Figure 5.11(c and d). The cables were labeled at FSEL, so each cable was 

assigned to a certain VWG. All cables were routed to the locations approved by the 

design team and the contractor. For the first three arches, the cables entered the cage 

from both arch ends. For other arches, all the cables entered the cage from one end, 

which became the eastern end of the arches in the finished bridge. 

4. The VWG pluckers were attached to the gages. To make sure the pluckers would 

not get detached from the VWGs, two zip ties were used to fix the plucker to the 

gage, as shown in Figure 5.12 (a). Moreover, a relief loop was provided in the 

cable path, so that if the cables were pulled for any reason, they would not get 

detached or disconnected. 

5. Using plastic zip ties, the cables were fixed to the longitudinal reinforcement of 

the arches for protection during the casting and concrete consolidation operations. 

(Figure 5.12 (b))  

6. The cables were cut outside of the reinforcing cage. To allow for flexibility and 

safety of the DC boxes, an extra cable length of 20𝑓𝑡 was provided outside the arches, 
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as shown in Figure 5.12(c). The cables outside the arch were also covered with UV 

resistant conduit for protection from exposure to the sunlight. 

7. The ends of the VWG cables were attached to special connectors shown in 

Figure 5.12 (d). These connectors enabled quick attachment to or detachment 

from multiplexer channels.  

8. All VWGs were checked using a GK-404 readout box to confirm their 

functionality. (Figure 5.12(e)) 

9. The gages were connected to appropriate channels on the multiplexers in the DC 

boxes. (Figure 5.12 (f)). The first three arches were connected to two DC boxes 

whereas other arches were connected to only one DC box. 

10. The final as-built locations of the VWGs were measured and recorded to provide the 

coordinates of each gage critical for calculations. 

11. Once the outside forms were installed, the locations of all gages were labeled on top of 

the formwork, as shown in Figure 5.13 (a), to make sure construction personnel were 

aware of the gage locations. Therefore, the potential for damage during concrete 

placement and consolidation was minimized.  

12. After the concrete pour was completed and before the end of finishing operations, 

a temporary wood assembly was constructed at the arch plinths, as shown in 

Figure 5.13 (b), to ensure that the cables exited the arch at desired locations and 

remained perpendicular to the surface of the arch. 

 

The author was present on the site for the casting of all 12 arches of the West 7
th

 

Street Bridge to make sure that the VWGs remained operational before they were 

embedded in concrete. The suitability of the cable arrangement at the exit locations in the 

final concrete finish was also ensured so that the instrumentation could be maintained in the 
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final bridge following the end of construction. Table 5.5 provides the schedule of VWG 

installation and concrete pour for the arches. 

 

 
(a) 

 
(b) 

 

 
(c) 

 
(d) 

Figure 5.11- VWG installation process. (a) Using the rotary laser level. (b) Installing the VWG in the 

marked position. (c) Cable spools at the end of the arch. (d) Pulling the cables through the cage. 
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(a) 

 
(b) 

 
(c) 

 
(d) 

 
(e) 

 
(f) 

Figure 5.12-VWG installation process (continued).  

(a) Attachment of the plucker to a VWG. (b) VWG cables fixed to the longitudinal reinforcement.  

(c) Providing extra length for VWG cables outside the arches. (d) VWG end connectors.  

(e) Checking VWGs using a GK-404. (f) Connecting the VWGs to the multiplexers. 
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(a) 

 
(b) 

Figure 5.13- VWG installation process (continued).  

(a) Labeling the locations of the VWGs on the formwork. (b) Fixing the gage cables at the exit 

location. 

 

Table 5.5- The schedule of VWG installation and concrete pour for the arches. 

Arch 

No. 

Number 

of VWGs 
VWG Installation Date 

Concrete Pour  

Date 

1 40 June 20, 2012 July 10, 2012 

2 40 July 20 and 24, 2012 August 7, 2012 

3 28 August 27, 2012 September 11, 2012 

4 28 September 14 and 15, 2012 September 25, 2012 

5 10 October 6, 2012 October 16, 2012 

6 10 October 13, 2012 October 26, 2012 

7 10 November 6, 2012 November 13, 2012 

8 10 November 24, 2012 December 4, 2012 

9 10 December 8, 2012 December 19, 2012 

10 10 December 24, 2012 January 7, 2013 

11 12 January 17, 2013 January 22, 2013 

12 16 Feb 1 and 2, 2012 February 5, 2013 

Total 224 
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5.3 MONITORING THE INSTRUMENTATION 

For each arch, monitoring the strains and temperatures began before the concrete 

pour was started and continued throughout the construction operations until the end of 

PT-2. Following the end of PT-2, the DC boxes were transferred to subsequent arches if 

needed, and periodic readings were used to track the time-dependent changes in the 

arches that were in storage. For later stages of construction, such as upward jacking and 

transportation operations, the continuous monitoring was reinstated by moving the DC 

boxes from one arch to another. In order to get a better picture of time-dependent changes 

in the arches, attempts were made to maintain continuous monitoring for as long as 

possible, even when no construction activity was in progress. In particular, Arch 2 was 

almost continuously monitored throughout the construction. The data collected during the 

idle stages of construction also played an important role in understanding the thermal 

behavior of the structure.  

The designed components of the instrumentation network proved to be efficient 

and flexible during construction. When the arches were moved over relatively large 

distances, for example during arch rotation, sliding, and transportation, the DC boxes 

were moved together with the arches and the DL boxes could communicate with the DC 

boxes, manage the instrumentation process, and provide the measured data. Figure 5.14 

shows the situation of the DC boxes during different arch movement operations. 

After the arches were installed in their final locations, moving the DC boxes from 

one arch to another and doing routine battery replacement became much more 

challenging. As shown in Figure  5.18, accessing the DC boxes on transported arches 

required the use of a boom lift. When the original bridge was demolished, the situation 

worsened, and some of the arches became practically inaccessible for monitoring 

purposes. As a result, although all arches were monitored for the transportation 
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operations and during erection onto the final bearings, only two spans of the bridge were 

monitored for floor beam installation and deck construction. A third span was monitored 

for floor beam installation, but not for deck construction.  

 

 
(a) 

 
(b) 

 
(c) 

 
(d) 

Figure 5.14- The situation of the DC boxes during different arch movement operations. 

(a) Rotation. (b) Sliding. (c) Transportation. (d)Final lifting.  

 

Figures 5.15 to 5.17 provide a summary of the monitoring timeline for the arches 

during a 16-month period that starts at the end of concrete pour for Arch 1 and finishes at 

the end of construction. As can be seen in these figures, Arch 2 and Arch 4 were the only 
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arches that were continuously monitored during deck construction. For Arch 1, during 

most of the storage time and also during deck construction, only half of the VWGs were 

connected to the DC boxes. However, as mentioned earlier, when the arches were not 

connected to the DC boxes, periodic monitoring was still in progress, and strains and 

temperatures were measured using the hand-held reader on each site visit.  

For the first two arches, monitoring was conducted on-site for all construction 

operations so that proper functioning of the monitoring system could be ensured and any 

potentially alarming conditions could be relayed to the construction team immediately. 

For subsequent arches, remote monitoring was used; however, close communication was 

maintained with the construction team to get informed of ongoing activities on the field 

and to relay the observations from the structure’s response. 
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Figure 5.15- Timeline for monitoring Arches 1-4 during construction. 
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Figure 5.16- Timeline for monitoring Arches 5-8 during construction. 



164 

 
Figure 5.17- Timeline for monitoring Arches 9-12 during construction. 
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Figure 5.18- Disconnecting a DC box after the transportation of Arch 3. 

To ensure the safety of the arches during construction, an immediate picture of the 

structural behavior of the arches was necessary. Therefore, a post-processing module was 

programmed to calculate the stresses, curvatures, and internal actions in the critical sections of 

the arches in a real-time fashion. The basis for the calculations in this module is explained in 

Chapter 7. This module was also able to show structural parameters in appropriate graphs to 

provide a clear picture of the behavior of the arches and make the results easier to 

communicate with the design team. The control panel for this post-processing module is 

shown in Figure 5.19. When monitoring was performed on site, the graphs were also relayed 

to a smartphone, as shown in Figure 5.20, to keep the track of the structural behavior as 

well as the ongoing construction activity without interfering with the construction 

personnel.  
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Figure 5.19- The Control panel for the post-processing module. 

 

 

 
Figure 5.20- Using a smart phone to track stress changes in the structure. 
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5.4 LIVE LOAD TEST 

After the bridge was opened to traffic, a static live load test was conducted on the 

structure. The goal of the live load test was to measure the response of the arches under 

known live load conditions in the finished bridge, which included the non-instrumented 

deck and floor beams. The results from this test are valuable for validating a base-line 

finite element model of the as-built bridge. Moreover, the documented response of the 

bridge immediately after opening serves as a valuable reference for decisions regarding 

management and maintenance of the bridge in the future.  

The live load test was conducted on December 18, 2013 between 10 AM and 

11:30 AM. Performing the test overnight was preferable for minimizing thermal effects 

during the test. However, traffic control was only available for daytime testing. Since the 

structure had been monitored for thermal effects over an extended time, the thermal 

effects could be calculated and later excluded from the measured response of the 

structure. Only one span of the bridge, which was the easternmost span, was monitored 

during the live load tests. The tested span was supported by Arches 1 and 2, which were 

the most heavily instrumented arches. To obtain a static measurement, the trucks were 

positioned at desired locations on the span and after waiting for approximately 30 

seconds, the measurements were made. For each position, at least three readings were 

taken to make sure of the repeatability of data. 

The trucks used in the tests consisted of four sand trucks, each weighing 

approximately 50 𝑘𝑖𝑝𝑠, which were provided by the city of Fort Worth. Three of these 

trucks (Trucks A, B, and C) were identical. However, the fourth truck (Truck D) was of a 

different model and had slightly different axle dimensions. All trucks were weighed and 

measured for their dimensions before the test. Typical dimensions and axle weights of the 

trucks are presented in Figure 5.21 and Table 5.1, respectively. 
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(a) 

 

(b) 

 

Figure 5.21- The dimensions of the trucks used for live load test. (a) Trucks A, B, and C. (b) Truck D. 

 

Table 5.6- Measured axle weights from the trucks. 

Truck 
Front Axle  

Weight(lbs) 

Rear Tandem  

Weight(lbs) 

A 12960 36600 

B 14440 42120 

C 13240 38640 

D 11880 39480 

 

The trucks were positioned at four locations on the tested span, as shown in 

Figures 5.22 and 5.23. For Positions 1 and 2, the trucks were located as close as possible 

to Arch 2. However, for Positions 3 and 4, the trucks were positioned as close to the 

median as possible. As a result, the response of the arches to different longitudinal and 

transverse positions of the loads was recorded. 
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Position 1 

 

Position 2 

 
Figure 5.22-Eastbound truck positions. 

In order to reduce the disruption to traffic, the live load tests were conducted with 

a minimized time of full bridge closure. One day before the test, the desired longitudinal 

positions of the trucks were labeled on the arches. On testing day, first, one traffic lane of 

the bridge was closed so that the anticipated locations of the front axles of the trucks 

could be marked on the roadway, as shown in Figure 5.24 (a). Trucks A and C used the 

same closed lane to move to the marked locations, as shown in Figure 5.24 (b). Next, the 

traffic was completely blocked in one direction so that Trucks B and D could move to 

position. It was only when all trucks were in position that both directions of traffic were 
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closed, as shown in Figure 5.24(c), to make the measurements. When the sensor 

measurements were being made, the exact locations of the trucks were also recorded. The 

same procedure was repeated for positioning the trucks in the other direction of traffic.  

The results of the live load test are presented in Chapter 8. 

 

Position 3 

 

Position 4 

 
Figure 5.23-Westbound truck positions. 
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(a) 

 

(b) 

 

(c) 

Figure 5.24- The live load test. (a) Marking the locations of the trucks on the roadway. 

(b) Moving the first two trucks to their positions.  

(c) Complete bridge closure for making measurements. 
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5.5 OBSERVED DURABILITY OF THE VWGS 

During the 17-month period of construction, the performance of the VWGs was 

carefully evaluated. As can be seen in Table 5.7, from the 224 VWGs installed in the 

arches, only one gage was lost during concrete placement. The loss of this gage was 

attributed to a disconnected cable inside the cage, and not to the VWG itself. In total, 

only nine out of the 224 installed VWGs, or 4% of the VWGs, were lost over time in the 

instrumentation of the West 7
th

 Street Bridge.  

 
 Table 5.7- Durability of embedded VWGs. 

  Number of functional VWGs 
Total 

Lost 

VWGs 
Arch 

No. 
Installed 

After 

Casting 

Upward 

Jacking 
Transportation 

End of 

Construction 

 Live 

Load 

Test 

1 40 40 40 40 40 39 1 

2 40 40 40 40 39 39 1 

3 28 27 27 27 26 N/A 2 

4 28 28 28 28 26 N/A 2 

5 10 10 10 10 10 N/A 0 

6 10 10 10 10 10 N/A 0 

7 10 10 10 10 10 N/A 0 

8 10 10 10 10 10 N/A 0 

9 10 10 10 10 9 N/A 1 

10 10 10 10 10 10 N/A 0 

11 12 12 12 12 12 N/A 0 

12 16 16 16 16 16 N/A 0 

                

      

Summary 

Total Installed 224     

      Total Lost 9     

      Percent Loss 4%     

 

The outstanding performance of the VWGs in this instrumentation program 

satisfied the expectation of the instrument durability and confirmed the observations from 

previous bridge monitoring studies. The 96% survival rate of the VWGs in this program 
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provided justification for the extra cost for the VWGs as compared to foil gages, which 

have a typical survival rate of less than 40% after one year when embedded in concrete 

(Gross, 1998).  

5.6 PRACTICAL CONSIDERATIONS 

5.6.1 Coordination Requirements 

The relatively long distance between Austin and the job site in Fort Worth made 

coordination with the construction team extremely important. Information on the updated 

construction schedule was critical for planning the trips for installing the VWGs, 

attending the concrete pours, conducting on-site monitoring for the first two arches, and 

making changes in the DAQ network as necessary. When remote monitoring was being 

used, the communication with the construction team was even more critical because real-

time information regarding the ongoing activities on the site was needed. 

Fortunately, a successful cooperation was established in this instrumentation 

program with the construction team. The QC engineer from Sundt Construction and the 

TxDOT field engineer provided regular updates of the most recent progress on the site 

and communicated the start and completion of all construction operations in a timely 

fashion. Sundt personnel were also supportive of the instrumentation effort by granting 

continuous access to the site and providing construction equipment such as boom lifts 

when needed. 

5.6.2 Workforce for VWG Installation 

Since only a limited time was available for instrumenting each arch, the VWGs 

had to be installed quickly. To expedite the instrumentation, a team of UT graduate 

students was formed for installing the VWGs. The team included Hossein Yousefpour, 

Jose Gallardo, Ali Morovat, Kostas Belivanis, Vasilis Samaras, David Garber, and Hemal 
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Patel. Instrumenting the first two arches was especially challenging because of the large 

number of VWGs. While five members of the team participated in instrumenting these 

two arches, instrumentation took approximately 14 hours for each arch. However, for the 

last arches with only 10 VWGs, two members of the team could finish the 

instrumentation in less than 6 hours. The VWGs in most of the arches were installed over 

the weekends to minimize the interference with construction work.  

5.6.3 Travel 

One of the major difficulties in this instrumentation program was the distance 

between Austin and the bridge location in Fort Worth and the significant number of visits 

necessary throughout construction. To accomplish the instrumentation plan, 48 trips were 

made to Fort Worth and more than 260 travel hours was spent commuting back and forth 

to the jobsite. The substantial travel requirements made planning of the instrumentation a 

challenging task. 

5.6.4 Encountered Problems 

While the instrumentation program was a success, there were isolated problems 

with the instrumentation during the construction. These problems had two main reasons: 

first, the exposure of the instrumentation components to an uncontrolled environment, 

and second, the speed of construction activity, which was the main priority of the 

construction team. These problems, which were not surprising in a field instrumentation 

study of this scale, are briefly described in the following paragraphs. 

5.6.4.1 Misplacement of VWGs 

Isolated misplacement of the VWGs occurred only in three sections of the first 

arch, mainly because of a miscommunication with the design team. In this arch, the 

instrumented knuckle sections at the rib were not located where the largest stresses were 
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predicted, but at a distance of approximately 18 𝑖𝑛 from the most critical sections. 

Moreover, the instrumented tie section at midspan was located exactly at the midspan, 

where large floor beam block-outs were also present. As a result, the observed strains at 

this section were highly influenced by the local effects and could not be a representative 

of the global behavior of the tie. This mistake was realized soon after casting the first 

arch. Other instrumented sections in this arch and all sections in other arches were 

instrumented correctly, according to the plan described in Section 5.2.4. 

5.6.4.2 Displacement of the VWG Mounting Rebars 

In the knuckle region of some of the first few arches, the construction workers 

untied and slightly moved the number 3 rebar to which the VWGs were attached. The 

reason was some last-minute changes in the reinforcement arrangement in that region. 

Fortunately, the instrumented sections were not changed because the rebars were not 

moved in the longitudinal direction. Therefore, the new locations of these gages could be 

measured and the as-built records were updated before the start of the concrete pour. 

5.6.4.3  Damaged Equipment in the DC Boxes 

In two instances, the analyzers and multiplexers in the DC boxes were severely 

damaged by water. Since the DC boxes had to remain attached to the arches, they were 

left exposed to the environment. Several precautionary measures, including the use of 

weather-resistant enclosures, had been implemented to protect the components of the 

instrumentation in these boxes from rain damage. However, the boxes could not stop 

water seepage if submerged. While the arches were monitored remotely, the construction 

personnel were responsible for moving the boxes with the arches as needed. However, on 

two occasions, the boxes were positioned in improper positions and were eventually 

submerged in rainwater. As a result, water seeped into the boxes and damaged the 

analyzers and multiplexers, which required costly repairs.  
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5.7 SUMMARY 

The field instrumentation program included installing 224 VWGs in the arches of 

the West 7
th

 Street Bridge and monitoring the strain and temperature changes in the 

structure during the construction. All components of the instrumentation were carefully 

selected to match the requirements of this instrumentation program. The selected type of 

instrument, the vibrating wire strain gage could provide precision in measuring 

temperatures and strains together with long-term stability and durability in field 

conditions. Moreover, a flexible data acquisition network, which was capable of wireless 

communication and remote monitoring, was designed and configured for this study.  

The instrumented sections in the structure were selected in coordination with the 

design team. Depending on the sectional strain distribution, two or three VWGs were 

used for instrumenting each section. The first arches were heavily instrumented to obtain 

a clear picture of their structural response and ensure their safety during construction 

operations, but subsequent arches were instrumented only at their midspan and most 

vulnerable sections.  

All arches were monitored during construction operations in the precasting yard 

and during transportation. However, only a few arches were monitored for the deck 

construction. For the first two arches, monitoring activities were conducted on the site for 

all construction operations, but remote monitoring was used for evaluating later arches. 

After the bridge was opened to traffic, a static live load test was conducted on the bridge. 

Four 50-𝑘𝑖𝑝 trucks were positioned on one of the spans of the bridge at different 

locations to measure the structure’s response to live load conditions and provide 

validation data for a baseline finite element model of the bridge. The recorded as-built 

response of the bridge is believed to be a valuable tool for assisting with making future 

decisions regarding the maintenance of the bridge. 
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Due to careful planning and positive collaboration of the parties involved, the 

instrumentation program was very successful. All arches were instrumented as planned, 

and a significant amount of valuable data was collected. The results from this 

instrumentation program are used in the post-processing procedures of Chapter 7 to 

obtain the results that are discussed in Chapter 8.  
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Chapter 6: Material Studies 

 OVERVIEW 6.1

Accurate information on the mechanical properties of concrete is essential in 

calculating the stresses in the structure from measured strain data and also in identifying 

the allowable stress limits during each stage of construction. Among the parameters 

representing the mechanical behavior of concrete, the two most important are the elastic 

modulus (𝐸) and the compressive strength (𝑓𝑐
′) of the concrete, both of which are time 

dependent.  

In the West 7
th

 Street Bridge project, compressive strength testing at different 

ages of concrete was a regular quality control procedure. However, the quality control 

process did not include any tests for modulus of elasticity. Although many equations are 

available in the literature for estimating 𝐸 from 𝑓𝑐
′ values, the scatter in the databases 

used for calibrating each of those equations might result in large errors for a particular 

concrete mixture. Therefore, prior to the beginning of the construction, a mixture-specific 

material study was conducted in Ferguson Structural Engineering Laboratory (FSEL) to 

provide 𝐸 and 𝑓𝑐
′ values at different ages of concrete.  

Since the arches in the West 7th Street Bridge are indeterminate, time-dependent 

properties of the concrete such as creep and shrinkage are also critical in converting the 

measured strain history to a reliable stress history. While it would have been ideal to have 

an extensive material study for time-dependent parameters, it was beyond the scope of 

this study and also impractical considering the available resources. As a result, the test 

program was limited to instantaneous parameters, but reliable time-dependent models 
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that are available in the literature were used to represent the time-dependent behavior. 

The results obtained from the models were later verified, as explained in Chapter 7.  

This chapter describes the measurement process and the results of the material test 

program. An overview is also provided of the methodology that was applied in the 

combination of the material test results, maturity studies conducted by the construction 

team, and the recorded temperature history to obtain more realistic estimates of the in-situ 

parameters in the structure.  

 THE CONCRETE MIXTURE 6.2

A high-performance concrete (HPC) mixture was designed by the ready-mix 

supplier, TXI Inc., to meet several criteria, including the following:  

 low shrinkage, to minimize the risk of cracking during curing 

 low heat of hydration, to reduce the risk of cracking due to thermal gradients  

 high slump, to eliminate concerns regarding proper consolidation of concrete 

 high strength 

 low permeability 

The ingredients and important parameters of the mix design are introduced in 

Table 6.1 and Table 6.2, respectively.  
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Table 6.1- Concrete mixture ingredients (as designed). 

Component Type Description/Source Units Quantity 

Water - City water lb/cy 250 

Cement Type I/II TXI Cement(Midlothian, TX) lb/cy 525 

Aggregate 

Coarse Aggregate(3/4") Crushed Limestone (TXI Bridgeport Grade 5) lb/cy 1500 

Intermediate Aggregate(3/8") Crushed Limestone (TXI Bridgeport Grade 8) lb/cy 200 

Fine aggregate 1 Siliceous Sand (TXI Tin Top Sand) lb/cy 692 

Fine aggregate 2 Crushed limestone (TXI Bridgeport manufactured sand) lb/cy 692 

Admixtures 

Set Retarder(B) Delvo Stabilizer (BASF Master Builders) oz/cy 14 

Water Reducer(A) Pozzolith 200N (BASF Mater Builders) oz/cy 21 

High Range Water Reducer(F) PS 1466 (BASF Mater Builders) oz/cy 32 

Shrinkage Reducer Tetraguard AS20 (BASF Mater Builders) oz/cy 128 

SCM Class F Fly ash Headwater Resources(Jewett, TX) lb/cy 175 

 

Table 6.2- Concrete mixture parameters. 

Parameter Units Quantity 

Required 56 Days Compressive Strength psi 8000 

Target 28 Days Compressive Strength for 

Mix Design 
psi 7900 

Typical Slump in. 9 

Cementitious Material Content lb/(cu ft) 25.9 

Fly Ash Replacement Ratio % 25 

Water/Cementitious Material Ratio lb/lb 0.36 

Aggregate/Cement Ratio lb/lb 4.4 

Typical air content % 1.4 
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 THE SPECIMENS 6.3

To confirm the satisfactory placement of concrete in the arches, the contractor 

constructed a mock-up piece of the arch at the site in Fort Worth on May 24, 2012. Using 

the concrete from the mock-up piece, TxDOT personnel prepared forty-eight 4-𝑖𝑛. by 8-

𝑖𝑛. concrete cylinders in plastic molds and delivered them to FSEL the following day. 

The plastic molds were then removed and the cylinders were stored in a water tank. Prior 

to testing each specimen, the cylinder’s top and bottom faces were ground using a 

cylinder grinder to provide a smooth surface for the test. Therefore, neoprene pads or 

sulphur capping were not used at the ends of the cylinders during the tests.  

 TESTING PROCEDURE 6.4

All of the 48 concrete cylinders were tested for modulus of elasticity. Since the 

specimens were loaded only up to 40% of their compressive strength in the modulus test, 

they were assumed to remain in the elastic range and could be used for compressive 

strength or split cylinder tests. A total of 40 out of the 48 cylinders were tested for 

compressive strength while eight cylinders were used for split-cylinder testing.  

The modulus of elasticity tests were conducted according to ASTM C469 (ASTM 

International, 2010). As shown in Figure 6.1, this standard defines the modulus as the 

slope of the chord between two points: (1) a point corresponding to a very small strain of 

50 𝜇𝜀 and (2) a point corresponding to a stress of 0.4𝑓𝑐
′. The compressive load was 

applied and measured using a 400-𝑘𝑖𝑝 testing machine and the deformations were 

measured using a compressometer, as shown in Figure 6.2. The compressometer was 

fixed to the cylinder using screw pins and the displacements were measured using a 

spring-loaded dial gage.  
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Figure 6.1- Modulus of elasticity of concrete according to ASTM C469. 

The compressive strength tests and split cylinder tests were conducted according 

to ASTM C39 (ASTM International, 2012) and ASTM C496 (ASTM International, 

2011), respectively. The same 400-𝑘𝑖𝑝 testing machine was used for the splitting tensile 

strength tests. The splitting test on one of the specimens is shown in Figure 6.3. 

 

  

(a) (b) 
Figure 6.2- Testing equipment: (a) compressometer (b) 400-kip testing machine. 
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Figure 6.3- Testing for splitting tensile strength. 

 TEST RESULTS 6.5

The results from the modulus of elasticity tests, compressive strength tests, and 

split cylinder tests are shown in Figure 6.4 and Table 6.3. As can be seen in Figure 6.4, 

the data points from the cylinders tested at the ages of 35 and 56 days are inconsistent 

with the trend observed in other data points. As a result, these points were considered as 

outliers and were not used in any further analysis of the data. The inconsistency may be 

due to errors during testing or to different level of compaction in making those particular 

cylinders. 

The results show that modulus of elasticity develops much faster than the 

compressive strength. For example, at the age of 1.5 days, the modulus is 80% of the 

modulus at the age of 49 days while the compressive strength is only 45% of the 49-day 

strength.  
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(a) 

 

(b) 

 

(c) 

 
Figure 6.4-Results of concrete cylinder tests. 

(a) Compressive strength. (b) Modulus of elasticity. (c) Splitting tensile strength. 
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Table 6.3- Results of the material test program. 

Age(Days) 𝑬𝒂𝒗𝒆(𝒌𝒔𝒊) 𝒇𝒄
′

𝒂𝒗𝒆
(𝒌𝒔𝒊) 𝒇𝒄𝒕(𝒌𝒔𝒊) 

1.5 3800 3.6 - 

2.2 3700 4.3 - 

3.2 3950 4.8 0.47 

4.2 4200 5.1 - 

5.3 4100 5.3 0.48 

7.3 4350 5.6 0.50 

10.2 4450 5.8 0.52 

14.2 4550 6.2 0.60 

21 4650 6.5 0.57 

24 4600 7.1 0.54 

28 4650 7.4 0.67 

32 4650 7.5 0.63 

35 5200 8.3 - 

42 4800 7.8 - 

49 4850 7.9 - 

56 4550 7.1 - 

 ANALYSIS 6.6

6.6.1 Modulus-Compressive Strength Correlation 

The age-dependent compressive strength and modulus results were combined to 

obtain a mixture-specific correlation equation between 𝐸 and 𝑓𝑐
′ values. This equation 

makes it possible to estimate 𝐸 values from the 𝑓𝑐
′ values reported at each stage of 

construction by the quality control team. Moreover, the equation plays an important role 

in the procedure for estimating the in-situ E values, as explained in Section 6.6.3.  

The first step in developing the correlation was to select an appropriate format for 

the equation. The equations in ACI318 (2011) and AASHTO LRFD (2012) for 𝐸 have 

the general form of Equation (6-1).  
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𝐸 = 𝐶1√𝑓𝑐
′ (6-1) 

 

In this equation, C1is a constant that is dependent on the density of concrete. In 

AASHTO LRFD, the constant is also dependent on the aggregate type. This form of 

equation is generally less satisfactory in representing the behavior of higher strength 

concretes and was not consistent with the results obtained in this study. On the other 

hand, ACI363 (2010) introduces several 𝐸 vs. 𝑓𝑐
′ equations for high-strength concrete, 

which are in the form of either Equation (6-2) or Equation (6-3). 

 

𝐸 = 𝐶1√𝑓𝑐
′ + 𝐶2 (6-2) 

𝐸 = 𝐶1(𝑓𝑐
′)𝛼 (6-3) 

In these equations, C1and C2 are constants and α is a number between 0.3 and 

0.33.  

As shown in Figure 6.5, the form of Equation (6-2) provides a suitable fit to the 

data obtained from the FSEL tests conducted as part of this study. For simplicity, the 

coefficients from the regression analysis were rounded, and Equation (6-4) was obtained. 

This equation is used throughout this research to correlate E and fc
′ values in the arches.  

 

𝐸𝑘𝑠𝑖 = 39√𝑓𝑐
′
𝑝𝑠𝑖

+ 1350 
(6-4) 
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Figure 6.5- The mixture-specific correlation between 𝑬 and √𝒇𝒄

′ . 

Figure 6.6 compares the results of Equation (6-4) with those from the ACI318, 

Eurocode 2 (2008), and NCHRP 496(2003) equations. Although the Eurocode 2 equation 

has a format dissimilar to that of Equation (6-4), Figure 6.6 shows a very good agreement 

between the results from this equation and Eurocode 2.  

6.6.2 Splitting Tensile Strength 

Only eight concrete specimens were tested for splitting tensile strength (𝑓𝑐𝑡). 

Although there was significant scatter in the data, and few data points were available, an 

attempt was made to correlate the obtained  𝑓𝑐𝑡 values with √fc
′. As can be seen in 

Figure 6.7, Equation (6-5) provides a reasonable estimate of the splitting tensile strength 

of the concrete used in the arches. This equation is consistent with 6.7√𝑓𝑐
′, which is 

recommended in ACI 318 commentary for the average splitting tensile strength of normal 

weight concrete (ACI Committee 318, 2011). 

  

𝑓𝑐𝑡𝑝𝑠𝑖
= 7√𝑓𝑐

′
𝑝𝑠𝑖

 
(6-5) 

 

y = 39.29x + 1334.47 
R² = 0.92 

0

1000

2000

3000

4000

5000

6000

50 60 70 80 90 100

E 
(k

si
) 

√𝒇𝒄
′

𝒑𝒔𝒊
 



188 

 
Figure 6.6- Comparison between the proposed 𝑬 vs. 𝒇𝒄

′  equation and some commonly used equations. 

 

 

Figure 6.7- The mixture-specific correlation between 𝒇𝒄𝒕 and √𝒇𝒄
′ . 
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ambient temperatures, the temperature of fresh concrete, the type of formwork, and 

curing method (Kehl & Carrasquillo, 1998). Therefore, accurate measurements of 

concrete mechanical parameters should be taken from concrete that has experienced the 

same thermal history as the concrete in the real structure. Although quality control (QC) 

concrete cylinders are usually cured next to the concrete member, they experience 

different temperature histories due to their different geometry and rate of heat diffusion. 

In most cases, the cylinders experience lower temperatures than the concrete members, 

and as a result, the in-situ compressive strength may be underestimated from cylinder 

tests. However, the difference is most noticeable at early concrete ages and typically 

diminishes over time (Kehl & Carrasquillo, 1998). 

In order to obtain a more realistic estimate of concrete strength at early ages, 

maturity measurements and match-curing techniques have become popular in the precast 

industry, where early removal of the forms or early prestress transfer is of financial 

benefit. In match curing, the temperature profile is measured in the real structure, and 

concrete cylinders are cured using the actual temperature profiles before being tested for 

compressive strength.  

By definition, maturity is the extent to which a property of the mixture is 

developed. One commonly used indicator of maturity is the temperature-time 

factor, 𝑀(𝑡), which is determined from Equation (6-6) (ASTM International, 2011). If 

the datum temperature is chosen to be 0 °C, 𝑀(𝑡) is equal to the area under the 

temperature vs. time plot, as shown in Figure 6.8. 

 

𝑀(𝑡) = Σ(𝑇𝑎 − 𝑇0) × Δ𝑡 (6-6) 

where: 

𝑀(𝑡) = the temperature-time factor at age t, °𝐶 − ℎ𝑜𝑢𝑟𝑠 

Δ𝑡 = time interval, ℎ𝑜𝑢𝑟𝑠 
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𝑇𝑎 = average concrete temperatures during time interval Δ𝑡, °𝐶 

𝑇0 = datum temperature, °𝐶 

 

 
Figure 6.8- Temperature-time factor. 

Since realistic values of 𝐸 and 𝑓𝑐
′ instead of lower bound estimates were needed 

in this study, the parameters obtained from the material study could not directly be used 

for the arches. The cylinders tested in FSEL were not match cured and could have a 

different rate of stiffness and strength gain from the full-scale arches. Moreover, the 

arches were cast over a period of 7 months and as a result, different arches experienced 

significant variations in the thermal histories, not only because of different ambient 

temperatures, but also because of the intentional changes in the temperature of the fresh 

concrete to minimize the risk of thermal cracking. Therefore, even the mock-up itself 

could not necessarily be a precise representative of all 12 arches.  

To obtain more realistic estimates of 𝐸 and 𝑓𝑐
′, the data obtained from three 

sources were combined to estimate the in-situ parameters of concrete in the arches, as 

shown in Figure 6.9. 

1. Material tests in FSEL: Equation (6-4) is the main output of the tests that was 

used in this procedure. 
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2. Maturity tests by the contractor: Sundt construction performed a maturity study 

on the concrete from the arches and developed a strength-maturity relationship for 

the concrete from each arch. The strength-maturity results reported by Sundt are 

shown in Table 6.4.  

3. Temperature history of the arches: The instrumentation embedded in the arches 

provided records of temperatures, which could be used to develop the maturity of 

concrete as function of time. 

Based on the maturity test results reported by Sundt, a logarithmic strength-

maturity regression curve was developed for each arch, as shown in Figures 6.10 to 6.12. 

The recorded temperature histories from the arches were later used as the input to these 

regression equations to find the compressive strength as a continuous function of time. 

The details of this calculation procedure are explained in Chapter 7.  

 

 

 

Figure 6.9- The procedure for estimating the in-situ values of 𝑬 and 𝒇𝒄
′ . 
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Table 6.4- Strength-maturity results reported by Sundt Construction. 

Arch1 
 

Arch2 
 

Arch3 
 

Arch4 

t(days) M(°C-hrs) 𝑓𝑐
′(psi) 

 

t(days) M(°C-hrs) 𝑓𝑐
′(psi) 

 

t(days) M(°C-hrs) 𝑓𝑐
′(psi) 

 

t(days) M(°C-hrs) 𝑓𝑐
′(psi) 

1 942 2653 

 

1 967 3719 

 
1 1141 3199 

 
1 1185 3675 

3 2495 3959 

 

3 2415 4686 

 
3 2299 5050 

 
3 2185 5288 

7 5600 5292 

 

7 5311 5298 

 
7 4615 5698 

 
7 4185 6245 

14 11035 5758 

 

15 11103 6483 

 
9 5773 5729 

 
9 5185 6591 

21 16470 7138 

 

21 20515 7007 

 
10 6352 5989 

 
14 7685 6834 

28 21905 7443 

 

37 27031 7273 

 
14 8668 6062 

 
28 14685 7203 

38 29668 7829 

 

49 36464 7560 

 
15 9247 6928 

 
56 29186 8313 

56 44420 8388 

     
28 16774 7318 

    

        
37 21985 7659 

    Arch5 
 

Arch6 
 

Arch7 
 

Arch8 

t(days) M(°C-hrs) 𝑓𝑐
′(psi) 

 

t(days) M(°C-hrs) 𝑓𝑐
′(psi) 

 

t(days) M(°C-hrs) 𝑓𝑐
′(psi) 

 

t(days) M(°C-hrs) 𝑓𝑐
′(psi) 

1 636 2554 

 
1 250 2057 

 

1 - 1776 

 

1 501 2834 

3 1524 5103 

 
4 1000 6426 

 

4 1452 4908 

 

3 1177 5518 

7 3300 5715 

 
7 1750 6910 

 

5 1936 5155 

 

7 2529 6368 

10 4632 6773 

 
21 5250 8353 

 

7 2904 5852 

 

8 2867 6553 

14 6408 6955 

 
31 7750 9151 

 

14 6292 6724 

 

14 4895 6930 

28 12624 7513 

 
56 13986 10234 

 

28 13545 7230 

 

28 9952 7793 

56 25524 8864 

            Arch9 
 

Arch10 
 

Arch11 
 

Arch12 

t(days) M(°C-hrs) 𝑓𝑐
′(psi) 

 

t(days) M(°C-hrs) 𝑓𝑐
′(psi) 

 

t(days) M(°C-hrs) 𝑓𝑐
′(psi) 

 

t(days) M(°C-hrs) 𝑓𝑐
′(psi) 

1 781 2617 

 

1 360 2656 

 

1 - 2138 

 

1 354 3359 

8 2993 6101 

 

7 2016 6284 

 

5 1396 5915 

 

4 1428 5637 

14 4889 6573 

 

14 3948 6878 

 

7 2094 6034 

 

7 2502 6392 

28 9313 7307 

 

28 7812 8002 

 

14 4537 6342 

 

14 5008 6898 

56 18463 9074 

 

56 15812 9338 

 

28 9423 7911 

 

28 10378 7619 
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Figure 6.10-Strength-maturity relationship for Arches 1-4. 
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Figure 6.11-Strength-maturity relationship for Arches 5-8. 
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Figure 6.12- Strength-maturity relationship for Arches 9-12.
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6.6.4 Consistency between FSEL Tests and Tests by Sundt Construction 

Since the contractor used different testing equipment and a different method for 

preparing cylinder ends, the results reported by the contractor could not be directly 

combined with those from the FSEL tests without checking for consistency of the two 

sets of data. 

In order to control the consistency, the mock-up concrete was used as the 

reference and the compressive strength values reported by the contractor were compared 

with results obtained in the FSEL tests. Figure 6.13 shows this comparison. The figure 

shows that the compressive strength of the 6-inch cylinders reported by Sundt is very 

close to 90% of the compressive strength of the 4-inch cylinders tested at FSEL. 

Several studies have tried to find a ratio between the compressive strength 

obtained from 4-inch cylinders to that obtained from 6-inch cylinders. While no 

correlation has been globally accepted, the ratio is believed to be affected by aggregate 

gradation, age at testing, and the compressive strength and is reported between 0.85 and 

1.15 in different studies (Day & Haque, 1993), (Vandegrift & Schindler, 2005). 

Therefore, considering the variability in cylinder preparation method and testing 

equipment, the results from Sundt are consistent with the FSEL results. Consequently, it 

was possible to combine these two sets of data to calculate the parameters needed at each 

time during construction. 
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Figure 6.13- Comparison between FSEL test results and the contractor’s results. 

 SUMMARY 6.7

The FSEL material test program included testing 48 concrete cylinders for 

modulus of elasticity, 40 of which were also tested for compressive strength. The eight 

remaining cylinders were tested for splitting tensile strength. The cylinders were 

constructed using the concrete from a mock-up element that was cast before the 

beginning of construction. In order to include the effects of thermal history of the 

concrete in the instrumented arches, the results of this study were to be combined with 

the temperature profile recorded by the instrumentation and the results of a maturity 

study by Sundt Construction. As a result, the most important output of the material test 

program was Equation (6-4), which was a mixture-specific 𝐸 vs. 𝑓𝑐
′ equation. 
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Chapter 7: Data Processing 

 OVERVIEW 7.1

A considerable post-processing effort was necessary to interpret the data obtained 

from the instrumentation. The raw data included strains in the VWGs and temperatures at 

the locations of these sensors. These measurements were converted to parameters related 

to the structural behavior, namely structural strains and stresses, through the post-

processing procedures.  

Post-processing of the data from the West 7
th

 Street Bridge was especially 

intricate due to time-dependent effects, numerous stages of construction, high degree of 

static indeterminacy and large thermal effects. The calculation procedures were modified 

several times to obtain a clear picture of stresses due to construction loads and self-

weight as well as changes due to thermal and time-dependent effects. The final approved 

procedures required a substantial programing effort. 

This chapter describes the post-processing procedure for the West 7
th

 Street 

Bridge. The results obtained from these calculations are presented and discussed in 

Chapter 8.  

 EVALUATING THE QUALITY OF COLLECTED DATA 7.2

The first step in the processing effort was to evaluate the quality of the raw data 

obtained from the instrumentation and identify the potentially questionable records. As 

discussed in Section 5.2.6, the data loggers were programmed to store diagnostic 

parameters that describe the quality of the frequency measurement obtained from each 

VWG. For each data point, the signal-to-noise ratio associated with the measurement was 
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evaluated. Data points with small signal-to-noise ratios (typically smaller than 10) were 

recognized as unreliable and were therefore filtered out. The quality of temperature 

measurements were generally evaluated by comparing the temperature data from each 

VWG with other gages within the same cross section and also ambient temperatures. In 

case of large differences between temperatures obtained from a VWG and other VWGs 

within the same cross section or ambient temperatures, the temperature record from that 

VWG was deemed questionable and was not used.  

 ESTIMATING THE IN-SITU STRENGTH OF THE CONCRETE 7.3

As noted in Chapter 6, the in-situ mechanical properties of concrete in the arches 

were estimated as a function of time by combining the results of the material tests carried 

out at FSEL with the results of the maturity tests conducted by the contractor and the 

temperature history of the arches recorded by the instrumentation.  

Figure 7.1 illustrates the procedure for calculating the compressive strength of 

concrete for each arch using recorded temperatures. For each arch, concrete temperatures 

were monitored from the beginning of the concrete pour. Since most of the temperature 

records were taken from the rib and the tie, the average temperature from all VWGs 

would have been biased towards the rib and the tie. Therefore, three average temperatures 

were calculated: the average rib temperature (𝑇𝐴𝑣𝑒
𝑅𝑖𝑏), the average tie temperature (𝑇𝐴𝑣𝑒

𝑇𝑖𝑒), 

and the average knuckle temperature (𝑇𝐴𝑣𝑒
𝐾𝑛 ). The maturity index was independently 

calculated for the rib, the tie, and the knuckle using these average values and Equation 

(6.6). Using the calculated maturity indices and the strength-maturity relationships 

obtained in Section 6.6.3, the compressive strength of the concrete was estimated for the 

rib, the tie, and the knuckle. Finally, these three compressive strength values were 

averaged to obtain the average compressive strength of the concrete at each specific time. 
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One important consideration in using the equations of Section 6.6.3 was that the 

maturity-based strength equations were considered valid only within their calibration 

range. In other words, calculating the maturity-based strength was stopped once the 

recorded maturity index exceeded the maximum maturity that was observed in the 

maturity tests conducted by the contractor.  

 

 
Figure 7.1- Procedure for calculating the maturity-based compressive strength of the concrete. 

 

With the exception of Arch 6, all arches showed relatively similar trends for the 

strength gain. As shown in Figure 7.2, Arch 6 showed a significantly higher strength than 

the other arches. The Quality Control (QC) summaries from the construction team had 

also reported a higher strength for Arch 6, possibly due to a different batch of cement that 

was used for this particular arch. 
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Figure 7.2-Difference between the strength gain of Arch 6 and other arches.  

To simplify the post-processing calculations, the calculated maturity-based 

strength values were used to develop a continuous correlation equation for 𝑓𝑐
  versus 

time. Since all arches except Arch 6 had relatively similar strength development over 

time, a correlation was developed based on the average compressive strength from all 

arches other than Arch 6. A separate correlation was also developed for Arch 6 so that 

realistic stresses could be calculated for this arch as well. After trying several equation 

forms, Equation (7-1) was found to provide a suitable representation of the average 

calculated 𝑓𝑐
  values as a function of time. This equation uses a format similar to what is 

used in the GL2000 model (Gardner & Lockman, 2001). However, the coefficients were 

calibrated for the values obtained in this study. For Arch 6, the compressive strength at 

each time was found using Equation (7-2). Figure 7.3 compares the values obtained from 

the correlation equations with the maturity-based strength of the concrete in the arches. 
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𝑓𝑐
 
𝐴𝑙𝑙

(𝑡) = 7500 (
𝑡0.75

1.75 + 0.8𝑡0.75
) (7-1) 

  

𝑓𝑐
 
(6)

(𝑡) = 7500 (
𝑡0.75

1.15 + 0.65𝑡0.75
) (7-2) 

in which: 

𝑓𝑐
 
𝐴𝑙𝑙

(𝑡) = Time-dependent strength of concrete in all arches except Arch 6, 𝑝𝑠𝑖 

𝑓𝑐
 
(6)

(𝑡) = Time-dependent strength of concrete in Arch 6, 𝑝𝑠𝑖 

𝑡 = Concrete age, 𝑑𝑎𝑦𝑠 

 

The modulus of elasticity of the concrete was calculated at each specific time, 

using the time-dependent compressive strength from Equation (7-1) or Equation (7-2) as 

the input to Equation (6.4). 

 

 
Figure 7.3- Correlation equations for   

  , as compared to the maturity-based strength values. 
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 CALCULATING STRAIN CHANGES AT THE LOCATIONS OF VWGS 7.4

As discussed in Chapter 5, the output of the VWGs consisted of the strain 

indicated by the vibrating wire (휀𝑉𝑊𝐺), and the temperature in the corresponding 

thermistor (𝑇). These two parameters were first used for calculating strain changes in the 

concrete at the locations of the VWG.  

The strain change calculation requires careful attention to thermal deformations in 

the concrete and in the VWG. Since the end blocks of the VWGs move together with the 

concrete, the total deformation in the VWG is equal to that of its surrounding concrete. 

However, the strain measured by the VWG does not include the thermal expansion of the 

sensor itself (Geokon, 2012). If coefficient of thermal expansion of the gage (𝛼𝑉𝑊𝐺), is 

equal to that of concrete (𝛼𝐶), any unrestrained thermal expansion or contraction of 

concrete will remain undetected by the VWG because the gage deforms by the same 

magnitude. However, 𝛼𝑉𝑊𝐺 is generally different from 𝛼𝐶 and the strain change as 

measured by the VWG was therefore corrected using Equation (7-3), to calculate the real 

total strain change in the gage. This strain change is also equal to the total strain change 

in the surrounding concrete at the location of the gage.  
 

 Δ휀𝑇𝑜𝑡𝑎𝑙
(𝑖) (𝑡, 𝑡0) = [휀𝑉𝑊𝐺

(𝑖) (𝑡) − 휀𝑉𝑊𝐺
(𝑖) (𝑡0)] + 𝛼𝑉𝑊𝐺  × [𝑇(𝑖)(𝑡) − 𝑇(𝑖)(𝑡0)]  (7-3) 

in which:  

Δ휀𝑇𝑜𝑡𝑎𝑙
(𝑖) (𝑡, 𝑡0) = Total strain change at the location of VWG 𝑖, between time 𝑡 and 

time 𝑡0, including unrestrained thermal deformation 

휀𝑉𝑊𝐺
(𝑖) (𝑡) = Strain in VWG 𝑖 at time 𝑡, obtained from DAQ 

휀𝑉𝑊𝐺
(𝑖) (𝑡0) = Strain in VWG 𝑖 at time 𝑡0, obtained from DAQ 

𝑇(𝑖)(𝑡) = Temperature in VWG 𝑖 at time 𝑡 

𝑇(𝑖)(𝑡0) = Temperature in VWG 𝑖 at time 𝑡0 

𝛼𝑉𝑊𝐺 = 6.78 × 10−6 1

°𝐹
 , Coefficient of thermal expansion of the VWG 
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To calculate the non-thermal part of the concrete strain change ( Δε𝑛𝑡ℎ ), the 

unrestrained thermal deformation of the concrete was subtracted from ΔεTotal , as 

expressed in Equation (7-4) (Geokon, 2012). However, since the arches are 

indeterminate, temperature changes induce stresses in the arches, and Δ휀𝑛𝑡ℎ includes 

elastic strain changes due to restrained thermal deformation.  

 

Δ휀𝑛𝑡ℎ
(𝑖) (𝑡, 𝑡0) = [휀𝑉𝑊𝐺

(𝑖) (𝑡) − 휀𝑉𝑊𝐺
(𝑖) (𝑡0)] + (𝛼𝑉𝑊𝐺 − 𝛼𝐶)  × [𝑇(𝑖)(𝑡) − 𝑇(𝑖)(𝑡0)]  (7-4) 

 

in which:  

Δ휀𝑛𝑡ℎ
(𝑖) (𝑡, 𝑡0)  = Total strain change in the concrete at the location of VWG 𝑖, 

between time 𝑡 and time 𝑡0,excluding unrestrained thermal 

deformations 

𝛼𝐶  = Coefficient of thermal expansion of concrete, determined in 

Section 7.6 

 SECTIONAL STRAIN CALCULATIONS 7.5

As noted in Chapter 5, the most critical strains were expected to occur at the 

corners and edges of each cross section. These corner and edge strains were calculated 

from strain changes at the location of the VWGs, as explained in the following 

paragraphs. In this section, terms “top”, “bottom”, and “side” refer to different locations 

on the arches in their final vertical position.  

7.5.1  Sections with Two VWGs 

Sections in the D-regions of the arches were instrumented using two VWGs that 

were close to the top edges. For these sections, the strain distribution was assumed linear 

along the 4.5 𝑓𝑡 width of the arches. However, the distribution was expected to be highly 

nonlinear along the depth of the section. As a result, the strains and therefore the stresses 

were calculated along the width of the arch, but only at the level of the installed VWGs, 
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as shown by line 𝐴𝐵 in Figure 7.4. Using linear extrapolation, the strains at any point 

along 𝐴𝐵 can be calculated as follows. 

 

Figure 7.4- General layout of sections with two VWGs. 

 

Δ휀(𝑥) = Δ휀(1) +
Δ휀(2) − Δ휀(1)

𝑥2 − 𝑥1
× (𝑥 − 𝑥1)  (7-5) 

 

in which: 

Δ휀(𝑥) = Strain change at any point along 𝐴𝐵 located at distance 𝑥 from the 

origin  

Δ휀(1), Δ휀(2) = Concrete strain changes at the locations of the VWGs 

𝑥 = Horizontal distance from the location under consideration along 𝐴𝐵 

from the origin 

𝑥1, 𝑥2 = Horizontal distance between the location of VWGs and the origin 

 

The origin for the coordinate system can be selected on any arbitrary side of the 

arches. The maximum strains occur at 𝐴 or 𝐵 and are calculated as follows. 

  

Δ휀(𝐴) = Δ휀(0) = Δ휀(1) −
Δ휀(2) − Δ휀(1)

𝑥2 − 𝑥1
× (𝑥1)  

 

(7-6) 

Δ휀(𝐵) = Δ휀(54") = Δ휀(1) +
Δ휀(2) − Δ휀(1)

𝑥2 − 𝑥1
× (54" − 𝑥1)  

 

(7-7) 
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When the arches are treated as 2D structures, the average strain along 𝐴𝐵 is of 

interest and is calculated by averaging the strains at points 𝐴 and 𝐵. It should be noted 

that this average is different from the result of averaging Δ휀(1) and Δ휀(2). 

 

Δ휀(𝐴𝑣𝑒) =
Δ휀(𝐴) + Δ휀(𝐵)

2
  (7-8) 

7.5.2 Sections with Three or Four VWGs 

Most of the monitored sections in the B-regions of the arches were instrumented 

using three or four VWGs. Strains at any point in these sections can be calculated using 

Equations (7-9) to (7-17). These equations were derived using analytic geometry, 

assuming arbitrary locations for the VWGs. Therefore, the equations are valid for all 

VWG arrangements shown in Figure 7.5.  

 

  
(a) (b) 

 
(c) 

Figure 7.5- General layout of instrumented sections in B-regions.  

(a) Rib sections with three VWGs. (b) Tie sections with three VWGs. (c) Sections with four VWGs. 
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Strain changes at any point in the instrumented cross section can be found using 

Equation (7-9). 

 

Δ휀(𝑥, 𝑦) = 𝑎 × 𝑥 + 𝑏 × 𝑦 + 𝑐 (7-9) 

 

in which: 

Δ휀(𝑥, 𝑦) = strain change at any arbitrary point in the section with coordinates 𝑥 

and 𝑦 

𝑎,𝑏, 𝑐 = plane equation coefficients. 

The plane equation coefficients, 𝑎, 𝑏, and 𝑐 are calculated using Equation (7-10). 

For sections with three VWGs, the equation describes the unique plane that passes 

through the instrumented points. For sections with four VWGs, the equation represents 

the best fit for the deformed section.  

 

[
𝑎
𝑏
𝑐
] = [

𝐾1 𝐾2 𝑛
𝐾4 𝐾6 𝐾1

𝐾6 𝐾5 𝐾2

 ]

−1

× [
𝐾3

𝐾7

𝐾8

] (7-10) 

𝐾1 = ∑𝑥𝑖

𝑛

𝑖=1

 𝐾2 = ∑𝑦𝑖

𝑛

𝑖=1

 𝐾3 = ∑Δ휀(𝑖)

𝑛

𝑖=1

 𝐾4 = ∑𝑥𝑖
2

𝑛

𝑖=1

 

𝐾5 = ∑𝑦𝑖
2

𝑛

𝑖=1

 𝐾6 = ∑𝑥𝑖 × 𝑦𝑖

𝑛

𝑖=1

 𝐾7 = ∑𝑥𝑖 × Δ휀(𝑖)

𝑛

𝑖=1

 𝐾8 = ∑𝑦𝑖 × Δ휀(𝑖)

𝑛

𝑖=1

 

 

In Equation (7-10), 

𝑛 = number of VWGs in the cross section  

𝑥𝑖 = horizontal distance from the location of each VWG to the origin 

𝑦𝑖 = horizontal distance from the location of each VWG to the origin 

Δ휀(𝑖) = strain change in the concrete at the location of each VWG 
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The strains at the corners are calculated by substituting the coordinates of the 

corners for 𝑥 and 𝑦 in Equation (7-9), as follows. 

 

Δ휀(𝐴) = 𝑏 × (𝑤) + 𝑐  (7-11) 

Δ휀(𝐵) = 𝑎 × (54") + 𝑏 × (𝑤) + 𝑐  (7-12) 

Δ휀(𝐶) = 𝑎 × (54") + 𝑐  (7-13) 

Δ휀(𝐷) = 𝑐  (7-14) 

The strains at the center of gravity of each section and the average strains at top 

and bottom edges of the cross section can be calculated as follows. 

 

Δ휀(𝐶.𝐺.) = 𝑎 × (27") + 𝑏 × (
𝑤

2
) + 𝑐  (7-15) 

Δ휀(𝑡𝑜𝑝) =
Δ휀(𝐴) + Δ휀(𝐵)

2
 (7-16) 

Δ휀(𝑏𝑜𝑡) =
Δ휀(𝐶) + Δ휀(𝐷)

2
  (7-17) 

  

 ESTIMATING THE COEFFICIENT OF THERMAL EXPANSION OF CONCRETE 7.6

As discussed in Section 7.4, calculating the non-thermal component of the 

concrete strain required knowledge of the coefficient of thermal expansion of concrete 

(𝛼𝑐). Moreover, 𝛼𝑐 is an important parameter for simulating the response of the arches to 

fluctuations in the temperatures.  

The coefficient of thermal expansion can be highly variable between different 

concrete mixes. While a value of 5.5 microstrain per degree Fahrenheit is usually used for 

design calculations, thermal expansion tests reported in the literature have revealed 

𝛼𝑐 values between 3 and 8 microstrain per degree Fahrenheit (Naik, Kraus, & Kumar, 

2011). The aggregate type and volume is known to have a dominating effect, with 

limestone concrete generally expanding less than river gravel concrete. In a recent study 
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by TxDOT, which was focused on pavement concrete, 94 concrete mixes from Texas 

were evaluated for their coefficient of thermal expansion. Concrete mixes made with 

limestone were found to possess 𝛼𝑐 values up to 30% lower than similar mixes made with 

siliceous gravel, and 𝛼𝑐 values for limestone mixes were reported to be between 4 and 4.7 

microstrain per degree Fahrenheit (Du & Lukefahr, 2007). 

The values of 𝛼𝑐 for the concrete in the West 7
th

 Street Bridge were estimated 

based on the recorded response of the arches to thermal changes. This approach is 

expected to be more reliable in providing representative values of the structure as 

compared to cylinder-level tests.  

If no elastic or time-dependent strain occurs in the arches, their recorded response 

is governed by unrestrained thermal expansion. More specifically, the strain change 

between two data points recorded from the arches can be considered as purely thermal 

strain if the following conditions are met:  

(1) No loads are applied to the arches between the two recorded data points.  

(2) The arch elements can freely expand or contract under temperature change so 

that no stresses are produced due to restrained thermal deformations.  

(3) All temperatures in the structure are changed by the same amount, so no 

stresses are induced in the structure due to thermal gradients.  

(4) Other time-dependent concrete deformations, namely creep and shrinkage, are 

zero or negligible. 

Since creep strains affect the data after post-tensioning, the useful data for 

calculating 𝛼𝑐 were limited to what was collected before PT-1. Moreover, all data points 

from the first 24 hours after the concrete pour, all of the daytime records, and all of the 

nighttime records in which the total temperature range in the arch was larger than 7.5°𝐹 

were filtered out. The strain change between the remaining data points was believed to be 
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governed only by thermal strains. Moreover, since the structure was compared between 

different states of uniform temperature, no thermal stresses were expected to affect the 

strain changes between the data points. However, during the period represented by these 

records, the arch was positioned on its side on the soffit of the formwork, and some 

friction was expected between the arch and the soffit. 

 

 

Figure 7.6- Strain profile generated in the arch due to the effects of thermal expansion and friction. 

Figure 7.6 shows the strain profile in the arch due to the effects of uniform 

temperature change and friction between the arch and the soffit. As can be seen in this 

figure, although a uniform temperature change is applied to the structure, some out-of-

plane bending is expected due to the frictional restraint, 𝐹𝑅. Using simple bending and 

thermal expansion equations, the relationship between strains, thermal changes and 

friction can be expressed as follows: 

 

휀1 = 𝛼𝑐Δ𝑇 +
1

𝐸𝑐
(−

𝐹𝑅

𝐴𝑐
−

𝐹𝑅 ×
ℎ
2 

𝑆𝑏𝑜𝑡
) (7-18) 
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휀2 = 𝛼𝑐Δ𝑇 +
1

𝐸𝑐
(−

𝐹𝑅

𝐴𝑐
+

𝐹𝑅 ×
ℎ
2 

𝑆𝑡𝑜𝑝
) (7-19) 

in which: 

휀1, 휀2  = strain changes at the soffit side and free surface of the arch due to 

uniform thermal changes and friction 

𝛼𝑐 = coefficient of thermal expansion of concrete 

Δ𝑇 = uniform temperature change 

𝐹𝑅 = friction between the arch and the soffit 

𝐴𝑐 = area of the section under study =𝑏 × ℎ 

ℎ = height of the section = arch thickness = 54𝑖𝑛.  

𝑆𝑡𝑜𝑝, 𝑆𝑏𝑜𝑡 = section modulus for the out of plane bending of the arch 

Since the cross section is rectangular, 𝑆𝑡𝑜𝑝 and 𝑆𝑏𝑜𝑡 in Equations (7-18) and 

(7-19) can be replaced with (𝑏 × ℎ2)/6 , and 𝐹𝑅 can be eliminated between the two 

equations, producing a simplified equation between 𝛼𝑐Δ𝑇, 휀1, and 휀2 as follows: 

 

𝛼𝑐Δ𝑇 =
휀1 + 2휀2

3
 (7-20) 

Therefore, if an equivalent thermal strain change, 휀,̅ is defined as (휀1 + 2휀2)/3 , 

and data points for 휀 ̅ are plotted versus temperature changes, the slope of the linear 

regression line will be equal to 𝛼𝑐. 

In order to calculate 𝛼𝑐, the filtered data were first used to calculate the total strain 

change at the location of each VWG, using Equation (7-3). For each section, these strain 

changes were then used as the input to the equations of Section 7.5.2 to find the total 

strain changes at the surface and the soffit side of the arch (휀1 and 휀2) and therefore, 휀 ̅

was calculated. For each arch, the equivalent thermal strain and temperature change data 

obtained from all sections were combined to plot 휀 ̅versus Δ𝑇. A linear regression 

analysis was then used to find 𝛼𝑐, as shown in Figure 7.7 for one of the arches. 
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Figure 7.7- Strain-temperature correlation for Arch 9. 

Figure 7.8 shows the 𝛼𝑐 values calculated for the arches using this procedure. 

After filtering the data, the remaining data points were too few for calculating 𝛼𝑐 for 

arches 3, 4, 7, and 8. Therefore, this parameter was not calculated for these four arches. 

As can be seen in the figure, the average value of 𝛼𝑐 was approximately equal to 4 

microstrain per degree Fahrenheit. This number was used throughout the post-processing 

calculations. 

 

𝛼𝑐 = 4 × 10−6  (
1

°𝐹
)  (7-21) 
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Figure 7.8- Coefficient of thermal expansion in the arches. 

A potential concern regarding the aforementioned procedure is the contribution of 

shrinkage to strain changes between the records. The concrete mix used for the arches 

was designed to result in small shrinkage. Moreover, due to the large volume-to-surface 

ratios of the arch elements, the magnitude of drying shrinkage developed between the 

records used for calculating 𝛼𝑐 was expected to be small. On the other hand, in most of 

the arches, the first filtered record was obtained several days after the concrete pour. 

Therefore, the autogeneous shrinkage was not expected to be significant. Therefore, the 

arches were assumed to be more sensitive to thermal changes than to shrinkage, and the 

effects of shrinkage were neglected when using the filtered records.  

Observations from the filtered data points support the assumption of neglecting 

the shrinkage strains when calculating 𝛼𝑐. If significant shrinkage had happened between 

the filtered data points, a strong correlation would not have existed between strains and 
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temperatures. However, as shown in Figure 7.7, a linear correlation with a coefficient of 

determination, 𝑅2, that is very close to unity existed between strains and temperatures, 

and the validity of the assumptions mentioned above was therefore reaffirmed. 

 STRESS CALCULATIONS 7.7

The strains from the instrumentation data provided a valuable picture of the 

elastic and time-dependent response of the arches. However, calculating the stresses was 

more important from a practical perspective. Ensuring the safety of the arches against 

cracking was possible only if the total stress level in the structure could be calculated and 

compared with the tensile strength of concrete. Moreover, all design calculations were 

expressed as stress predictions, and the only way to verify the calculations was by 

evaluating the in-situ stresses in the structure. However, converting recorded strains to 

stresses requires considering time-dependent and thermal effects.  

As discussed in Chapter 3, when concrete is subjected to sustained loads, its 

volume tends to change due to creep and shrinkage. By nature, creep is dependent on the 

stress level while shrinkage is assumed to be independent of stress level. Most of the 

shrinkage and creep deformations occur during the early ages of concrete elements and 

soon after loading. As a result, large creep and shrinkage effects are expected in the 

construction response of any concrete structure, including the arches of the West 7
th

 

Street Bridge. While creep and shrinkage strains per se do not correspond to stress 

changes, the presence of prestressing tendons and the indeterminacy of the arches cause 

these deformations to induce stress changes. Therefore, for calculating the stresses, it is 

essential to investigate the strain changes that occur when no apparent changes happen to 

the loads on the structure.  
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If a prestressed concrete element deforms freely under creep and shrinkage, the 

shortening of the element will result in prestress losses. As a result, the stresses that were 

induced in the structure due to prestressing will diminish over time. On the other hand, if 

these deformations are prevented, restrained shrinkage and concrete relaxation will occur, 

which results in time-dependent stress changes at a faster rate. Most prestressed concrete 

bridge girders are relatively free to deform under creep and shrinkage before they are 

restrained by the bridge deck. Therefore, concrete relaxation is not common in most 

bridges. However, in the arches of the West 7
th

 Street Bridge, the stiff network of hangers 

might restrain the time-dependent deformations of the tie and the rib. As discussed in 

Chapter 8, such stiff restraint leads to relatively small prestress losses in the arches. 

Therefore, there is a possibility that the time-dependent stress changes in the arches of the 

West 7
th

 Street Bridge are dominated by relaxation, rather than prestress losses.  

On the other hand, for exposed structures such as bridges, significant thermal 

effects are expected in the structure’s response. The structure is affected by direct solar 

radiation, changes in the ambient temperatures, and heat exchange with the surrounding 

environment. The thermal changes result in both unrestrained and restrained strains. 

Unrestrained thermal strains do not correspond to any stress changes in the structure. 

Therefore, they should be excluded from the measured strain history. However, in highly 

indeterminate structures such as the arches of the West 7
th

 Street Bridge, thermal strains 

are highly restrained. As a result, thermal changes result in real stress changes in the 

structure, which might cause a risk of cracking or damage, but tend to be redistributed 

and relieved during subsequent thermal changes.  

Figure 7.9 shows components of the strain changes that were recorded by the 

instrumentation. Among several components shown in this figure, those illustrated in red 
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do not correspond to stress changes and should therefore be excluded from the total 

strains. As shown in this figure, at any time, the total strain can be expressed as follows: 

 

휀𝑡𝑜𝑡𝑎𝑙(𝑡) = 

 

휀𝑒𝑙,𝑙𝑜𝑎𝑑(𝑡) + 휀𝑒𝑙,𝑡ℎ(𝑡)+휀𝑒𝑙,𝑆𝐻(𝑡) + 휀𝑒𝑙,𝑅(𝑡) + 휀𝑒𝑙,𝑙𝑜𝑠𝑠(𝑡) + 휀𝑡ℎ(𝑡)

+ 휀𝑆𝐻(𝑡) + 휀𝐶𝑟(𝑡) 

(7-22) 

in which: 

휀𝑡𝑜𝑡𝑎𝑙 = total strain 

휀𝑒𝑙,𝑙𝑜𝑎𝑑 = elastic instantaneous strain due to self-weight and external loads on the 

structure 

휀𝑒𝑙,𝑡ℎ = elastic strain due to restrained thermal expansion or contraction 

휀𝑒𝑙,𝑆𝐻 = elastic strain due to restrained shrinkage deformations 

휀𝑒𝑙,𝑅 = elastic strain change due to redistribution and relaxation of stresses in 

concrete 

휀𝑒𝑙,𝑙𝑜𝑠𝑠 = elastic strain change due to loss of prestress over time 

휀𝑡ℎ = strain due to unrestrained thermal expansion or contraction 

휀𝑆𝐻 = unrestrained shrinkage strains 

휀𝐶𝑟 = creep strains 

Since 휀𝑛𝑡ℎ is used in the calculations of strains, the unrestrained thermal strain, 

휀𝑡ℎ, is already excluded from the calculated strain history for different edges and corners 

of the structure. However, calculating the stresses from this strain history requires a well-

designed procedure for dealing with each component in Equation (7-22) accordingly. 
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Figure 7.9-Components of the recorded strain from the structure. 

The following sub-sections describe two approaches that were utilized in this 

research for converting the strain history at any point in the structure to stresses. The 

most comprehensive approach to this problem is to use a numerical calculation procedure 

to convert the strain history to a continuous stress history, based on the principles and 

equations introduced in Chapter 3. This approach, which relies on significant background 

information about shrinkage and creep and requires a substantial programming effort, is 

herein referred to as Method A. While all stress components are taken into account in 

Method A, it has several limitations and disadvantages, as discussed in Section 7.7.1. To 

evaluate the effects of different construction operations and to ensure the safety of the 
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arches, an approximate method that is referred to as Method B was used. Method B is 

explained in Section 7.7.2.  

7.7.1 Method A: Continuous Stress-Time Relationship 

7.7.1.1 Procedure 

Method A is used to consider all stress-related components of strains, which are 

illustrated in blue in Figure 7.9. In this method the stress history,  𝑡𝑜𝑡𝑎𝑙(𝑡), includes the 

effects of all phenomena that contribute to stress changes, as expressed in Equation 

(7-23).  

 

 𝑡𝑜𝑡𝑎𝑙(𝑡) =  𝑙𝑜𝑎𝑑(𝑡) +  𝑡ℎ(𝑡)+ 𝑆𝐻(𝑡) +  𝑅(𝑡) +   𝑜𝑠𝑠(𝑡) (7-23) 

in which: 

 𝑡𝑜𝑡𝑎𝑙 = total stress change 

 𝑙𝑜𝑎𝑑 = stress changes due to the effects of self-weight and external loads on the 

structure 

 𝑡ℎ = stress changes due to thermal effects  

 𝑆𝐻 = stress changes due to restrained shrinkage 

σR = stress changes due to redistribution of stresses and concrete relaxation  

  𝑜𝑠𝑠 = stress changes due to loss of prestress over time  

In Method A, a numerical step-by-step solution is used to solve the Volterra 

integral equation and calculate  (𝑡) from a known 휀𝑛𝑡ℎ(𝑡), which is obtained from the 

instrumentation. The equations used in this numerical procedure can be derived from the 

hereditary equation, which was introduced in Chapter 3. While different versions of such 

a numerical procedure are available in the literature, the one presented below is very 

similar to that in (CEB, 1984) and (Bažant, 1972).  
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Assuming that the superposition of creep effects is valid, the total stress-related 

strain at any time and any point in the structure can be found using Equation (7-24). 

 

휀′(𝑡, 𝑡0) = ∫ 𝐽(𝑡, 𝑡𝑖)
𝜕 (𝑡𝑖)

𝜕𝑡𝑖
𝑑𝑡𝑖

𝑡

𝑡0

 (7-24) 

in which: 

휀′(𝑡, 𝑡0) = stress-related strain change between times 𝑡0 and 𝑡  

= 휀𝑛𝑡ℎ(𝑡, 𝑡0) − 휀𝑆𝐻(𝑡, 𝑡0) 

 (𝑡𝑖)
 = total stress at time 𝑡𝑖 

𝐽(𝑡, 𝑡𝑖) = creep compliance for 𝑡 and 𝑡𝑖 

= concrete strain at time 𝑡 due to a unit stress applied to the structure at 

time 𝑡𝑖. 

 

If time 𝑡 is subdivided into discrete times 𝑡0, 𝑡1, … , 𝑡𝑘, Equation (7-24) can be 

approximated using the trapezoidal rule: 

 

휀′(𝑡𝑘, 𝑡0) = ∑
1

2
[ (𝑡𝑖) −  (𝑡𝑖−1)] × [𝐽(𝑡𝑘, 𝑡𝑖) + 𝐽(𝑡𝑘, 𝑡𝑖−1)] 

𝑘

𝑖=1

 (7-25) 

To simplify the format of the equation, 휀′(𝑡𝑘, 𝑡0) is replaced with 휀𝑘
 ,  (𝑡𝑖) is 

replaced with  𝑖, and 𝐽(𝑡𝑘, 𝑡𝑖) is replaced with 𝐽𝑘,𝑖, as shown in Equation (7-26). 

 

휀𝑘
 = ∑

1

2
[ 𝑖 −  𝑖−1] × [𝐽𝑘,𝑖  + 𝐽𝑘,𝑖−1] 

𝑘

𝑖=1

 (7-26) 

Therefore, 

 

휀𝑘−1
 = ∑

1

2
[ 𝑖 −  𝑖−1] × [𝐽𝑘−1,𝑖  + 𝐽𝑘−1,𝑖−1] 

𝑘−1

𝑖=1

 (7-27) 

 

If Equation (7-27) is subtracted from Equation (7-26), the following recursive equation is 

obtained after simplification: 
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휀𝑘
 − 휀𝑘−1

 =
1

2
[ 𝑘 −  𝑘−1] × [𝐽𝑘,𝑘 + 𝐽𝑘,𝑘−1] 

 + 
1

2
∑[ 𝑖 −  𝑖−1] × [𝐽𝑘,𝑖 + 𝐽𝑘,𝑖−1 − 𝐽𝑘−1,𝑖 − 𝐽𝑘−1,𝑖−1] 

𝑘−1

𝑖=1

 

(7-28) 

Rearranging this equation leads to Equation (7-29): 

 

 𝑘 −  𝑘−1 =
2

[𝐽𝑘,𝑘+𝐽𝑘,𝑘−1]
× 

[(휀𝑘
 − 휀𝑘−1

 ) − 
1

2
∑[ 𝑖 −  𝑖−1] × [𝐽𝑘,𝑖 + 𝐽𝑘,𝑖−1 − 𝐽𝑘−1,𝑖 − 𝐽𝑘−1,𝑖−1] 

𝑘−1

𝑖=1

] 

(7-29) 

Equation (7-29) is the basis for Method A. As can be seen in this equation, the 

strain change at time step 𝑘 is compared to the strain change that is expected in that time-

step based on the stress history from all previous time steps (0 to 𝑘 − 1). The difference 

is used to calculate the stress change that occurred during time step 𝑘. 

The time-step used for this numerical solution should be selected carefully. It 

should not be very large so as to result in large numerical errors, and not very small so as 

to make the procedure computationally impractical. The lengths of the time steps do not 

need to be equal and can be increased for later times in the life of the structure. Based on 

the recommendations in CEB (1984), the time steps should be selected in a way that 

(𝐽𝑘,0 − 𝐽𝑘−1,0) is nearly constant for all time steps and is equal to 0.02 × 𝐽𝑘,0. 

In order to implement the numerical solution for calculating the stresses at any 

desired point on the instrumented sections of the West 7
th

 Street Bridge, the following 

procedure was used through Visual Basic macros in Microsoft Excel: 

1. The start time for stress calculations was selected. This initial time should represent 

the stress-free conditions of the arch so that  0=0. Since restrained shrinkage might 
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induce some stresses prior to the application of external loads to the structure, the 

start time was selected as the time of the first record after the end of wet curing 

operations. The potential effects of restrained autogeneous shrinkage during wet 

curing were therefore neglected. 

2. A time-step was chosen for the numerical solution. Since good computational 

capabilities were available at FSEL, a very conservative time step of one hour was 

used when the arches were being continuously monitored.  

3. A subset of records, which were collected at intervals of one hour, was selected for 

the numerical solution. When the arch was not continuously monitored, all available 

records from the hand-held reader were utilized for the numerical solution. 

4. The non-thermal component of strain (휀𝑛𝑡ℎ) was calculated for each record using the 

instrumentation data and the method explained in Section 7.5. 

5. The shrinkage strain at the section under study (휀𝑆𝐻) was estimated at the time of each 

record using a shrinkage prediction model. 

6. For each record, the shrinkage strain found above was subtracted from the non-

thermal strain to find the stress-related strain (휀′). 

7. For each interval between the two records, i.e., every time step, the change in stress-

related strain, 휀𝑘
 - 휀𝑘−1

 , was calculated. 

8. To find the stress change between 𝑡𝑘 and 𝑡𝑘−1: 

a. A creep model was used to calculate the creep compliance function, 𝐽𝑘,𝑖 for all 

𝑖 values between 0 and 𝑘 and to calculate 𝐽𝑘−1,𝑖 all 𝑖 values between 0 and 

𝑘 − 1. For example, for calculating the stress change between 𝑡3 and 𝑡4, the 

following parameters were needed: 

𝐽3,0,  𝐽3,1,  𝐽3,2,  𝐽3,3,  𝐽4,0,  𝐽4,1,  𝐽4,2,  𝐽4,3,  𝐽4,4 

b. Equation (7-29) was used to calculate the stress increment in the time step.  
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Note that in order to use Equation (7-29), the stresses must be available for all 

previous time steps. Therefore, the stress calculation was conducted sequentially, starting 

from  0 = 0. The stresses at all subsequent steps could therefore be calculated using this 

procedure, resulting in a complete stress history for the point under consideration. 

In order to obtain the most realistic results from Method A, it would be ideal to 

conduct creep and shrinkage tests and develop mix-specific equations for 휀𝑆𝐻 and 𝐽𝑘,𝑖. 

However, as mentioned in Chapter 6, these tests were impractical considering the 

resources available for this research. Therefore, the following models were used for 

estimating shrinkage strains and the creep compliance function. 

 ACI209 

 GL2000 

 B3 

 CEB-FIP 1990 

 fib 2010 

In addition to these models, the creep and shrinkage models provided in 

AASHTO LRFD 2012 were initially used for Method A. However, the calculated stresses 

were incompatible with the physical conditions of the arches. For example, in several 

sections of the arches, tensile stresses well beyond the cracking stress were predicted 

although no cracking was detected in those sections. This observation is not surprising 

since the AASHTO equations are tailored for pretensioned girders and are also designed 

to result in conservative predictions and not necessarily realistic estimates for deflection 

and prestress losses for actual conditions. Therefore, the results of using Method A with 

the AASHTO equations are not discussed in this dissertation. 

The numerical step-by-step procedure explained above for Method A was 

implemented using Visual Basic macros in Microsoft Excel. The complexity of the codes 
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developed for the procedure varied among different creep and shrinkage models. The 

ACI 209 model was the simplest model to program. The CEB-FIP 1990 model required 

more calculations than the ACI 209 model but the mathematical functions used in this 

model were comparable in complexity to those in the ACI 209 model. The fib 2010 and 

GL 2000 models required similar numbers of calculations, which were larger than that 

required in the CEB-FIP 1990 model. Finally, the B3 model required the most 

complicated mathematical functions and the largest number of calculations. Therefore, 

the B3 model required the largest effort to program. 

7.7.1.2 Validation 

Method A is dependent on the prediction models for creep and shrinkage. As 

discussed in Chapter 3, the results of different prediction models available in the 

literature might differ significantly from each other. As a result, the stresses calculated 

from Method A need to be validated.  

In this research, static equilibrium was used to check the internal stresses and 

determine which model performed better in representing the time-dependent behavior of 

the concrete in the West 7
th

 Street Bridge. In this approach, the structure is divided into 

segments using cuts at the location of instrumented sections and the free body diagram of 

each segment is evaluated to check if the internal stresses are in static equilibrium with 

external loads on the structure. This method is effective in validating internal stresses 

only if external forces applied to each segment under consideration are known.  

The arches in the West 7
th

 Street Bridge are highly statically indeterminate due to 

the presence of the inclined hangers. As a result, when hangers are engaged, it is not 

possible to develop a free body diagram with known external loads to verify the internal 

stresses at instrumented sections. However, a unique opportunity to evaluate the static 
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equilibrium is provided at the time of upward jacking. When the hydraulic rams were 

activated during upward jacking, all hangers in the structure were relaxed. Therefore, no 

forces were applied to the arch from the hangers and a free body diagram with mostly 

known external forces could be drawn, as shown in Figure 7.10.  

In Figure 7.10, internal stresses at midspan,  𝑅𝑖𝑏
𝑡𝑜𝑝

,  𝑅𝑖𝑏
𝑏𝑜𝑡,  𝑇𝑖𝑒

𝑡𝑜𝑝
, and  𝑇𝑖𝑒

𝑏𝑜𝑡 are the 

outputs of Method A, which are evaluated through static equilibrium equations. The 

upward jacking force in each ram, 𝐹𝐽, was controlled through equally pressurized 

hydraulic lines and was equal to 17 𝑘𝑖𝑝𝑠 with relatively good accuracy. The prestressing 

force in each tendon at the time of upward jacking is also calculated using the initial 

prestressing force and the monitored prestress loss, as described in Section 7.8. The 

weight of the arch segment, the strong-backs, and hangers can also be estimated with 

reasonable accuracy, assuming unit weights of 150 𝑓𝑡/𝑙𝑏3 and 500 𝑙𝑏/𝑓𝑡3for concrete 

and stainless steel, respectively. 

Shear forces at the midspan in the rib and also at distance 𝑋𝑜 from the midspan in 

the tie were neglected since the structure was symmetric about the midspan when 

considered in 2-D, and therefore the theoretical shear force is zero in the rib at midspan 

and very small at distance 𝑋0 from the midspan in the tie. While small shear forces may 

have been present in both sections due to material or geometry imperfections or 

unsymmetrical locked-in stresses, their magnitude was much smaller than other forces 

that were applied to the half arch. As a result, neglecting the shear forces is not expected 

to result in considerable errors in the calculations. 
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Figure 7.10- Free-body diagram of an arch segment during upward jacking. 
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Based on the assumptions mentioned above and also assuming that the 

distribution of stresses within the midspan sections is linear, the following equations 

represent the theoretical static equilibrium of forces applied to the arch segment in the 

horizontal direction. In these equations, tensile stresses are assumed to be positive. 

 

∑𝐹𝑋
𝐸𝑥𝑡 + ∑𝐹𝑋

𝐼𝑛𝑡 = 0 (7-30) 

𝐹𝑋
𝐸𝑥𝑡 = 𝐹𝑃𝑇

1,3 + 𝐹𝑃𝑇
2,5 + 𝐹𝑃𝑇

4,6 − ∑𝐹𝑅
𝑖

7

𝑖=1

 (7-31) 

𝐹𝑋
𝐼𝑛𝑡 = 𝑡 × (

1

2
(  𝑅𝑖𝑏

𝑡𝑜𝑝 +  𝑅𝑖𝑏
𝑏𝑜𝑡 +  𝑇𝑖𝑒

𝑡𝑜𝑝 +  𝑇𝑖𝑒
𝑏𝑜𝑡) × 2𝑓𝑡) (7-32) 

In these equations: 

𝐹𝑋
𝐸𝑥𝑡, 𝐹𝑋

𝐼𝑛𝑡 = external and internal horizontal force applied to concrete in the arch 

segment 

 𝑅𝑖𝑏
𝑡𝑜𝑝

,  𝑅𝑖𝑏
𝑏𝑜𝑡, 

 𝑇𝑖𝑒
𝑡𝑜𝑝

,  𝑇𝑖𝑒
𝑏𝑜𝑡 

= stresses calculated at the time of upward jacking using the 

instrumentation data and Method A.  

(These stresses are expected to be all compressive, i.e., negative.)  

𝐹𝑃𝑇
1,3

 = sum of the force in Tendons 1 and 3 at the time of upward jacking 

𝐹𝑃𝑇
2,5

 = sum of the force in Tendons 2 and 5 at the time of upward jacking 

𝐹𝑃𝑇
4,6

 = sum of the force in Tendons 4 and 6 at the time of upward jacking 

𝑡 = arch width = 4.5𝑓𝑡 

𝐹𝑅
𝑖  = friction between the arch and the hydraulic rams and supports 

The only unknowns in these equations are the friction forces at the support and 

the location of the 6 hydraulic rams shown in Figure 7.10. In order to check the stresses 

predicted using Method A, the total friction force required for equilibrium is calculated 

using Equation (7-33), and the coefficient of friction (𝜇) necessary for generating this 

friction force is estimated using Equation (7-34). As discussed in Chapter 8, the estimated 
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𝜇 provides valuable insight into the performance of the creep and shrinkage prediction 

models for this structure.  

 

∑𝐹𝑅
𝑖

7

𝑖=1

= 𝐹𝑃𝑇
1,3 + 𝐹𝑃𝑇

2,5 + 𝐹𝑃𝑇
4,6 + 𝑡 × (

1

2
(  𝑅𝑖𝑏

𝑡𝑜𝑝 +  𝑅𝑖𝑏
𝑏𝑜𝑡 +  𝑇𝑖𝑒

𝑡𝑜𝑝 +  𝑇𝑖𝑒
𝑏𝑜𝑡) × 2𝑓𝑡) (7-33) 

𝜇 =
1

𝑅 + 6 × 𝐹𝐽
 ∑𝐹𝑅

𝑖

7

𝑖=1

 (7-34) 

in which: 

𝑅 = reaction force at the support = (
𝑊𝑎𝑟𝑐ℎ

2
+ 𝑊𝑔) −

(13×𝐹𝐽)

2
 = 201 𝑘𝑖𝑝𝑠 

𝐹𝐽 = upward jacking force=17 𝑘𝑖𝑝𝑠 

𝑊𝑎𝑟𝑐ℎ = total weight of the arch and hangers =576 𝑘𝑖𝑝𝑠 

𝑊𝑔 = weight of the strong-back =23 𝑘𝑖𝑝𝑠  

The equilibrium of bending moments about Point O is another static equilibrium 

equation that can be used:  

 

∑𝑀𝑂
𝐸𝑥𝑡 + ∑𝑀𝑂

𝐼𝑛𝑡 = 0 (7-35) 

𝑀𝑂
𝐸𝑥𝑡 = 𝑊𝑎 × (46.38𝑓𝑡 − 𝑋0) +𝑊𝑔 × (61.61𝑓𝑡 − 𝑋0) + 𝑊𝐻 × (26.43𝑓𝑡 − 𝑋0)  

−𝐹𝐽 × [(9.63𝑓𝑡 − 𝑋0) + (19.25𝑓𝑡 − 𝑋0) + (28.88𝑓𝑡 − 𝑋0)

+ (38.50𝑓𝑡 − 𝑋0) + (48.13𝑓𝑡 − 𝑋0) + (57.74𝑓𝑡 − 𝑋0)]

− 𝑅 × (74.58𝑓𝑡 − 𝑋0) − 𝐹𝑃𝑇
1,3 × 𝑑𝑂

1,3 − 𝐹𝑃𝑇
2,5 × 𝑑𝑂

2,5

− 𝐹𝑃𝑇
4,6 × 𝑑𝑂

4,6
 

(7-36) 

𝑀𝑂
𝐼𝑛𝑡 = −[𝑡 × ( 𝑅𝑖𝑏

𝑏𝑜𝑡 × 2𝑓𝑡 × 22.5𝑓𝑡 +
1

2
(  𝑅𝑖𝑏

𝑡𝑜𝑝 −  𝑅𝑖𝑏
𝑏𝑜𝑡) × 2𝑓𝑡 × 22.83𝑓𝑡 +  𝑇𝑖𝑒

𝑏𝑜𝑡

× 2𝑓𝑡 × 1𝑓𝑡 +
1

2
(  𝑇𝑖𝑒

𝑡𝑜𝑝 −  𝑇𝑖𝑒
𝑏𝑜𝑡) × 2𝑓𝑡 × 1.33𝑓𝑡)] 

(7-37) 
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in which: 

𝑀𝑂
𝐸𝑥𝑡 , 𝑀𝑂

𝐼𝑛𝑡 = external and internal moments applied to concrete in the arch 

segment about Point O 

𝑊𝑎 = weight of the arch segment = 280 𝑘𝑖𝑝𝑠 

𝑊𝐻 = weight of hangers in the arch segment= 4 𝑘𝑖𝑝𝑠 

𝑋0 = distance between the midspan and the instrumented section closest 

to the midspan= typically 3𝑓𝑡, as discussed in Section 5.2.4.1. 

𝑑𝑂
1,3

 = vertical distance between the centroid of Tendons 1and 3 at midspan 

and Point O. 

𝑑𝑂
2,5

 = vertical distance between the centroid of Tendons 2 and 5 at 

midspan and Point O. 

𝑑𝑂
4,6

 = vertical distance between the centroid of Tendons 4 and 6 at 

midspan and Point O in the vertical plane. 

Due to construction imperfections and errors expected in the results of prediction 

models, the right-hand side of Equation (7-35) will not be equal to zero but will instead 

represent an imbalanced bending moment, 𝑀𝑖𝑚𝑏. The magnitude of 𝑀𝑖𝑚𝑏 is used as 

another indicator of the performance of creep and shrinkage models, as discussed in 

Chapter 8.  

7.7.1.3 Limitations 

Method A is the most comprehensive approach to calculating the time-dependent 

stresses in the structure based on monitored strains. However, there are several 

disadvantages to this method, as discussed below. 

1. Dependence on creep and shrinkage prediction models 

As discussed in the previous section, Method A relies on a prediction model for 

creep and shrinkage. While numerous models are available in the literature for this 

purpose, the results obtained from these models might significantly differ from one 

another. Moreover, each model is calibrated against a certain set of experimental data in 
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order to represent either the average, upper-bound, or lower-bound cases among the data 

points. Therefore, even if a particular mixture is consistent with the data points used for 

developing a model, there is a possibility that large errors exist between the model 

predictions and reality.  

On the other hand, the applicability of creep and shrinkage models to high-

performance concrete mixes that are commonly used today is a matter of debate among 

researchers in the field of concrete materials. Modern concrete mixes such as those used 

in the West 7
th

 Street Bridge include Supplementary Cementitious Materials (SCMs) such 

as fly ash and also a variety of chemical admixtures to control workability, setting time, 

shrinkage, etc. The results published in the literature, e.g., (Brooks, 2000) and (Dilger & 

Wang, 2000), show that creep and shrinkage are largely affected by the presence of 

admixtures and SCMs, but there is large variability in the observed effects. Therefore, 

unless a model is developed based on a comprehensive mix-specific study, there will be 

numerous uncertainties regarding its accuracy. Other factors such as size effects might 

also affect drying and hence, creep and shrinkage. As a result, developing a reliably 

representative model is very challenging, even based on mix-specific test data. 

As described in Section 7.7.1.2, in this research, static equilibrium was used to 

shed light on the validity of predicted stresses, but the validation procedure is only 

applicable to the time of upward jacking. The upward jacking is one of the last 

construction operations in the precasting yard and therefore, there is limited information 

available regarding the performance of different creep and shrinkage models and hence 

Method A during most of the construction period. Moreover, although this operation was 

conducted at different ages for different arches, there is limited possibility to generalize 

the results to the entire life of the arches.  
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2. Insensitivity to the source of stress change 

Method A provides total stresses in the structure at any desired point in time. 

However, it provides little insight into the contribution of different effects such as self-

weight, construction operations, or environmental changes to the calculated total stresses. 

As a result, evaluating the effects of a certain construction operation on the total stress 

might be difficult. Moreover, the total stresses calculated using Method A are subjected 

to uncertainties that are discussed above, while major parts of the stress change happen in 

the short-term and are not prone to uncertainties related to creep and shrinkage. 

Therefore, combining the certain component of stress change with an uncertain portion 

provides a less precise picture of what happened in the arches and might not be favorable. 

3. Technical Background and Programming Requirements 

Method A required a substantial review of literature on creep and shrinkage, and 

also a significant programming and debugging effort. With the construction moving 

forward very quickly and the necessity of having almost real-time estimates of stresses 

within the arches to ensure the safe construction of the bridge, investing significant time 

on developing and debugging the codes for Method A was not feasible.  

Due to the disadvantages mentioned above, Method A was used to process the 

data only after the construction was finished and the instrumentation equipment was 

removed from the West 7
th

 Street Bridge. Instead, most of stresses estimated during the 

construction period were calculated using an approximate method, which is explained in 

the following section.  
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7.7.2 Method B: Incremental Elastic Stress Changes 

Method B is an approximate method in which all time-dependent stress changes 

in the structure is neglected. In this method, the short-term stress change due to each 

construction operation is calculated independently, and the total stress is estimated as the 

cumulative sum of the stress changes during the preceding construction activities. The 

calculation procedure in this method is explained in the following paragraphs.  

7.7.2.1 Short-Term Stress Changes Due to Construction Operations 

As the first step in Method B, the structure is compared before and after each 

construction operation to calculate the stress change at the corners and edges of the 

arches due to that construction step, as expressed in Equation (7-38). 

 

Δ ̅̅̅̅
𝑖 = 𝐸𝑖 × Δ휀̅̅ ̅

𝑖 (7-38) 

in which: 

Δ ̅̅̅̅
𝑖 = Stress change at a corner or edge of the structure due to construction step i. 

𝐸𝑖 = Average modulus of elasticity of concrete during the construction step, found 

from Equation (6.4) and Section 7.2. 

Δ휀̅̅ ̅
𝑖 = Stress-related non-thermal strain change at the desired corner or edge of the 

structure due to construction step i, found using the equations of Section 7.5. 

 

Based on the speed of construction activity and the rate of stress changes in the 

arches, the construction steps were divided into two categories: rapid operations, and 

slow operations. Rapid operations such as post-tensioning induced significant stress 

changes in the structure over a short time. These operations usually included several sub-

steps, and the strain change due to each of these sub-steps was easily distinguished from 

temperature or time-dependent effects. For example, Figure 7.11 shows the strains at the 

midspan of Arch 2 during PT-1. As can be seen in this figure, while there are noticeable 
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time-dependent and thermal effects, the strain changes corresponding to tensioning of the 

individual tendons can be easily identified.  

Slow operations, such as rotation or arch sliding, resulted in a gradual change in 

the strain and stress levels. The slow nature of these operations made it difficult to 

distinguish the strain changes due to the construction operation from thermal or time 

dependent effects. For example, the strain changes during the rotation of Arch 4 are 

shown in Figure 7.12. As can be seen in this figure, the rotation occurred between 9:00 

AM and 5:00 PM. It appears that strain changes due to rotation can be identified in the 

record. However, the strain record from the day before rotation reveals considerable 

strain changes over the same period, although no construction activity was in progress. It 

is clear that similar changes occurred during rotation, but since only total strains are 

measured, these thermal effects cannot be easily distinguished from the strain changes 

due to rotation. 

To calculate the stress changes in the structure due to a rapid construction 

operation, the strain record was carefully evaluated and the sub-steps of each operation 

were identified and separated from the time-dependent changes. Each sub-step occurred 

over a period of typically 3 to 4 minutes. Therefore, the time-dependent and thermal 

effects during the sub-steps were negligible. Once the sub-steps were identified and 

separated, the stress changes due to each sub-step were found. The total stress change due 

to the construction operation was then calculated by adding these stress increments.  
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Figure 7.11-Strain changes at the bottom of the rib and bottom of the tie  

at the midspan of Arch 2 during PT-1. (The arrows show time-dependent and thermal effects). 

 
Figure 7.12- Strain change at the bottom of the tie and the bottom of the rib 

at the midspan of Arch 4, before and during rotation operations. 
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As an example, Figure 7.13 shows the sub-steps detected during PT-1 on Arch 2. 

As can be seen in this figure, post-tensioning of individual tendons can be identified by 

looking at the stress increments. Moreover, the interaction between the rib and the tie 

during post-tensioning can be evaluated using this figure. For example, prestressing the 

rib tendons had no effect on the stresses at the bottom of the tie at midspan. However, 

when the tie tendons were stressed, slight changes were observed in the stresses at the 

bottom of the rib. 

 

 
Figure 7.13- Stress increments at the midspan of Arch 2 during PT-1.  

For slow operations, the stress increments due to construction loading were not 

easily identifiable. Therefore, the total stress change was calculated by comparing the 

strains at a record before the operation with a record after the operation. Since the arches 

were very sensitive to thermal changes, special care was taken in selecting the pair of 

data points, i.e., reference records, so that the calculated stress change did not include 
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thermal effects. Finding two data points that included the same temperatures at the 

locations of all VWG was not practical. However, if the following criteria were satisfied, 

the thermal effects were assumed negligible between the reference records: 

1) Both points are recorded overnight (after sunset and before sunrise.) 

2) The average temperature of the arch is not more than 1°𝐹 different between the 

two records.  

3) The temperatures at the locations of all VWGs do not differ more than 5 °𝐹 

between the two records. 

These criteria are also shown in Figure 7.14.  

Shrinkage and creep were still components of the strain change between the 

reference records. Several methods were tried to exclude creep and shrinkage from the 

24-hour strain changes. However, those methods involved their own approximations and 

did not yield outputs that were more reliable. After all, the two records were typically 24 

hours apart, and the error due to time-dependent effects over this short period was not 

significant. Therefore, a decision was made to neglect the creep and shrinkage effects that 

occurred during the slow operations.  
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Figure 7.14- The criteria for selecting data points for calculating the stresses. 

7.7.2.2 Calculating Total Stresses 

To calculate the total stresses in Method B, the time-dependent stress changes 

were neglected and therefore, the stress increments that were calculated in Section 7.7.2.1 

were added together to find the final stress level at each time. In other words,  

 

 𝑇𝑜𝑡𝑎𝑙(𝜏𝑗) = ∑Δ ̅̅̅̅
𝑖

𝑗

𝑖=1

 (7-39) 

in which: 

 𝑇𝑜𝑡𝑎𝑙(𝜏𝑗) = Total stress at a corner or edge of the structure, after 𝑗𝑡ℎ construction 

operation  

Δ ̅̅̅̅
𝑖 = Stress change at a corner or edge of the structure due to construction 

step 𝑖, found using Equation (7-38).  
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Since time-dependent stress changes are neglected in this method, calculated 

stresses from this method are approximate. However, as discussed in Section 7.7.1.3, a 

more complicated procedure does not necessarily make the calculated stresses more 

realistic since the more complex the calculation, the more assumptions that need to be 

made regarding the behavior of concrete over time.  

7.7.2.3 Approximate Stresses during an Ongoing Construction Operation 

Separating the construction loading effects from other sources of strain changes 

was required for successful application of Method B, as explained in Section 7.7.2.1. 

However, the separation procedure required collecting data from the arches over an 

extended period before and after each construction operation to identify the trends of 

strain and temperature changes. Such data were not available until the construction 

operation under study was finished. Therefore, for monitoring the operation in real time, 

the approximate stress change was calculated using Equation (7-40). 

 

Δ ′(𝜏, 𝜏0) = 𝐸𝑖 × Δ휀𝑛𝑡ℎ(𝜏, 𝜏0) (7-40) 

in which: 

Δ ′(𝜏, 𝜏0) = Approximate stress change at a corner or edge of the structure, 

between time τ0 and time τ. 

𝐸𝑖 = Average modulus of elasticity of concrete between τ0 and τ, found 

from Equation (6.4) and Section 7.2. 

Δ휀𝑛𝑡ℎ(𝜏, 𝜏0) = Total strain change at the desired corner or edge of the structure 

between τ0 and τ, found using the equations of Section 7.5. 

 

This approximate method was the only available option in real-time monitoring of 

the arches, and with some conservatism, the approximate stress levels were used for 

checking the safety of the arches. Figure 7.15 shows an example of the result of this 

calculation during PT-1 on Arch 2. For comparison, the “exact” stress changes, 
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calculated according to Section 7.7.2.1, are also shown in this figure. As can be seen in 

the figure, the time-dependent and thermal effects cause the approximate stresses to drift 

with time. However, the major part of the stress change can be captured through the 

approximate method.  

Note that the approximate stresses from subsequent operations could not be added 

together because it would have induced very large errors in the stresses and would have 

made them unrealistic. In other words, for any ongoing operation, the approximate stress 

change was calculated from the beginning of that operation, but the stresses due to 

previous steps were calculated according to Section 7.7.2.1. As a result, the errors in the 

approximate stress levels were limited to the effects of time-dependent and thermal 

effects over a period of only one day.  

 

 

 
Figure 7.15- Cumulative sum of the stress increments during PT-1 on Arch 2. 
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7.7.2.4 Limitations 

Method B requires fewer assumptions in interpreting the data and results in 

simpler calculations. However, this method has several important limitations. As 

mentioned previously, time-dependent changes in stresses are neglected in Method B, 

which could result in overestimating the compressive stresses present in the arches. To 

resolve this problem, attempts were made to incorporate a conservative margin of safety 

for stress levels when this method was used for ensuring the arches were not prone to 

cracking. However, the behavior of the structure was not completely known under time-

dependent effects, and without prior knowledge of the structural behavior, selecting a 

reliable safety factor was challenging. Moreover, while time-dependent changes were not 

expected to be significant during the initial stages of construction, there was a relatively 

long delay between upward jacking and transportation operations for most arches, which 

could potentially result in larger errors in the results of Method B.  

Moreover, Method B requires detailed knowledge of the time of all construction 

operations. If any load was applied to the arches without notifying the research team, the 

stress changes due to that load generally remained undetected, although recorded by the 

instrumentation. Therefore, keeping an almost real-time communication with the 

construction team was essential for the success of this method.  

The other disadvantage of this method is that it requires numerous manual 

operations to identify the sub-steps for rapid construction operations, or finding reference 

records for slow operations. Therefore, the application of this method was relatively 

tedious and time-consuming.  

Despite these setbacks, Method B was extensively used for assessing the stress 

levels in the structure during construction since it provided the best insight into the 

effects of different construction operations on the arches. 
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 CALCULATING PRESTRESS LOSSES 7.8

The time dependent change in the prestressing force can be divided into two 

components: relaxation losses and strain-related changes. Relaxation losses happen under 

constant strain in prestressing tendons. However, strain-related changes happen due to the 

structure’s deformations at the location of the prestressing tendon and can be negative 

(known as prestress losses) or positive (known as stress gains). Since time-dependent 

deformations of concrete result in larger prestress losses than stress gains, the overall 

stress changes in the tendons are referred to as prestress losses.  

If the prestressing force is applied at time 𝑡0, the prestress loss at any time 𝑡 can 

be found using Equation (7-41).  

  

Δ𝑓𝑝(𝑡, 𝑡0) = 𝐸𝑝 × Δ휀𝑝(𝑡, 𝑡0) + Δ𝑓𝑝𝑅𝐸(𝑡, 𝑡0) (7-41) 

in which: 

Δ𝑓𝑝 = Total prestress loss, ksi  

Δ휀𝑝 = strain change in the strands since the end of prestressing operation 

Δ𝑓𝑝𝑅𝐸 = prestress loss due to relaxation of steel, 𝑘𝑠𝑖 

𝐸𝑝 = Modulus of elasticity of prestressing steel=29,000 𝑘𝑠𝑖 

 

The strain-related prestress losses can be found from the strains measured by the 

instrumentation. If the coordinates of the tendons are used as the input to Equation (7-9), 

the strain change in the concrete at the location of the tendons can be determined: 

 

Δ휀𝑛𝑡ℎ
(𝑖)

= 𝑎 × 𝑥𝑝
(𝑖) + 𝑏 × 𝑦𝑝

(𝑖) + 𝑐  (7-42) 

Where: 

Δ휀𝑛𝑡ℎ
(𝑖)

 = The non-thermal part of the concrete strain change, at the location of 

Tendon 𝑖  

𝑥𝑝
(𝑖), 𝑦𝑝

(𝑖)
 = Coordinates of Tendon 𝑖 in the section 
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𝑎, 𝑏, 𝑐 = Strain plane coefficients, as found in Section 7.5.2 

  

Since prestressing tendons have a different coefficient of thermal expansion from 

concrete, Δ휀𝑛𝑡ℎ
(𝑖)

 values needed to be corrected according to Equation (7-43) to find the 

strain changes in the tendon. The resulting strains will not include thermal expansion or 

contraction of the tendons. However, the Δ휀𝑝 found from this equation includes all real 

stress changes in the tendons, including those due to thermal fluctuations. 

 

𝛥휀𝑝
(𝑖)(𝑡, 𝑡0) = 𝛥휀𝑛𝑡ℎ

(𝑖) (𝑡, 𝑡0) + (𝛼𝑐 − 𝛼𝑠𝑡) × [𝑇(𝑡) − 𝑇(𝑡0)] (7-43) 

in which: 

𝛼𝑐 = coefficient of thermal expansion of concrete, as found in 

Section  7.6= 4 × 10−6(
1

°𝐹
) 

𝛼𝑠𝑡 = coefficient of thermal expansion of prestressing steel  

= 6.5 × 10−6(
1

°𝐹
) 

𝑇(𝑡) − 𝑇(𝑡0) = Temperature change over the period under consideration, °𝐹 

 

The relaxation losses cannot be measured using the instrumentation output 

because relaxation happens without any change in strains. In order to estimate the 

relaxation losses, Equation (7-44) was used. Equation (7-44) is an empirical equation, 

which was first developed by Magura et al. in 1964 and was later modified for low-

relaxation strands (Collins & Mitchell, 1997).  

 

𝛥𝑓𝑝𝑅𝐸 =

{
 
 

 
 

 
0

(
𝑓𝑝𝑖

45
) ((

𝑓𝑝𝑖

𝑓𝑝𝑦
) − 0.55) log(𝑡) 

 

(
𝑓𝑝𝑖

𝑓𝑝𝑦
) ≤ 0.55 

 

(
𝑓𝑝𝑖

𝑓𝑝𝑦
) > 0.55 

(7-44) 
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where: 

𝑓𝑝𝑖 = initial stress in the strand (ksi) 

𝑓𝑝𝑦 = yield stress of the strand  

= 250 ksi as reported by the strand manufacturer  

𝑡 = time after the end of prestressing (hrs.) 

 

 This equation does not consider the beneficial effect of the gradual reduction in 

the prestressing force on the stress relaxation. Therefore, it tends to overestimate the 

relaxation losses. However, since prestress losses in this study are small as compared to 

the total prestressing in the tendons, the error due to this approximation is negligible.  

 Equations (7-43) and (7-44) were used to calculate the losses at midspan sections 

of the arches. The initial levels of prestressing for these calculations were assumed based 

on the friction loss analyses of the arches carried out by the stressing subcontractor, VSL.  

 CORRECTING METHOD B FOR PRESTRESS LOSSES 7.9

To incorporate some of the time-dependent stress changes in Method B, it was 

tried to include the effects of prestress losses in total stresses, as expressed in Equation 

(7-45). 

 

 𝑇𝑜𝑡𝑎𝑙(𝜏𝑗) = ∑Δ ̅̅̅̅
𝑖

𝑗

𝑖=1

− ∑ δ 𝑃𝑇𝑘

𝑚

𝑘=1

 (7-45) 

in which: 

δ 𝑃𝑇𝑘
 = Stress loss at a corner or edge of the structure, due to loss of post-

tensioning force that was applied to the arches in 𝑘𝑡ℎ stage of post- 

tensioning. 

𝑚 = Number of post-tensioning stages. 
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Calculating 𝛿 𝑃𝑇𝑘
 requires finding the prestress losses, and then determining the 

effect of losses on the stresses in the arches. The prestress losses were found from the 

instrumentation data, as discussed in Section 7.8. However, correlating the drop in the 

prestressing force with the changes in structural stresses required using Finite Element 

(FE) simulations of the bridge. Each arch experienced changes in the material properties 

with time. Moreover, the boundary conditions of the structure were changing with time 

due to construction operations such as rotation of the arches. As a result, several FE 

models of the arches were developed in ANSYS to evaluate the effect of prestress losses 

on the structural stresses. Figure 7.16 shows samples of these models, which represent the 

deformations of the arches under post-tensioning of rib and tie tendons before arch 

rotation.  

 

 
(a) 

 
(b) 

Figure 7.16- Arch deformations under PT-1. (a) Stressing Tendon 1. (b) Stressing Tendon 5.  

Due to several setbacks in this correction method, its application in post-

processing of the data was very limited. One drawback of this method was that the 

correction procedure was very tedious. It required several FE models to simulate the 

effects of prestress losses on the arches in different conditions. For every corner in the 
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instrumented sections of the structure, a separate time-dependent function needed to be 

developed for correlating the stress changes with prestress losses in each tendon. Another 

disadvantage of the procedure was that the FE models involved significant uncertainties 

due to presence of hand-tightened hangers, which made many of analysis results and the 

feasibility of using those results in improving Method B questionable. Finally, the most 

important disadvantage of this method was discovered after it was used on few of the 

arches: the correction had a negligible effect on the results of Method B, especially after 

PT-2. As discussed in Chapter 8, the observed prestress losses after PT-2 were generally 

small. As a result, the correction, which was primarily designed to address the effects of 

prestress losses, was not feasible and therefore, the results discussed from Method B in 

Chapter 8 were not subjected to this correction. 

 SUMMARY 7.10

Extensive post-processing calculations were carried out to convert the 

measurements obtained from the instrumentation to representative structural parameters. 

Based on the raw data obtained from the instrumentation, the strains at the corners of 

instrumented cross-sections were calculated during the monitoring period. Next, the 

obtained strain histories were further processed to obtain estimates of stresses in the 

arches and also prestress losses.  

To convert the strain histories to stress histories, two different approaches were 

utilized in this research. In the first approach (Method A), the strains were converted to 

stresses using a numerical step-by-step solution based on prediction models for creep and 

shrinkage. The obtained stress estimates included all components of elastic and time-

dependent changes. However, the accuracy of the obtained solution was contingent on the 

reliability of creep and shrinkage models used in the calculations. In the second approach 
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(Method B), the time-dependent stress changes in the structure were completely 

neglected, and the results were therefore approximate. However, Method B required 

fewer assumptions regarding the time-dependent behavior of concrete and resulted in 

better insight into the effects of each construction operation on the arches. Methods A 

and B were both extensively used for processing the data from the West 7
th

 Street Bridge. 

Ensuring the safety of arches during construction was achieved through Method B while 

Method A was primarily used after the end of construction. The structural parameters 

obtained from these calculations are presented in Chapter 8.  
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Chapter 8: Results and Discussion 

 OVERVIEW 8.1

All twelve arches of the West 7
th

 Street Bridge were extensively instrumented and 

monitored during construction. The data obtained from the field instrumentation were 

post-processed using the procedures introduced in Chapter 7 to estimate strains, stresses, 

and prestress losses. The monitored response of this unique structure was then carefully 

evaluated to identify the structural response to different loading conditions, thermal 

changes, and time-dependent effects. The results provided insight into the behavior of 

concrete arches in general and concrete network arches in particular. The field 

instrumentation allowed a variety of structural parameters, including stresses, 

temperatures, loads, and curvatures to be carefully monitored in all of the arches 

throughout construction to minimize the chances of damage to the arches during different 

handling and prestressing operations.  

This chapter provides an overview of the results from the instrumentation study. 

First, basic temperature information obtained from the VWGs is presented to provide 

insight into hydration temperatures of concrete in the arches. Second, parameters 

reflecting the elastic response of the arches are provided and evaluated in order to 

investigate the instantaneous effects of each construction operation as well as live load 

stresses induced in the completed arches. Third, the time-dependent and thermal response 

of the arches are presented and investigated. In each section, discussions are provided on 

the variability of stresses and performance of design models by TxDOT in predicting the 

response of the structure.  
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 CONCRETE HYDRATION TEMPERATURES 8.2

Figure 8.1 shows the maximum, minimum, and average temperatures recorded by 

the instrumentation in Arch 2 during the first week after casting the concrete. This figure 

also includes temperatures that were recorded hours before the start of the concrete pour. 

Arch 2 was cast in hot weather conditions, and liquid nitrogen was used to reduce the 

temperature of the fresh concrete. The effect of liquid nitrogen can be seen as a drop in 

temperatures during the concrete pour. However, once the hydration is started, the 

temperatures increase up to 140°𝐹. Soon after the peak of hydration, the temperatures are 

reduced and daily thermal cycles can be identified in the temperature record of the arch.  

 

 
Figure 8.1- Concrete temperatures in Arch 2 during the first week after concrete pour. 

(The dashed lines represent the start and the end of the concrete pour). 

As previously discussed in Chapter 7, thermal records of the arches were 

extensively used in the post-processing of data to obtain maturity-based estimates of the 

compressive strength and modulus of elasticity of concrete. Maximum temperatures in 

the arches were also monitored as a quality-control measure to make sure that the 
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structural elements did not experience excessive temperatures. As can be seen in 

Figure 8.2, none of the VWGs in the arches recorded temperatures higher than 150°𝐹, 

which is usually used as the limit to prevent long-term durability problems such as 

Delayed Ettringite Formation (DEF). However, maximum hydration temperatures usually 

happen at the core of concrete elements while the VWGs are located at the corners or 

edges of instrumented cross sections. Therefore, the VWG data are not sufficient to 

evaluate the maximum temperature that occurred everywhere in the arches due to 

hydration. 

 

 
Figure 8.2- Maximum recorded temperatures in the arches  

during the first 48 hours after the concrete pour. 

 OBSERVED INSTANTANEOUS RESPONSE OF THE ARCHES 8.3

This section presents stresses, bending moments, and axial forces that occurred in 

the arches due to different construction operations and under live loads. The observed 

short-term response of the arches under these different loading and boundary conditions 

provides a very valuable picture of the structural behavior of concrete network arches, 

and is also very useful for validating finite element models of the bridge. The results 
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presented herein are obtained through the Method B procedures explained in Section 

7.7.2.1, in which the effects of each construction operation are calculated independently.  

8.3.1 PT-1 

Figures 8.3 and 8.4 show stress changes in Arch 2 during PT-1. As can be seen in 

these figures, the instrumentation was capable of detecting the stressing of individual 

tendons inside the rib and the tie. As a result, the recorded data provided the opportunity 

to evaluate the response of the structure and to check the analysis models of the bridge 

with respect to each tendon separately. Moreover, the interaction of rib and tie elements 

were evaluated by comparing stress changes in the rib while the tie was being post-

tensioned, and vice versa.  

As can be seen in Figures 8.3 and 8.4, the response of the rib and the tie elements 

were relatively independent of each other during post-tensioning. During PT-1, each 

52 𝑘𝑠𝑖 increment in the rib tendons increased the stresses at the edges of the rib at 

midspan by more than 100 𝑝𝑠𝑖, but caused negligible stress changes at midspan in the tie. 

The maximum stress change anywhere in the tie when a prestress increment was applied 

to the rib was smaller than 20 𝑝𝑠𝑖.  

The small interaction between the rib and the tie during post-tensioning is in 

contrast with the response of the arches to future external loads. For vertically oriented 

arches, external dead or live loads mobilize arch action, which induces compression in 

the rib and tension in the tie, resulting in static equilibrium with vertical reaction forces at 

the supports. Post-tensioning induces compressive stresses in the rib as well. However, 

the geometric design of the arches and tendon profiles were carefully chosen so that the 

anchorage for the rib tendons had a relatively small eccentricity from the centroid of the 

rib. As a result, static equilibrium between internal stresses in the rib and the rib 
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anchorage forces does not require large shear or axial forces in the tie element or 

significant bending moments in either the rib or the tie. Moreover, since the bending 

stiffness of the tie and the rib is much smaller than their axial stiffness, axial 

deformations happen in each of these elements without inducing noticeable bending 

stresses in the other. Although the stiff knuckle region provides some local restraint for 

the deformations of the rib and the tie, the effects of slight interaction between these 

elements are mostly limited to the knuckle region and do not materially affect the overall 

response of the rib or the tie.  

Also visible in Figures 8.3 and 8.4 are the post-tensioning stresses predicted by 

the design team, which are represented by dotted lines. As can be seen in these figures, 

the finite element models of the arches used by the designers were largely successful in 

predicting the structural stresses in the arches due to stressing of individual tendons, 

especially in the rib element. For the tie element, the predicted stresses were not as 

accurate. For example, at the midspan-tie section of Arch 2, the design predicted a 

bending moment smaller than the measured value and in the opposite direction. As 

discussed in Chapter 5, the instrumented section was not located exactly at midspan to 

avoid local stress concentrations due to the presence of floor beam block-outs. However, 

the small distance between the analysis section and the instrumented section is expected 

to result in negligible stress changes. Moreover, the same discrepancy can be observed 

between predicted and measured stresses at the location of Lifting Frame 2 in the tie, 

where the predicted bending moment is larger than measured and is in the opposite 

direction.  

Figure 8.6 shows changes in axial forces, bending moments, and stresses in all 

arches due to PT-1. In this figure, blue dashed lines in the axial force and bending 

moment diagrams show the design predictions. In the stress chart, the black I-shaped 
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lines represent the range of stresses that was observed in the different arches of the West 

7th Street Bridge. As previously mentioned in Chapter 5, the VWGs at the midspan-tie 

section of Arch 1 were mistakenly located at the same section as the floor beam block-

outs. Therefore, the stresses, bending moments, and axial forces from the midspan-tie 

section of Arch 1 are excluded from Figure 8.6 and all other graphs in this chapter.  

As can be seen in Figure 8.6, the design models were successful in predicting 

axial forces in the rib and the tie. The variability of axial forces among different arches is 

also relatively small. This observation is not surprising, as the axial force is governed by 

post-tensioning forces, which were carefully controlled through applying a prescribed 

jacking force and checking the elongations. The small variability and differences between 

predicted and observed axial forces might be attributed to the relatively unpredictable 

friction losses along the tendons and the friction between the arch and the form soffit.  
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Figure 8.3- Stresses in Arch 2 during PT-1. 

(The dotted lines show the design predictions). 
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Figure 8.4- Stresses in Arch 2 during PT-1 (continued). 

(The dotted lines show the design predictions). 

 

 
Figure 8.5- Compressive forces acting on the arch rib due to post-tensioning. 
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Figure 8.6- Instantaneous response of the arches to PT-1. (The horizontal axis in the axial force and 

bending moment diagrams shows the horizontal distance along the span). 
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Another important observation from Figure 8.6 is that despite the curved shape of 

the arch rib, post-tensioning did not induce significant bending in this element. This 

behavior is attributed to the circular profile of the arch and careful selection of the tendon 

paths and anchorage orientation by the designers. As can be seen in Figure 8.5, the 

response of the arch rib to post-tensioning is similar to a compressive ring, which is in 

compression due to the effect of pressure applied along its radius. This characteristic of 

the arch design was very important in reducing the long-term bending deformations in the 

arch rib under sustained post-tensioning forces.  

Figure 8.6 also shows that bending moments were much more variable than axial 

forces among the arches. The measurements also showed negative bending moments in 

the tie at midspan, which was not consistent with the expected behavior of the tie. Several 

factors might have contributed to the variable bending under post-tensioning. In the 

model, it was assumed that the tendons were bonded along the arches. In reality, the 

tendons could slightly move laterally inside the ducts, resulting in some bending 

moments. Moreover, there is a possibility of displaced PT ducts, which could result in a 

different location of the tendons as compared to the design assumptions. Local bending 

due to friction between the soffit and the arch is also a possibility, which might have 

contributed to negative bending moments at midspan in the tie. Furthermore, the tie is a 

relatively congested structural element, which includes all PT ducts, floor beam block-

outs, hanger tubes, and light fixtures. The flow of stresses in the tie may have been highly 

influenced by these sources of stress concentration, which were not considered in the 

design models of the bridge.  

Since the majority of the stress change in the arches occurs due to axial forces and 

not bending moments, the design models were generally successful in predicting the 

stress levels in the arches, as shown in the stress chart in Figure 8.6. In the knuckle 
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region, where small compressive stresses were induced by post-tensioning, the design 

underestimated the compressive stresses both in the tie and in the rib. As a result, the 

stresses in these regions were conservatively estimated. In other regions in the rib, the 

design provided stress estimates that were in good agreement with the average stresses 

measured. However, there is some discrepancy between measured and predicted stresses 

in the tie, especially at midspan, which was discussed above. 

Among all construction operations conducted on the arches, post-tensioning 

induces the largest stresses. Therefore, significant variability in post-tensioning stresses 

results in large variability in total stresses. Moreover, errors in predicting the post-

tensioning stresses have the largest effects on the accuracy of predictions for total in-situ 

stresses in the structure. As mentioned above, the design calculations were not successful 

in estimating the post-tensioning stresses at the midspan section in the tie. There is also 

considerable variability in the magnitude of stresses at this section after PT-1. This 

condition results in large uncertainties regarding the stress conditions in this section 

throughout the life of the structure. Fortunately, the tie element in this structure is not 

sensitive to cracking. Otherwise, predicting the risk of cracking in a region with such 

high variability of stresses would have been very difficult.  

8.3.2 Rotation 

The rotation operation consisted of three stages that are depicted in Figure 8.7 and 

are labeled, Vertical Lifting, Supported Rotation, and Setting on Supports. The first stage 

consisted of lifting the arch from the soffit and occurred when all lifting points were 

raised equally at the beginning of the rotation process. The second stage, which is labeled 

supported rotation, represents the change of the arch from a horizontal position to a 

vertical position while the arch was supported by lifting frames. The third stage 
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represents the release of the arch from the gantry and its installation on the temporary 

supports.  

 

 
Figure 8.7- The three stages of rotation operation. 

Figure 8.8 shows typical stress changes at the midspan of Arch 2 during rotation. 

During vertical lifting, the response of the rib and the tie was governed by bending 

between lifting frames. Therefore, the magnitude of stress changes during vertical lifting 

was generally small. As can be seen in Figure 8.8, Corners A and E, which were located 

at the top of the rib and the tie before rotation, experienced an increase in compressive 

stresses during vertical lifting.  

Similarly, a decrease in compressive stresses is expected for Corners C and G, 

which were located at the bottom of the rib and the tie before rotation. However, 

Figure 8.8 shows that during vertical lifting of Arch 2, Corner G experienced an increase 

in compressive stress, and the decrease in compressive stress at Corner C is also short-

lived. In other words, vertical lifting results in an increase in total internal compressive 

force at midspan, both in the rib and in the tie. This observation might be due to the 

interaction between the steel formwork and the arch. During vertical lifting, the arch is 

released from the bottom formwork, and as a result, the friction between the arch and the 

formwork is eliminated. Therefore, local redistribution of the prestressing force could 

happen in the arches.  

Vertical Lifting Supported Rotation Setting on Supports
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Figure 8.8- Stress changes at the corners of the rib and the tie at midspan during rotation.  

(The (x) signs show the corner for which the stress is plotted). 
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The stress changes during supported rotation were gradual. Although the arch was 

loaded by its self-weight during this stage, it was supported by six lifting frames that 

were distributed along the length of the arch. Therefore, arch action was not mobilized 

during supported rotation. Most of the observed changes in this stage were caused by the 

biaxial bending of the rib and the tie as they behave similarly to continuous beams during 

supported rotation.  

The stress changes during setting of the arch on temporary supports occurred 

quickly and were notable. During this stage, the arch action was fully mobilized. 

Therefore, this stage was associated with a significant increase in compressive stresses in 

the rib and a significant decrease in those in the tie. Although these stress changes are 

noticeable on these graphs, they were relatively small compared to the demands that the 

arches will experience due to the bridge deck and live loads in the completed structure. 

As a result, the stresses associated with setting of the arch on temporary supports were 

easily tolerated by the arches in the vertical orientation. Consequently, monitoring the 

stresses during supported rotation was more critical for ensuring the safety of the arches.  

Figure 8.9 shows the maximum and minimum corner stresses in the arches during 

supported rotation. Although the values shown represent average stresses from all of the 

arches, the black I-shaped lines represent the range of stresses that was observed in the 

different arches. To ensure the safety of the arches in real time, cumulative stresses in the 

arches were calculated using Method B (Section 7.7.2.3) and carefully monitored to make 

sure the arches were not prone to any distress during rotation. As can be seen in 

Figure 8.9, none of the arches experienced tension at the instrumented sections during 

rotation. The range of maximum and minimum stresses in the arches is also relatively 

small, which shows consistency in performing the rotation operation on different arches. 



260 

Figure 8.9 also presents a comparison between the approximate total stresses and 

the results of a model that was developed by the construction engineering team using the 

analysis program LARSA. In this model, the rib and the tie were modeled using tapered 

beam elements while shell elements were used to model the knuckle region. The models 

also included all lifting frames, wire ropes, and equalizer beams that were used for lifting 

and rotating the arches. To account for potential dynamic effects, an amplification factor 

of 1.5 was also applied to all dead loads in this model. Figure 8.9 shows that this model 

was reasonably successful in predicting the magnitude of stresses within the arches, and 

where a difference exists between the stresses inferred from strain measurements and 

predicted stresses, the predicted response generally overestimated the risk of cracking.  

Since the author does not have access to the LARSA model, the suitability of the 

assumptions used in this model, especially those related to the boundary conditions at the 

interface of beam and shell elements cannot be verified. Moreover, the rotation operation 

was carried out relatively slowly, and strain records and site observations gave no 

indication of significant dynamic effects during rotation. Therefore, the assumption of 

50% increase in the self-weight of the arch, while conservative, might not reflect the 

realistic conditions. To draw conclusions that could potentially be used for other projects, 

more detailed analyses are needed. 

Figure 8.10 shows changes in axial forces, bending moments, and stresses due to 

the entire rotation operation, determined through comparing reference records before the 

start of the rotation operation and after setting on temporary supports. This figure is 

similar to Figure 8.6 in that the blue dashed lines in the axial force and bending moment 

diagrams show the design predictions with the black I-shaped lines representing the range 

of forces measured in the twelve arches. In the stress chart, the black lines represent the 

range of stresses that was observed in the different arches of the West 7
th

 Street Bridge. 
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The parameters shown in this figure reflect the response of the arch to self-weight. As can 

be seen in this figure, the axial force generated in the arch elements due to self-weight is 

relatively constant along the span. Moreover, the compressive force generated in the rib 

is consistently larger in magnitude than the tensile force generated in the tie. 

 
Figure 8.9- Critical stresses during supported rotation of the arches. 
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Figure 8.10- Instantaneous response of the arches to rotation. (The horizontal axis in the axial force 

and bending moment diagrams shows the horizontal distance along the span). 
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In an arch with vertical hangers, if the small contributions of the shear forces 

within the rib and tie elements are neglected, the vertical component of the rib force 

needs to resist almost the total shear force demand on the superstructure. The tensile 

force in the tie will also be equal to the horizontal component of the rib force. Therefore, 

the rib force is expected to be larger than the tie force in the regions of high shear, such as 

those near the supports. In the regions near midspan, however, the rib force is horizontal, 

and static equilibrium of the arch requires tension in the tie to be equal to compression in 

the rib. 

 

 

 
(a) Free body diagram of the arch with a cut at the location of Lifting Frame 2. 

 
(b) Free body diagram of the arch with a cut at midspan. 

Figure 8.11- Static equilibrium of forces in the arches under self-weight effects. 

Similarly, in a network arch, a difference in magnitude is expected between the 

axial forces in the rib and the tie in the regions near the supports. However, as shown in 

Figure 8.11 (a), the inclined hangers transfer a part of the shear force, and therefore, a 
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smaller axial force is expected near the supports in the rib. Moreover, the horizontal 

component of the hanger forces makes the tensile force in the tie smaller than the 

horizontal component of the rib force. Therefore, in the regions near the supports of the 

network arch, there are smaller forces in the rib and the tie and also a larger difference 

between the forces in the rib and the tie. At midspan, as shown in Figure 8.11 (b), the 

horizontal component of the hanger forces is present, which results in a difference 

between the compression in the rib and tension in the tie, in contrast to the conditions in 

arches with vertical hangers. Note that in Figure 8.11, only hangers that are expected to 

be in tension are shown because manually tightened hangers are not able to withstand 

compressive forces.  

The bending moment diagrams in Figure 8.10 show that there is significant 

variability in bending moments among different arches, and the design calculations were 

not successful in predicting the bending moments, especially in the tie element. For 

example, the design model predicts a very small bending moment in the tie at midspan. 

While there are arches in which bending moments are actually small in this region, most 

arches experienced noticeable positive bending moments. The large variability in these 

bending moments and their difference with the design predictions could be in part due to 

the presence of manually tightened hangers with uncontrolled forces.  

The stress changes in Figure 8.10 also show the variability due to bending and 

axial forces. This figure also shows that the design calculations overestimated the 

compressive stress generated in the knuckle region due to self-weight. This observation 

caused some concern, as the knuckle region was the most vulnerable region of the 

structure to cracking during construction.  
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8.3.3 PT-2 

Figures 8.12 and 8.13 show stress changes in Arch 2 during PT-2 on the tie 

element. During PT-2, the arch had different boundary conditions than those during PT-1 

and included manually tightened hangers, which connected the rib and the tie. However, 

as can be seen in the figures, when PT-2 was being carried out on the tie element, very 

small stress changes could be detected in the rib. This condition appears to be very 

similar to the independent response of the rib and the tie during PT-1. 

Figure 8.14 shows changes in axial forces, bending moments, and stresses in the 

arches due to PT-2. In this figure, blue dashed lines in the axial force and bending 

moment diagrams show the design predictions while the black I-shaped lines represent 

the variations observed in the twelve arches. In a similar fashion in the stress chart, the 

black lines represent the range of stresses that was observed in the different arches of the 

West 7
th

 Street Bridge. The axial force diagram shows a reduction in axial force in the rib 

due to de-tensioning and an increase in axial force in the tie due to stressing of the tie 

tendons to 208 𝑘𝑠𝑖. In the rib, the axial forces and bending moments were both relatively 

uniform along the span. Moreover, the variability of bending moments and axial forces in 

the rib was rather small among different arches. The axial forces in the tie were also 

almost uniform along the span. However, there was noticeable variability among the 

arches. The bending moments in the tie varied considerably along the span, and the 

variability among different arches was significant. The axial force and bending moment 

diagrams also show that the design calculations were reasonably successful in predicting 

axial forces and to some extent, average bending moments in the arches. However, the 

variability in bending moments is so large that there is significant difference between the 

design predictions and measured bending moments in some of the arches.  
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The stress changes displayed in Figure 8.14 show that design calculations were 

largely successful in predicting stresses due to PT-2. The only exception is the midspan 

section in the tie, in which the measurements show significantly larger negative bending 

moments than the design prediction. 

8.3.4 Sliding 

Typical stress changes in Arch 2 during sliding operations are shown in 

Figure 8.15. In ideal conditions, the arches move as rigid bodies during sliding, without 

experiencing any loading. However, the two hydraulic rams that pushed the arches were 

not perfectly synchronized. Moreover, the arch did not move very smoothly on the rails. 

As a result, some stress fluctuations are visible in Figure 8.15, especially in the knuckle 

region, where the arch was laterally supported. However, these stress changes were short-

lived and the majority of the difference between the stresses at the beginning and the end 

of the sliding operation is due to thermal effects. Therefore, stresses due to the sliding 

operations were not taken into account in the total stress calculations. However, the 

sliding operations were carefully monitored in real time to ensure that large stresses were 

not induced in the arches. 
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Figure 8.12- Stress changes in Arch 2 during PT-2 on the tie. 
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Figure 8.13- Stress changes in Arch 2 during PT-2 on the tie (continued). 
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Figure 8.14- Instantaneous response of the arches to PT-2. (The horizontal axis in the axial force and 

bending moment diagrams shows the horizontal distance along the span).  
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Figure 8.15- Typical stress changes in Arch 2 during sliding operations. 

(The x signs show the corner for which the stresses are displayed). 
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opportunity to identify the elastic behavior of arches under controlled loading conditions 

and evaluate the behavior of the arch with and without hangers and contribution of 

hangers to the load carrying mechanism of the network arch.  

Figures 8.16 and 8.17 show the stress changes during upward jacking operations 

on Arch 2. As shown in these figures, activating the hydraulic rams reduced the 

compressive stresses at the top of the rib in the knuckle region. However, when the rams 

were deactivated after re-tightening of the hanger nuts, most of the compressive stresses 

were restored in this region.  

Figure 8.18 shows the measured response of the arches due to activating the 

hydraulic rams, before the nuts on hangers were re-tightened. In this figure, blue dashed 

lines in the axial force and bending moment diagrams show the design predictions with 

the black I-shaped lines representing the range of values measured in the twelve arches. 

In a similar fashion in the stress chart, the black I-shaped lines represent the range of 

stresses that was observed in the different arches of the West 7
th

 Street Bridge. As evident 

in this figure, activating the hydraulic rams induced a compressive force in the tie and a 

tensile force in the rib. This observation is consistent with the expected behavior of the 

arch to upward forces, which is the opposite of arch action. The figure also shows that 

both rib and tie elements experienced negative bending moments in the midspan region 

and positive bending moments in the regions near the supports. As can be seen in 

Figure 8.18, the design model was very successful in predicting the response of the 

arches when the hydraulic rams were active. The axial forces, bending moments, and 

stresses were all predicted with good accuracy.  
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Figure 8.16- Stress changes in Arch 2 during upward jacking operations. 
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Figure 8.17- Stress changes in Arch 2 during upward jacking operations (continued). 
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Figure 8.18- Instantaneous changes in the arches due to activating the hydraulic rams during upward 

jacking. (The horizontal axis in the axial force and bending moment diagrams shows  

the horizontal distance along the span). 
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Figure 8.19 shows changes that happened in the arches due to the entire upward 

jacking operation. In other words, the parameters shown in this figure were obtained 

through comparing the strains before activating the hydraulic rams and after re-tightening 

of the nuts and removing the rams. As can be seen in the figure, the change in axial forces 

in the rib and the tie was approximately zero, consistent with the expected behavior of the 

structure. Some changes might have happened in the distribution of self-weight of the 

structure due to upward jacking, but these changes are not noticeable. However, 

considerable variability existed in the bending moments in the rib among different arches.  

Although the upward jacking operation was intended to reduce the variability of 

hanger stresses, variations in the actual hanger forces are likely since the removal of the 

sag from hangers and re-tightening the hanger nuts were performed manually depending 

on the judgment of construction personnel. Moreover, it is expected that different thermal 

conditions at the time of upward jacking on different arches affect the consistency of this 

operation. Therefore, some variability was expected in hanger stresses, resulting in 

different bending moments and stresses in the arches. As can be seen in Figure 8.19, the 

design calculations had limited success in predicting the changes that happened in the 

structure due to the entire upward jacking operation. However, upward jacking tends to 

be a more uniform operation than sequential stressing of the hangers, which is often used 

for steel network arches. In sequential stressing, the same factors of variability will be 

present in addition to more uncertainty regarding modeling assumptions and potential 

temperature changes that happen during the time-consuming stressing of hangers. 

When the nuts were re-tightened but the hydraulic rams were still active, the 

hangers were added to the load-carrying system of the arch without carrying any forces. 

Therefore, the only change that happens to the structure between Figures 8.18 and 8.19 is 

the removal of upward jacking forces. In other words, subtracting the parameters shown 
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in Figure 8.18 from those in Figure 8.19 provides the structural response of the arch with 

stressed hangers to a series of 17-𝑘𝑖𝑝 downward forces. The results of this calculation are 

shown in Figure 8.20. As can be seen in this figure, axial forces in the rib and the tie due 

to downward 17-𝑘𝑖𝑝 forces are similar in magnitude but are of the opposite sign 

compared to those shown in Figure 8.18. Therefore, stressing of the hangers did not result 

in a noticeable change in the magnitude or distribution of the axial forces. Comparing the 

bending moment diagrams in Figures 8.18 and 8.20 might not be justified because 

upward forces result in the relaxation of the hangers in compression, which does not 

occur for downward forces. However, as evident in Figure 8.20, bending moments and 

stresses due to the 17-𝑘𝑖𝑝 downward forces were relatively small. Based on this 

observation, it is expected that uniformly distributed live loads on the finished bridge also 

result in relatively small stresses in the arches compared to the stresses induced due to 

post-tensioning.  
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Figure 8.19- Instantaneous changes in the arches due to upward jacking, obtained through 

comparing the structure before activating and after releasing the hydraulic rams. 
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Figure 8.20- Instantaneous changes in the arches due to application of 17 kip downward forces at the 

locations of hydraulic rams. 
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8.3.6 Arch Transportation 

Figures 8.22 and 8.23 show the stresses in Arch 4 during transportation 

operations. As can be seen in these figures, most of the stress changes happened during 

setting of the arch on the Self-Propelled Modular Transporters (SPMTs) and on the 

bearings. The transportation of the arch between the precasting yard and the existing 

bridge went smoothly with stress fluctuations smaller than 100 𝑝𝑠𝑖. However, as shown 

in Figure 8.21, changing the support conditions at the beginning of transportation reduced 

the compressive force induced negative bending moments in the rib. As a result, tensile 

stresses were generated at the top of the rib, both at the knuckle and at the location of 

Lifting Frame 2. This change was particularly important in the knuckle region because 

after upward jacking, the remaining compressive stresses in this region were relatively 

small and the arches were prone to cracking under tensile stresses.  

 

 
Figure 8.21- Change in the support conditions at the beginning of arch transportation. 

It is assumed that the construction engineering team calculated the stresses in the 
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Figure 8.22- Typical stress changes in Arch 4 during transportation. 
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Figure 8.23- Typical stress changes in Arch 4 during transportation (continued). 
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Figure 8.24- Strain changes in the knuckle region of Arch 2 during transportation. 
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Figures 8.25 and 8.26 show the axial forces and bending moments in Arch 2 due 

to installation of different groups of floor beams. As can be seen in these figures, the 

axial forces in the rib and the tie show the expected pattern of increased compression in 

the rib and increased tension in the tie. In the vicinity of the floor beams installed, the 

change in the axial force was larger. In these regions, positive bending moments were 

generated in the rib and the tie whereas other regions were subjected to negative bending 

moments. It can also be seen in Figure 8.26 that the installation of the three middle floor 

beams resulted in approximately symmetric bending moments and axial forces in the 

arch.  

The cumulative effect of installing all floor beams can be seen in Figure 8.27. As 

visible in this figure, while significant axial forces were induced in the rib and the tie, 

bending moments were relatively small, especially when compared to bending moments 

induced due to other stages of construction. This observation confirms that uniformly 

distributed loads result in axial stresses in the network arch with relatively little bending. 
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Figure 8.25- Instantaneous changes in Arch 2 due to the installation of floor beams 14 and 15 (top)  

and floor beams 12 and 13 (bottom).  

(The horizontal axis shows the horizontal distance along the span). 
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Figure 8.26- Instantaneous changes in Arch 2 due to the installation of floor beams 8, 9, and 10 (top)  

and floor beams 6 and 7 (bottom). (The horizontal axis shows the horizontal distance along the span). 
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Figure 8.27- Instantaneous changes in the arches due to the installation of all floor beams 

 (data from arches 2, 3, 4, 11, and 12). 
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8.3.8 Live Load Test 

Figures 8.28 through 8.31 show changes observed in Arches 1 and 2 when live 

loads were positioned at the locations introduced in Section 5.4. Since the data could not 

be successfully collected from one of the VWGs in two sections in the rib of Arch 1 and 

one section in the rib of Arch 2, axial forces and bending moments are not shown for 

those sections.  

The general behavior of the arches under live loads is similar to what was 

described in Section 0 for floor beam installation. Truck loading on the arches resulted in 

added compression in the rib and tension in the tie, and these axial forces were larger in 

the regions closer to the location of the live loads. Regions in the vicinity of live loads 

were subjected to positive bending moments while other regions of the span were 

subjected to negative bending moments. Moreover, reasonably symmetric forces and 

bending moments were measured in the arches when the trucks were positioned near 

midspan. 

Figures 8.32 and 8.33 show the stresses induced in Arches 1 and 2 for different 

positions of the trucks. As can be seen in these figures, the maximum stress change 

observed in the arches during the live load test was approximately 200 𝑝𝑠𝑖, which shows 

that the network arches provide a very stiff and strong load-carrying system. The 

significant live load of four 50-𝑘𝑖𝑝 trucks were positioned in a close grouping, which is 

likely to be the worst-case live load the bridge will see in its lifetime. Therefore, the small 

magnitude of the stresses observed under this loading condition reveals that the effects of 

live loads are not noticeable when compared to forces and stresses due to dead loads and 

post-tensioning effects, which were effectively identified through the instrumentation 

study. Therefore, monitoring the structure during construction is a much more efficient 

approach to identifying the behavior of the structure. The documented live load response 
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also represents the baseline performance of the West 7
th

 Street Bridge, which might be 

used as a point of comparison for future maintenance of the bridge. The observed live 

load behavior of the arches also provided valuable data for validating finite element 

models of the arches for further study.  
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Figure 8.28- Axial forces and bending moments in Arches 1 and 2 due to Live Load Position 1.  

(The horizontal axis shows the horizontal distance along the span). 
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Figure 8.29- Axial forces and bending moments in Arches 1 and 2 due to Live Load Position 2. 

(The horizontal axis shows the horizontal distance along the span). 
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Figure 8.30- Axial forces and bending moments in Arches 1 and 2 due to Live Load Position 3. 

(The horizontal axis shows the horizontal distance along the span). 
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Figure 8.31- Axial forces and bending moments in Arches 1 and 2 due to Live Load Position 4. 

(The horizontal axis shows the horizontal distance along the span). 
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Figure 8.32-Stresses in Arches 1 and 2 due to Live Load Positions 1 and 2. 
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Figure 8.33-Stresses in Arches 1 and 2 due to Live Load Positions 3 and 4. 
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 TIME-DEPENDENT AND THERMAL RESPONSE OF THE ARCHES 8.4

The concrete arches of the West 7
th

 Street Bridge are highly statically 

indeterminate. Therefore, they may be significantly affected by creep, shrinkage, and 

thermal changes. These phenomena can result in a loss of prestressing force and also 

redistribution of forces and stresses within the structure.  

The extensive instrumentation program conducted as part of this research 

provided a unique opportunity to investigate the effects of these parameters in detail and 

over a period of more than 16 months. The 16-month duration of the monitoring program 

might seem short relative to the expected lifespan of the structure. However, a significant 

portion of time-dependent effects are expected to happen in the early ages and therefore, 

investigating the behavior of the structure over this period can provide a useful picture of 

its expected behavior over future decades.  

The data collected from the instrumentation made it possible to evaluate the 

prestress losses and gains as described in Section 7.8. However, as discussed in Section 

7.7.1, a numerical step-by-step solution, herein referred to as Method A, was required to 

convert the strains obtained from the VWGs to time-dependent total stresses within the 

instrumented cross sections. The solution also depends on prediction models for creep 

and shrinkage of the concrete.  

This section presents observed changes in the arches of the West 7
th

 Street Bridge. 

The measured prestress losses in the arches are presented first. Second, the results of 

Method A with different prediction models are described and discussed. Third, the results 

of the validation procedure introduced in Section 7.7.1.2 are presented to evaluate the 

performance of each prediction model in estimating the creep and shrinkage within this 

particular structure. Finally, the thermal response of the arches is briefly investigated.  
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8.4.1 Prestress Losses 

As discussed in Section 7.8, changes in the prestressing force in the tendons were 

calculated by adding strain-related losses measured by the instrumentation and relaxation 

losses calculated based on the modified Magura equation. Figure 8.34 shows the stresses 

in PT tendons at the midspan of Arch 2 following the end of post-tensioning operations. 

The maximum loss of prestress throughout the construction was approximately 9 𝑘𝑠𝑖 for 

the rib tendons, 10 𝑘𝑠𝑖 for the tie top tendons, and 17 𝑘𝑠𝑖 for the tie bottom tendons, all 

corresponding to a drop of less than 10% from the prestress at the end of PT-2. While 

some stress fluctuations happen in the tendons due to thermal changes, the changes in 

tendons stresses between upward jacking and transportation stages were minimal. During 

the storage period, the prestress loss in tie tendons is governed by tendon relaxation. 

Since the stress in the rib tendons is below 0.55 𝑝𝑢, relaxation losses are neglected in 

these tendons.  

Also visible in Figure 8.34 are the effects of deck construction on the force in the 

tendons. The force in the rib tendons decreased with the start of deck construction while 

the force in tie tendons increased, which is noticeable in the figure. This observation is 

consistent with arch action. Since the rib experiences more compression due to deck 

loading, the rib tendons contract, resulting in a drop in the tendon force. On the other 

hand, the tie tendons experience extension due to tensile forces acting on the tie, which 

therefore results in an increase in the tendon force.  

While prestress losses measured from the arches were generally small, some 

variability was observed among the arches in terms of the magnitude and rate of prestress 

loss during the construction period. For example, Figure 8.35 shows the stresses in the PT 

tendons at the midspan of Arch 12. As can be seen in this figure, the prestress losses are 

larger in this arch and occur much faster than in Arch 2. The variability might be due to 
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different ages of the arches at the time of post-tensioning, different temperature 

conditions, or different restraint by the hangers on the shortening of the rib and the tie, 

which is discussed below. 

Different arches of the West 7
th

 Street Bridge were subjected to prestressing 

forces at different ages. Since the magnitude of creep strains is dependent on the age at 

loading, different ages at the time of post-tensioning could potentially be a contributing 

factor to the differences. However, further comparison of the data shows that different 

loading ages cannot be the only reason for observed variability. For example, Figure 8.36 

shows the stress in Tendon 2 in Arches 3 and 9 over the first two months after the end of 

post-tensioning operations. Arch 3 was subjected to PT-1 at the age of 8 days, PT-2 on 

the tie at 14 days, and PT-2 on the rib at 17 days. For Arch 9, PT-1 and PT-2 on the rib 

and the tie were conducted at the ages of 19 and 27 days, respectively. Therefore, if age 

at loading is the only governing factor for the variability, smaller prestress losses are 

expected in Arch 9. However, it can be clearly seen that prestress losses are larger in 

Arch 9. 
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Figure 8.34- Tendon stresses in Arch 2 following PT-2. 
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Figure 8.35- Tendon stresses in Arch 12 following PT-2. 
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Figure 8.36- Tendon 2 stresses in Arches 3 and 9. 
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Forecast Office. As shown in this figure, Arches 2 and 5, which experienced both 

positive and negative fluctuations in the average daily temperatures, show a change in 

trend of prestress loss when the temperatures start to increase. In both of these arches, the 

majority of prestress loss occurs over the first month following PT-2 and then relatively 

small changes are apparent in the tendon force. However, when the temperatures start to 

increase, an approximately linear trend can be observed in the tendon stresses. It is likely 

that the drop in temperatures compensates for some of prestress losses before the dashed 

line shown in the figure. The trend change cannot be identified in the graph associated 

with Arch 8, for which the temperatures generally increased throughout the period shown 

in the graph.  

It is important to note that some of the apparent stress change observed in these 

graphs is also due to potential errors in estimating the coefficient of thermal expansion, 

which was used in the calculations of prestress loss. In other words, the unrestrained 

thermal expansion or contraction might not be completely filtered out when using 

Equation (7-43).  
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Figure 8.37- Effects of seasonal temperature changes on the stress in Tendon 2 in different arches. 
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Another potential contributing factor to the variability of prestress losses among 

different arches was the variable restraint provided by the hangers. It is possible that the 

stiff network of hangers provides restraint to the shortening of the arch elements and 

therefore limits the magnitude of prestress losses. Since arches are subjected to upward 

jacking operations at different ages, the restraint was applied to the arches at different 

ages, potentially resulting in variations in the prestress losses.  

Figure 8.38 shows changes in tendon stresses in Arches 7, 8, and 11, and the 

times at which upward jacking operations were conducted. As shown in this figure, 

upward jacking had no noticeable effect on the rate of prestress loss over time. Similar 

observations can also be made for Arches 2 and 12 in Figures 8.34 and 8.35. It is 

expected that upward jacking affected the force in the hangers and the number of hangers 

restraining the deformations of arch elements. Therefore, variable hanger forces do not 

seem to be a major contributor to the variability of prestress losses. 

Figure 8.39 shows a summary of tendon stresses in different arches. As can be 

seen in this figure, most of the prestress loss in the rib tendons happens after 

transportation and the start of deck construction. In the tie tendons, the stress gain after 

deck construction compensates most of the prestress loss. Therefore, the stress in the 

tendons at the end of construction is approximately equal to that at the time of upward 

jacking. The small magnitude of prestress losses in the tendons should not be interpreted 

as the insensitivity of the arches to time-dependent effects because unlike typical 

prestressed concrete structures, the network arches are prone to relaxation, as discussed in 

Section 8.4.3. 
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Figure 8.38- The effect of upward jacking on the rate of prestress loss in example arches. 
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Figure 8.39- Prestress in tendons at different times during construction. 

(The black lines show the range of variability among different arches). 
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Figure 8.39 also shows the variability in the PT stresses in the tendons. A 

maximum variability of 13% was observed for the stress in the rib tendons while the 

variability of stresses in the tie tendons was limited to 6%. However, since different 

stages of construction were finished at variable temperatures for different arches, this 

fluctuation may be in part due to different thermal conditions in the structure. 

8.4.2 Time-Dependent Strain Changes 

As discussed before, in addition to instantaneous response, the arches demonstrate 

time-dependent strain changes. These changes are in part due to creep and unrestrained 

shrinkage and thermal deformations. However, there are also time-dependent strain 

changes that are associated with stress changes, as they happen due to stress 

redistribution, prestress losses, and restrained time-dependent and thermal deformations. 

Distinguishing between these two sources of strain change is only possible through the 

application of Method A, results of which are presented later in this chapter. However, 

evaluating the strain changes at different sections of the arches over time provides insight 

into the trends of time-dependent and thermal effects and the sensitivity of arches to these 

effects.  

Figure 8.40 shows changes in the average top and bottom strains at the midspan 

sections of Arch 2, from which the unrestrained thermal deformations are excluded. As 

can be seen in this figure, noticeable creep deformations occurred in the arch before 

upward jacking. In the rib, most of creep deformations occurred before PT-2, due to 

relatively large stresses that were induced by PT-1. During PT-2, the rib tendons were de-

tensioned from 208 𝑘𝑠𝑖 to 104 𝑘𝑠𝑖, resulting in a reduction in compressive stresses that 

drive creep and also some creep recovery. Therefore, very small strain changes were 

observed in the rib after PT-2, until the installation of floor beams was started. With the 
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installation of the floor beams and construction of the deck, the increase in compressive 

strains is evident in the figure, but the stresses generated by floor beams and deck were 

smaller than those due to post-tensioning. Moreover, Arch 2 was approximately 1 year 

old at the time of installing the first floor beam. Therefore, smaller creep deformations 

were expected under the axial force generated from the floor beams and the deck. After 

the end of construction, the strains in the rib increased slightly over time. However, 

measurements taken two months after the end of construction at the time of live load test 

reveal that this increase in the strains tended to be very small and asymptotic. As 

discussed in Section 8.3.8, the stresses due to live loads were also relatively small 

compared to total in-situ stresses. Therefore, it is expected that the total strains do not 

materially change from the levels shown in Figure 8.40 at the time of the live load test.  

Similarly, most of the time-dependent deformations in the tie in Arch 2 occurred 

before upward jacking. The midspan section in the tie was subjected to bending 

deformations under post-tensioning, which are intensified due to creep. Although larger 

stresses exist in the tie than in the rib, creep deformations in this element also appear to 

have stopped after upward jacking. This observation may have occurred since the creep 

deformations were prevented by the stiff network of hangers, which caused the stresses to 

relax over time. On the other hand, it might be because most creep strains occurred 

before upward jacking operations. The strains remained relatively constant in the tie after 

upward jacking until the start of floor beam installation, which corresponded to a 

reduction in the compressive strains in the tie due to arch action. Similar to the rib, the 

strains in the tie do not appear to have changed after the end of construction.  

Another important observation from Figure 8.40 is the effects of daily and 

seasonal thermal changes on the arches. The figure clearly shows some fluctuation in the 

strains due to daily thermal cycles. However, it can be seen that the magnitude of the 
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strain changes due to these cycles at midspan were much smaller than the total strain 

levels. As a result, axial forces in the rib and the tie tended to be relatively insensitive to 

thermal effects. However, since top and bottom strains were not changing equally due to 

thermal changes, it is expected that daily thermal cycles were associated with changes in 

bending moments. On the other hand, the strains shown in Figure 8.40 are generally 

stable during the significant seasonal temperature changes from November to May, which 

implies that seasonal temperature changes do not have a noticeable effect on the strain 

levels, at least compared to the total strain levels.  
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Figure 8.40- Strain changes at the midspan of Arch 2 during construction. 

A
ve

ra
ge

 S
tr

ai
n

 (
M

ic
ro

st
ra

in
)

Date

End of 
PT-2

Upward
Jacking

Transport
First 

Floor Beam
Casting

Topping Slab
Live Load 

Test

-1400

-1200

-1000

-800

-600

-400

-200

0

200

-1400

-1200

-1000

-800

-600

-400

-200

0

200

8/7/2012 11/5/2012 2/3/2013 5/4/2013 8/2/2013 10/31/2013

Midspan-Rib-Top

Midspan-Rib-Bottom

Midspan-Tie-Top

Midspan-Tie-Bottom



310 

 
Figure 8.41- Strain changes at the midspan of Arch 12 during construction.  
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For comparison purposes, changes in the average top and bottom strains at the 

midspan sections of Arch 12 are shown in Figure 8.41. The trends visible in this figure 

are generally similar. However, creep strains in both the rib and the tie appear to have 

progressed at a slightly faster rate. Moreover, the strains are not as stable as in Arch 2 

over the period between upward jacking and floor beam installation, and creep strains 

appear to gradually continue over this period. The upward jacking operation for Arches 2 

and 12 were conducted 99 and 66 days after casting the arch, respectively. Therefore, this 

difference between Arches 2 and 12 is consistent with their age difference. Other arches 

show strain changes that are generally similar to what is shown for Arches 2 and 12. 

8.4.3 Time-Dependent Stress Changes 

The strain records were post-processed through the procedures described in 

Chapter 7 to obtain the total in-situ stresses. As discussed in Section 7.7, two methods 

were utilized for this purpose: 1) Method A, which considers all time-dependent and 

thermal components of stresses but is dependent on assumptions regarding the 

development of creep and shrinkage over time, and 2) Method B, a simplified approach 

that neglects all time-dependent stress changes that happen when no construction activity 

is in progress but filters out all thermal effects. The results of these methods are discussed 

in this section. 

Time-dependent changes in stresses, axial forces, and bending moments at the 

midspan sections of Arch 2 over time are shown in Figures 8.42 and 8.43. The figures 

present the moving average results from Method A using five creep and shrinkage 

prediction models, as well as the results of Method B. As can be seen in Figure 8.42, 

time-dependent volumetric changes of concrete have a noticeable effect on the magnitude 

of total stresses in the structure, especially in the tie. While all creep and shrinkage 
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models predict similar trends for stress changes, the magnitude of the stresses inferred 

from the instrumentation data could be significantly different from one creep and 

shrinkage model to another. For example, at the bottom of the tie at midspan, the 

difference between the results of Model B3 and the CEB-FIP 1990 Model at the end of 

construction exceeds 1 𝑘𝑠𝑖.  

Comparing the results of different models in Method A with those of Method B 

shows that neglecting time-dependent changes in stresses tends to result in considerable 

errors in the magnitude of the total stresses in the arches, where Method B overestimates 

the total compressive stresses. Moreover, it can be seen that in some occasions, e.g., after 

the installation of floor beams, there are significant instantaneous changes in stresses that 

are not captured by Method B. As discussed in Section 7.7, Method B relies on the 

knowledge of the time of application of loads on the structure. While efforts to keep track 

of construction activities were successful most of the time, it appears that some final 

activities such as moving heavy construction equipment remained undetected. However, 

since the data loggers were still collecting data, the comprehensive post-processing 

procedure of Method A was able to detect such changes in the structure. 

Both the rib and the tie show signs of losing prestress over time, especially during 

the storage period, i.e., between upward jacking and transportation. The reduction in the 

compressive stresses is more pronounced in the tie, which is consistent with the presence 

of a much larger prestressing force in this element. As shown in Figure 8.40, the strain 

changes at the midspan of Arch 2 are almost negligible during the storage period. 

Consequently, it is visible in Figure 8.34 that prestressing force in the tendon did not 

change noticeably. Therefore, the structure was undergoing changes that are not similar 

to prestress losses in typical prestressed concrete structures.  
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Figure 8.42- Stresses at the midspan sections of Arch 2. 
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Figure 8.43- Changes in axial forces and bending moments at the midspan sections of Arch 2. 
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As discussed in Chapter 3, when time-dependent deformation of concrete is 

prevented, relaxation happens. The arches of the West 7
th

 Street Bridge tend to provide 

similar conditions. The presence of many inclined hangers tends to restrain the 

deformations of the rib and tie and also provide new paths for redistribution of prestress 

in the arch elements. Therefore, the time-dependent changes in stresses are not due to 

shortening of the arch elements but due to preventing such deformations.  

Figures 8.42 and 8.43 show that stresses, bending moments, and axial force tend 

to stabilize before the transportation operation. As shown in Figure 8.43, changes in axial 

forces are considerable during the storage period, both in the rib and in the tie. However, 

time-dependent changes in bending moments are relatively small and happen over a 

shorter period. Another important observation from this figure is that different creep and 

shrinkage models tend to predict much more consistent bending moments than axial 

forces. Even Method B, which neglects the time-dependent changes in stresses, provides 

an estimate of bending moments in the arch that is not largely different from the results of 

Method A with any of prediction models.  

As discussed in Chapter 2, most previous studies on concrete arches assumed that 

axial forces in non-shallow arches remain mostly constant over time, and the uncertainty 

in stresses is due to bending moments. Since most of the in-situ stresses are generated by 

axial forces, the uncertainty in the total stresses causes less concern in these conditions. 

In contrast, the arches of the West 7
th

 Street Bridge show signs of considerable changes 

in axial forces due to loss of prestress in the arch. Therefore, time-dependent changes in 

the total stresses are much larger in this structure compared to typical concrete arches. 

Different sections of the arches show different levels of sensitivity to time-

dependent effects. Depending on the vulnerability of these sections to cracking, time-

dependent effects can influence the risk of damage during construction. For example, 
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Figure 8.44 shows stress changes in the knuckle region and also at the location of Lifting 

Frame 3 in the tie. It appears that time-dependent changes in the tie at the location of 

Lifting Frame 3 are larger than those at midspan. However, a significant prestressing 

force exists in the tie element at this section, which prevents cracking during 

construction. Since the effects of live loads are much smaller than the self-weight and 

prestressing effects, this section is not expected to be subjected to tension throughout the 

life of structure. However, even if cracking happens at this section due to tensile stresses, 

the consequences are generally limited to serviceability or durability issues. In contrast, 

the rib at the knuckle region is particularly vulnerable to cracking, as it is expected to 

have a relatively small compressive stress during construction. Moreover, due to 

concerns regarding stability of the rib, preventing cracking at this location was of more 

importance. As shown in Figure 8.44, time-dependent loss of compressive stresses, 

although not as large as in Lifting Frame 3, resulted in tensile stresses as large as 500 𝑝𝑠𝑖 

at the top of this section. Therefore, when Arch 2 was set on SPMTs at the beginning of 

transportation operations, the increased tension at the top of the rib resulted in cracking at 

this location, as described in Section 8.3.6. It is also visible in Figure 8.44 that the effects 

of time-dependent changes at the top of the tie in the knuckle region were not significant. 

Initially, seasonal temperature changes were considered as one of potential factors 

contributing to changes in stresses over time. While these effects are present in the West 

7
th

 Street Bridge, investigation of the collected data from the instrumentation showed no 

evidence of significant stress changes due to seasonal temperature changes, at least 

compared to total stress levels in the structure. For example, Figure 8.45 shows stress 

changes at the bottom of the tie at the location of Lifting Frame 3 in Arch 2, together with 

changes in average daily temperatures over the same period. As can be seen in this figure, 

no noticeable correlation can be identified between temperatures and total stresses. 
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Figure 8.44- Stresses at different sections of Arch 2. 
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Figure 8.45- Comparison between trends of average daily temperatures and stress changes at Lifting 

Frame 3 in Arch 2. 
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differences. It is likely that a more rigorous effort was taken to tighten the hangers before 

rotation in some arches, resulting in larger restraining effects and therefore, larger stress 

relaxation and redistribution compared to other arches. The variability of time-dependent 

stress changes among different arches makes it difficult to predict the magnitude of total 

stresses in the arches of the West 7
th

 Street Bridge with a reasonable degree of accuracy. 

 

 
Figure 8.46- Stress changes at the bottom of the tie at midspan in Arches 7 and 11. 
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Figure 8.47- Changes in axial forces and bending moments at midspan sections of Arch 11. 
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Figures 8.48 to 8.51 present a summary of total in-situ stresses in the arches at 

important times during construction. In these figures, the predictions from the design 

team are compared with stresses inferred from the instrumentation data using Method A 

and Method B. The Method A calculations include different creep and shrinkage models 

while Method B neglects time-dependent stress changes. The black lines in these figures 

provide the range of variability among different arches.  

Figure 8.48 shows total stresses in the arches at the end of PT-2 operations. As 

can be seen in this figure, depending on the post-processing procedure used, the same 

strain records obtained from the instrumentation can be interpreted significantly 

differently, resulting in stress levels that are different from each other by approximately 

1 𝑘𝑠𝑖. It can also be seen that design calculations did a reasonable job in estimating the 

essence of stress levels in the structure at the end of PT-2. However, the compressive 

stresses at the knuckle region in the rib were noticeably overestimated. While the design 

team predicted that compressive stresses would exist in this region, the results from all 

creep and shrinkage models in Method A showed that in several arches, this region was 

in tension at the end of PT-2. Moreover, at the midspan section in the tie, design 

calculations predicted bending moments that are in the opposite direction of the average 

measurement from the instrumentation.  
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Figure 8.48- Stresses at the end of PT-2 using different post-processing methods.
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It is evident from Figure 8.48 that there is considerable variability among 

different arches using each post-processing procedure. This variability is in part due to 

variable instantaneous stresses, as discussed in Section 8.3. Moreover, since each stage of 

construction happens at a different age for each arch, the variability is intensified when 

the effects of time-dependent changes are also taken into account. However, comparing 

the results of Method B, which is free of time-dependent effects, with those of Method A 

shows that at this stage, the variability in the results of Method A is not much larger than 

that in the results of Method B, implying that most of the variability is due to different 

instantaneous stresses, as discussed in Section 8.3.  

Figure 8.49 shows stresses in the arches at the time of active engagement of 

hydraulic rams during upward jacking. The reduction in compressive stresses in the rib 

and the increase in compressive stresses in the tie compared to the stress levels shown in 

Figure 8.48 are evident. The design prediction was reasonably consistent with the average 

measured stresses in the knuckle region, which was the section most vulnerable to 

cracking. However, there was significant variability among the different arches. The 

results from all post-processing methods show that several arches were subjected to 

tension. With the ACI 209 model, most arches were found to experience tensile stresses 

in this region at the time of upward jacking. Since tensile stress levels were well below 

the modulus of rupture of the concrete, the arches were not prone to cracking. As a result, 

upward jacking, which was one of the major concerns of the design team, was completed 

without any damage to the arches. 

The stresses in the arches at the beginning of transportation operations are shown 

in Figure 8.50. It can be seen that Method B overestimates the compressive stresses in the 

arches in all sections and therefore, it is not a safe method to predict the risk of cracking 

in the arches. Due to time-dependent effects, the top of the rib in the knuckle region is 
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subjected to considerable tensile stresses that exceed 500 𝑝𝑠𝑖 in some cases but remain 

undetected by Method B.  

As previously mentioned, setting of the arches on the SPMTs induced tensile 

stresses at the top of the rib in the knuckle region and the location of Lifting Frame 2. 

Therefore, there was a serious risk of cracking to the arches at this stage. While the 

construction engineering team had apparently checked stresses in the arches due to the 

change in support conditions, it is highly unlikely that a sophisticated time-dependent 

analysis of the arches, capable of detecting the reduction in compressive stresses over 

time, was conducted. Therefore, the potential risk of cracking remained unnoticed. In 

Arch 2, this increase in tensile stresses during setting of the arch on the SPMTs 

eventually led to cracking. 

Figure 8.50 also shows that there is substantial variability in the stresses at the end 

of storage period, especially in the tie. Regardless of the creep and shrinkage model used 

for Method A, the variability of stresses at the bottom of the tie at midspan exceeds 2 𝑘𝑠𝑖, 

which is approximately 50% of the largest stresses in the structure. Fortunately, this large 

variability in the stresses occurs in the tie, where cracking is not a major concern. 

Otherwise, it would have been difficult to prevent cracking in a section with this level of 

uncertainty in stress levels.  
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Figure 8.49- Stresses at the time of active engagement of hydraulic rams during upward jacking, using different post-processing methods. 
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Another important observation from this figure is the fact that ACI 209, B3, and 

GL 2000, all provide very close estimates of the magnitude of stresses in the arches. In 

regions with smaller compressive stresses, ACI 209 predicted different stresses, mostly 

because this model predicts larger shrinkage strains that the other two models. The CEB-

FIP 1990 and fib 2010 models predict smaller creep and shrinkage strains than the other 

three models. Therefore, when they are used in Method A, a smaller reduction in 

compressive stresses due to relaxation is estimated based on measured strains. 

Consequently, the results of these models are closer to those of Method B, as can be seen 

in Figure 8.50. 

Figure 8.51 shows the stresses at the end of construction of the West 7
th

 Street 

Bridge. As can be seen in this figure, with the change in instantaneous stresses due to 

deck construction, the total stresses became more consistent with the design predictions, 

and the difference between the results of different creep and shrinkage models is reduced. 

Figure 8.51 also shows that design calculations were reasonably successful in predicting 

the average stresses in most sections in the structure at the end of construction. However, 

the magnitude and direction of bending moments at midspan in the tie were not predicted 

correctly. Moreover, the variability of stresses in some sections is larger than the average 

measured stresses. Therefore, although average stresses were close to design predictions, 

the design was not necessarily successful in estimating the stresses or preventing the 

potential risk of cracking in individual arches.  
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Figure 8.50- Stresses at the beginning of transportation operations using different post-processing methods. 
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Figure 8.51- Stresses at the end of construction. 
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Most cross sections were found to be completely in compression at the end of 

construction, regardless of the post-processing method used in the calculations. However, 

tensile stresses were detected at the top of the tie at midspan in some arches. These 

tensile stresses were below the modulus of rupture, and as discussed previously, the 

effects of live loads and future time-dependent effects are not expected to be significant. 

Therefore, future cracking is not anticipated in the arches of the West 7
th

 Street Bridge.  

8.4.4 Validating the Results of Method A 

As discussed in Section 7.7.1.2, checking the static equilibrium of the arches at 

the time of upward jacking provides an opportunity to evaluate the validity of stresses 

calculated from the strain records. If one of the models used in Method A provides 

systematically better results for all or majority of the arches, it should be considered a 

better representative of the time-dependent behavior of concrete in this structure. This 

validation procedure is by no means comprehensive, as it is limited to a single point in 

time throughout the life of each arch. However, it provides some level of confidence in 

the magnitude of stresses calculated using each of the creep and shrinkage prediction 

models. Moreover, the upward jacking operation was conducted at different ages on 

different arches, resulting in 12 data points in the life of the structure if all arches are 

considered.  

The first indicator of the performance of the creep and shrinkage prediction 

models is the coefficient of friction required to satisfy the static equilibrium of forces in 

the horizontal direction at the time of upward jacking. Using the procedure described in 

Section 7.7.1.2, the minimum required coefficient of friction, 𝜇, can be found from 

Equation (7-34). The results of this procedure are shown in Table 8.1 for different arches 

and different prediction models. Due to relatively unknown conditions of contact surfaces 
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between the arches and hydraulic rams or supports, estimating the coefficient of friction 

is difficult. However, 𝜇 should be smaller than 1. In Table 8.1, cells that include 𝜇 values 

smaller than 1 are highlighted in green.  

As can be seen in Table 8.1, for each arch, stresses inferred from only one or two 

models correspond to a rational coefficient of friction. For the ACI 209 model, the 

imbalance in the static equilibrium of forces in the horizontal direction was found to be 

very large. Consequently, the results of this model did not provide static equilibrium with 

a reasonable assumption for coefficient of friction in any of the arches. On the other 

hand, the CEB-FIP 1990 and fib 2010 models provide values of the coefficient of friction 

within the expected range. The stresses concluded from Model B3 and GL2000 also 

provided static equilibrium for few of the arches. It is also noticeable that for Arch 6, 

none of the models provided stress estimates that are in static equilibrium in the 

horizontal direction with a viable coefficient of friction. However, using fib 2010 model 

results in the smallest imbalance in horizontal static equilibrium for this arch.  
 

Table 8.1- Minimum required coefficient of friction  

to satisfy static equilibrium of forces in horizontal direction at the time of upward jacking. 

Model 
Arch 

ACI209 B3 GL2000 CEB-FIP 90 fib 2010 

Arch 1 2.95 0.65 2.48 1.08 0.30 

Arch 2 3.32 1.62 3.23 1.03 0.71 

Arch 3 2.56 2.05 3.33 1.99 0.44 

Arch 4 4.88 3.94 5.23 0.60 2.93 

Arch 5 3.55 3.64 3.98 0.46 1.46 

Arch 6 4.31 4.18 4.15 1.42 1.33 

Arch 7 3.15 2.78 3.66 1.25 0.80 

Arch 8 3.13 1.94 3.30 1.17 0.54 

Arch 9 1.11 2.14 0.79 3.73 2.00 

Arch 10 2.73 1.45 2.92 1.78 0.20 

Arch 11 1.23 0.02 1.99 3.49 1.36 

Arch 12 3.58 2.18 3.95 0.81 1.35 



331 

 

The second indicator for evaluating the validity of stresses is the total imbalance 

moment at the time of upward jacking. The absolute values of the imbalance moment at 

the time of upward jacking are shown in Table 8.2 for different arches and different 

prediction models. In this table, cells including the smallest moment imbalance for each 

arch are highlighted. As can be seen in this table, in most arches, stresses found using the 

ACI 209 model result in the largest imbalance in bending moments. Moreover, it can be 

seen that in most of the arches, using fib 2010 and CEB-FIP 1990 models results in the 

smallest moment imbalance.  

 

Table 8.2- Moment imbalance at the time of upward jacking (𝒕𝒐𝒏 − 𝒇𝒕). 

Model 
Arch 

ACI209 B3 GL2000 CEB-FIP 90 fib 2010 

Arch 1 11.03 1.87 5.27 2.77 2.17 

Arch 2 9.89 4.85 6.19 3.32 2.33 

Arch 3 5.61 2.38 4.33 8.60 1.31 

Arch 4 10.68 7.19 8.94 2.73 4.40 

Arch 5 13.01 9.91 9.91 0.35 6.40 

Arch 6 9.83 7.90 5.94 8.43 0.68 

Arch 7 10.68 8.34 8.48 3.02 3.56 

Arch 8 8.24 4.21 5.83 5.17 0.76 

Arch 9 4.76 5.71 0.00 9.81 4.29 

Arch 10 2.69 3.51 0.18 12.00 5.63 

Arch 11 2.50 0.57 2.31 11.91 4.90 

Arch 12 6.11 1.17 4.48 7.73 1.02 

 

It is clear that none of the models is completely successful in satisfying the static 

equilibrium of the structure at the time of upward jacking. However, based on 

observations from Tables 8.1 and 8.2, the fib 2010 model appears to provide a better 

representation of the time-dependent behavior of the West 7
th

 Street Bridge compared to 

the other four models.  
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The validation procedure presented herein is by no means exhaustive. Moreover, 

it is critical to note that relatively good performance of the fib 2010 model or relatively 

poor performance of the ACI 209 model in representing the time-dependent volumetric 

changes of concrete in the West 7
th

 Street Bridge should not be the basis for evaluating 

the overall performance of any of these models. Each creep and shrinkage model 

available in the literature is developed to statistically represent a database of concrete 

mixtures or geometries of structural elements. Due to large scatter in these data bases, it 

is impractical to expect that a model successfully predicts the volumetric changes of all 

concrete mixtures used in all geometries with good precision. In this context, the West 7
th

 

Street Bridge is a single data point, for which using a particular model might result in 

large errors in creep or shrinkage calculations.  

8.4.5 Thermal Response  

As presented in Chapter 2, several studies reported that the effects of thermal 

changes on concrete arches exceed those due to dead and live loads. Therefore, thermal 

effects might have a significant effect on the magnitude of total stresses in the arches of 

the West 7
th

 Street Bridge. When using Method A for post-processing the data, these 

effects are combined with all instantaneous and time-dependent stress changes and are 

included in total stresses calculated for each section in the structure. On the other hand, as 

discussed in Section 7.7.2, when the elastic response of the arches were evaluated in 

Method B, careful measures were taken to filter out all thermal effects so that the 

measured response was only due to instantaneous effects of the loads on the structure. As 

a result, in the discussions previously provided, the effects of thermal changes on the 

magnitude of stresses within the arches were not exclusively investigated.  
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Evaluating the response of the arches to thermal changes would be useful for 

design applications. Moreover, since altering the boundary conditions of structural 

elements result in changes in thermal response of the structure, monitoring changes in the 

structure due to temperature changes can potentially be used as a structural identification 

or structural health monitoring tool. Therefore, the thermal response of one of the arches 

is briefly presented and investigated in this section.  

Figures 8.52 and 8.53 show changes in stresses at different sections of Arch 2 due 

to daily thermal cycles in the summer and winter months. During the period shown in 

Figure 8.52, Arch 2 was in the vertical orientation and was set on temporary supports, 

awaiting PT-2 operations. On the other hand, the period shown in Figure 8.53 is after 

upward jacking operations, during which the arch was set on storage supports. Both 

periods start at midnight and continue for 72 hours. The temperatures shown in the figure 

are also the average temperature measured from all VWGs embedded in the arch.  

As can be seen in Figures 8.52 and 8.53, noticeable stress changes happen in the 

arch due to typical daily thermal changes. During summer days shown in Figure 8.52, 

changes in the average total temperatures in the structure are within ±15°𝐹. Thermal 

stresses due to these temperature changes are comparable to those due to self-weight of 

the arch and exceed stress changes that occur in most sections of the arch due to upward 

jacking. Moreover, these thermal stresses exceed the stresses observed during the live 

load test. As can be seen in Figure 8.53, the magnitude of these changes are generally 

smaller during winter days, most importantly because direct sunlight has a smaller 

influence on the temperatures and temperature gradients within the structure.  
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Figure 8.52- Stress changes in Arch 2 due to daily thermal cycles during typical summer days. 
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Figure 8.53- Stress changes in Arch 2 due to daily thermal cycles during typical winter days. 
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Changes visible in Figures 8.52 and 8.53 were not anticipated in any design 

calculations related to the construction stage. The design procedure included calculations 

related to service level conditions of the finished bridge, in which the arch was controlled 

for uniform temperature fluctuations and also a difference in temperatures between the 

hangers and concrete. These calculations predicted a maximum thermal stress of 

approximately 100 𝑝𝑠𝑖, which happened at the knuckle region. However, it can be seen in 

Figure 8.52 that thermal stresses during construction far exceed this stress level, and are 

large in regions of the structure other than the knuckle. 

The considerable effect of thermal changes results in serious difficulties in 

predicting the magnitude of in-situ stresses in the structure during construction and 

contributes to the significant variabilities in total stresses observed in Figures 8.48 to 

8.51. Since it is impractical to accurately predict these stress changes in design 

calculations, no design procedure is capable of predicting the magnitude of stresses in the 

structure with very good accuracy. 

Figure 8.55 shows changes in the axial forces and bending moments in Arch 2 

due to daily thermal cycles. These changes were recorded in the structure over two 

carefully selected periods, Δ𝑡1 and Δ𝑡2, which are different from those in Figures 8.52 

and 8.53. During Δ𝑡1 and Δ𝑡2, the arch goes through relatively uniform thermal cycles, 

and the temperatures are equal at the beginning and the end of both periods. The arch was 

set on storage supports during both periods. However, Δ𝑡1 and Δ𝑡2 are recorded before 

and after upward jacking, respectively. Average temperatures from the VWGs during 

both periods are shown in Figure 8.54.  

As can be seen in Figure 8.55, changes in the axial forces are consistent among 

both periods. The slope of the axial force versus temperature change diagram does not 

appear to change noticeably due to upward jacking operations. However, the axial force 
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due to thermal effects reverts back to zero at the end of Δ𝑡2, while there is some residual 

axial force at the end of Δ𝑡1. This difference may be in part due to presence of manually 

tightened hangers before upward jacking operations. The hangers are only partially 

engaged during Δ𝑡1. Therefore, thermal effects might cause more hangers to relax and 

stop contributing to the structural system. On the other hand, some previously relaxed 

hangers might be subjected to tension and therefore start to carry loads. As a result, the 

response of the structure to thermal effects can be nonlinear and potentially result in 

residual stresses at the end of the thermal cycle. However, there is a possibility that the 

apparent residual axial force is due to effects of creep during Δ𝑡1, which are more 

noticeable than those during Δ𝑡2 because of the younger age of the structure.  

 

 
Figure 8.54- Temperature changes in Arch 2 during 𝚫𝒕𝟏 and 𝚫𝒕𝟐. 
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Figure 8.55- Changes in bending moments and axial forces in Arch 2 due to daily thermal cycles 

during 𝚫𝒕𝟏 and 𝚫𝒕𝟐. 
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The plots of bending moments in Figure 8.55 show a similar condition for 

midspan sections. However, at the location of Lifting Frame 2 in the rib, there is a 

noticeable difference between the thermally induced bending moments before and after 

upward jacking. This region is expected to have several relaxed hangers prior to upward 

jacking. Therefore, larger sensitivity of the arch to thermal changes is probably due to 

increased stiffness in this region following the contribution of additional hangers after 

upward jacking operations. Changes in bending moments at the location of Lifting Frame 

2 in the tie are also different before and after upward jacking. 

 ACCURACY OF STRESS CALCULATIONS FOR THE WEST 7
TH

 STREET BRIDGE 8.5

As shown in Sections 8.3 and 8.4, there is significant variability in the magnitude 

of stresses measured in the apparently identical arches of the West 7
th

 Street Bridge. This 

variability is a result of different instantaneous stresses, time-dependent stress changes, 

and thermal stresses in the arches. It is first noticed in the instantaneous response of the 

arches that even for strictly controlled construction operations such as post-tensioning, 

the variability in stresses is considerable. Moreover, since the arches are generally 

subjected to construction operations at different ages, time-dependent volumetric changes 

of concrete affect the arches differently, resulting in an increased variability in stress 

levels. On the other hand, typical daily thermal cycles induce stress changes in the 

structure that can easily exceed 400 𝑝𝑠𝑖. The combined effect of these phenomena results 

in a stress variability among the arches that is larger than 1 𝑘𝑠𝑖 in the finished bridge. At 

some points during construction, this variability exceeds 2 𝑘𝑠𝑖. Reliably preventing 

cracking in a cross section of the structure with an uncertainty range of 2 𝑘𝑠𝑖 is not a 

practical approach. 
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In most concrete and prestressed concrete structures, the inability to predict the 

magnitude of stresses or time-dependent deformations does not pose any risk to the safety 

of the structure. The consequences of excessive deflections or prestress losses are usually 

limited to serviceability and durability problems. However, for the West 7
th

 Street Bridge, 

there were concerns regarding potential buckling of the arches due to loss of stiffness as a 

result of cracking.  

The West 7
th

 Street Bridge was designed using advanced analytical tools to 

capture the effects of parameters that were considered the most influential on the stresses 

and potential cracking, especially creep and shrinkage of concrete. While the analyses 

included simulations of construction sequence and time-dependent effects, all concrete 

material parameters were based on the CEB-FIP 1990 model, which is not necessarily an 

accurate representative of the behavior of the concrete used in this structure.  

The considerable variability in stresses among these identically designed arches 

and the significant effect of uncertainties in creep, shrinkage, and thermal behavior of the 

structure cast doubts on the feasibility of sophisticated time-dependent calculations for 

estimating the stresses during the construction of the West 7
th

 Street Bridge. As discussed 

in Section 8.4.3, even with the data available from instrumentation, using different 

models to interpret the strains can result in substantially different stress levels. Therefore, 

accurate calculations of time-dependent effects are contingent on realistic creep and 

shrinkage models. In most structures, information regarding concrete mix design is not 

available at the design stage. However, even if the mix design is finalized before 

structural design, limited success will be achieved without mix-specific creep and 

shrinkage test data. Moreover, for practical reasons, the construction sequence cannot be 

strictly controlled to guarantee that each construction operation is conducted at the age 

assumed in design analyses and therefore, the timeline of operations assumed in design 
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might not be realistic. Furthermore, thermal stresses, which were generally unnoticed 

during construction analyses of the West 7
th

 Street Bridge, could potentially result in 

larger stress changes in the structure than the time-dependent effects.  

As discussed in Chapter 2, the ACI Committee 312 concluded in 1940 that it is 

impossible to accurately predict the stresses in concrete arches. The case of the West 7
th

 

Street Bridge shows that despite significant advancements in analytical tools and 

knowledge of time-dependent behavior of concrete since 1940, good accuracy in 

predicting the stresses in modern concrete arches is still very difficult, if not impractical, 

to achieve. While the West 7
th

 Street Bridge was constructed safely, it is generally not 

advisable to rely on stress calculations to prevent the risk of cracking in a concrete 

structure with such a high degree of static indeterminacy unless a very large factor of 

safety is used for all calculations.  

 SUMMARY 8.6

This chapter provided a detailed overview of the instantaneous and time-

dependent behavior of the arches in the West 7
th

 Street Bridge. While representative 

graphs of the structural parameters in the arches were shown in this chapter, a much 

wider variety of parameters was carefully monitored during all construction operations in 

real time to make sure that the arches were not in distress. The information obtained from 

the instrumentation and site observations showed that the arches remained safe during all 

construction operations in the precasting yard. However, Arch 2 experienced local 

cracking in the knuckle region during transportation from the precasting yard to the final 

location. The width of the generated crack was relatively small and the crack was 

eventually closed due to the later change in the support conditions. Therefore, no 
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negative impact on the overall performance of Arch 2 is anticipated due to such local 

cracking.  

The instantaneous response of the arches to different construction operations and 

under live loads was presented and evaluated. The design calculations were found 

reasonably successful in capturing the essence of instantaneous structural behavior. 

However, in some sections, especially in the tie, notable differences were observed 

between predicted and measured structural parameters. Moreover, the variability of the 

stresses between different arches was relatively large in several sections in the tie. These 

inconsistencies may partly be attributed to the relatively unpredictable friction between 

the post-tensioning tendons and the ducts, friction between the arch and the soffit, and 

presence of manually tightened hangers in the arches for an extended time. On the other 

hand, the tie element included a variety of embedded components and block-outs, which 

disrupt the flow of stresses.  

The time-dependent behavior of the arches was also carefully examined. It was 

observed that for most arches, time-dependent changes in strains were relatively small, 

resulting in small prestress losses in the tendons. However, numerical post-processing of 

data based on creep and shrinkage prediction models showed that some sections of the 

arches were prone to loss of prestress due to relaxation and redistribution of stresses. This 

observation is attributed to the stiff network of hangers, which prevents the time-

dependent shortening of the arch elements and provides alternative paths for stresses to 

redistribute in these highly indeterminate arches. It was also shown that using different 

creep and shrinkage models could result in significantly different interpretations of the 

same strain records from the arches. A validation procedure was also presented, in which 

the static equilibrium of the arches during upward jacking operations was used to 

evaluate the accuracy of creep and shrinkage models. The fib 2010 model was therefore 
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found to provide better representation of the time-dependent behavior of arches in this 

particular structure. While no noticeable correlation was found between the magnitude of 

stresses and seasonal temperature changes, the magnitude of stress changes due to typical 

daily thermal cycles was found to be relatively large. Finally, based on uncertainties in 

instantaneous, time-dependent, and thermal stress changes in the structure, the feasibility 

of sophisticated analyses of structure for time-dependent effects was discussed. A final 

summary of the findings of this research is presented in Chapter 9. 
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Chapter 9: Summary, Conclusions, and Future Work 

 SUMMARY 9.1

This dissertation provided an overview of the research conducted on short-term 

and time-dependent stresses in precast concrete network arches. Network arches are 

efficient and elegant structures, which until recently, have been constructed using 

structural steel. Since the primary action of the rib in network arches is axial 

compression, concrete is expected to be an ideal material for use in these structures. 

However, a comprehensive review of the literature revealed no records of previously 

constructed concrete network arch bridges. This comes as no surprise, as time-consuming 

and expensive construction has resulted in a reduction in the number of concrete arch 

bridges built around the world since the introduction of network arches. Concrete 

network arches might be good solutions for reviving the interest in concrete arches, as 

they are compatible with accelerated construction methods in which the arches are 

fabricated off-site and then transported to the bridge location. 

 The main focus of this dissertation was on the West 7
th

 Street Bridge in Fort 

Worth, which is the first precast network arch bridge and probably the first concrete 

network arch bridge in the world. This innovative bridge, which was completed in 2013, 

consists of 12 identically designed precast, prestressed concrete network arches. The 

arches were constructed in a casting yard less than one mile away from the final bridge 

location and were later transported and erected. The combination of architectural appeal 

of arches, structural efficiency of the network arch system, and construction speed of 

precasting proved to be very successful in this project.    
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The accelerated construction procedure used for the West 7
th

 Street Bridge 

minimized the traffic interruption since the time of street closure for the construction of 

this 6-span bridge was only 120 days. Several steps of post-tensioning and handling 

operations were required, which could have posed a risk of damage to the arches and 

potentially endangered their stability in the finished bridge. Sophisticated finite element 

simulations of the arches were conducted at the design stage to ensure they remained safe 

during construction. However, significant uncertainty regarding the behavior of the 

arches due to their complex structural behavior and the potential consequences of any 

damage during handling operations triggered this research study, which involved field 

monitoring of the arches throughout the construction process.   

The main objectives of the field monitoring study were to support the safe 

construction of the innovative arches, to identify their short-term and time-dependent 

structural behavior, and to verify the design methodology and modeling assumptions. The 

arches were instrumented with 224 Vibrating Wire Gages (VWGs) that were embedded 

in the arches prior to concrete placement. The VWGs were monitored during post-

tensioning, handling, and transportation operations as well as deck construction. They 

were also monitored during a static live load test after the bridge was opened to traffic to 

document the baseline performance of the structure and evaluate the response of the 

arches in the finished bridge, which includes the floor beams and the deck.  

In order to obtain better estimates of the mechanical properties of the concrete 

that was used in the arches, a material study was conducted prior to the construction of 

the first arch. The results of this study were used in estimating the in-situ compressive 

strength and modulus of elasticity of the arches, which were critical in post-processing of 

the data.  
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Post-processing of the data obtained from the arches required an in-depth 

investigation of different phenomena contributing to strain changes in the structure other 

than elastic strains, namely shrinkage, creep, and thermal changes. Two approaches were 

used to process the strain data: 1) an approximate incremental procedure, in which 

thermal effects were filtered out and time-dependent stress changes were neglected, and 

2) a numerical step-by-step procedure, in which all stress-related components of strains 

were considered. The results of the step-by-step procedure were dependent on 

mathematical prediction models for creep and shrinkage. Therefore, these results were 

verified using static equilibrium of the structure to identify the prediction model that is 

capable of providing realistic estimates of creep and shrinkage for this structure.    

The results from the instrumentation of the West 7
th

 Street Bridge were used to 

ensure a safe environment throughout construction and assist the construction team with 

making decisions about modifying the construction procedure when needed. Moreover, 

monitoring the response of this structure during construction provided the opportunity to 

investigate its response to large self-weight effects, construction loads, thermal changes, 

and time-dependent effects under a variety of boundary conditions. As a result, the 

structural monitoring study presented in this dissertation was undoubtedly one of the 

most comprehensive structural identification studies on a concrete arch bridge of any 

type. Furthermore, the monitored bridge consists of 12 identically designed arches that 

were fabricated using a very consistent construction procedure. Therefore, comparing the 

monitored response from the arches made it possible to gain insight into the variability of 

stresses and therefore the reliability of stress predictions for statically indeterminate 

concrete arches.  
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 CONCLUSIONS 9.2

The main conclusions of the research outlined in this dissertation are summarized 

below. 

9.2.1 Performance of Precast Concrete Network Arches  

 Concrete network arches provide a very efficient structural system, which 

demonstrates substantial stiffness and strength. The monitored structural 

parameters showed that the elastic response of the arches is primarily 

governed by axial forces, and relatively small bending moments were detected 

in the arches under uniform and non-uniform loads throughout the 

construction and during the live load test. 

 Precasting is a viable solution for fabricating concrete arches with short to 

medium spans, which results in better quality control and a reduction in 

construction costs and time of street closure. In arch bridges with numerous 

spans, the financial benefits of precasting would be more pronounced, as the 

relatively large initial investment on the formwork would be more feasible. 

 Network arches are suitable structural systems for precasting, as the efficiency 

of these structures results in a minimized weight, which is suitable for lifting 

and handling operations. 

 Prestressing of the arch rib during construction of the West 7
th

 Street Bridge 

was an effective method to control the magnitude of stresses during different 

handling operations. The same design strategy might be used for building 

segmentally post-tensioned arch bridges.  
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9.2.2 Instrumentation  

 The instrumentation of the West 7
th

 Street Bridge was essential in protecting 

this structure during delicate handling operations. The construction team 

relied heavily on the data obtained from the instrumentation to ensure that the 

construction operations were safe for the arches. The procedure for 

conducting some of the construction operations was revised based on the 

instrumentation output. 

 Monitoring the response during construction is a very effective way of 

identifying the behavior of a structural system. During this period, the 

structure is under variable boundary conditions and self-weight and 

construction loads that are much larger than loads that can be applied through 

live load tests. 

 Embedded VWGs proved to be reliable and cost-effective instruments for 

long-term monitoring of concrete structures. Only a few VWGs were lost 

during the monitoring period, mostly due to damage to the wiring. The data 

obtained from other VWGs showed very stable readings throughout the 

construction. 

 Interpretation of the data obtained from the instrumentation requires an in-

depth investigation of the effects of temperature changes, shrinkage, and creep 

on strains and stresses within the structure.  

 Valuable insight can be obtained into the conditions of the structure through 

monitoring its response to thermal changes. 

 Reliable structural health monitoring of newly constructed concrete structures 

that are statically indeterminate is possible only using reliable mixture-

specific creep and shrinkage data. If reliable test data are not available, limited 
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accuracy will be achieved in converting the monitored strains to in-situ 

stresses. In the case of the West 7
th

 Street Bridge, these data were not 

available. Therefore, prediction models available in the literature were used. 

However, depending on the creep and shrinkage model used for processing 

the data, the stresses inferred from the same strain record varied by more than 

1 𝑘𝑠𝑖.  

9.2.3 Structural Response of the West 7
th

 Street Arches 

 Although the arches were designed to be identical and had similar 

construction procedures, there was significant variability in the magnitude of 

stresses observed in the 12 individual arches. While the concrete used in the 

arches had a design 56-day compressive strength of 8 𝑘𝑠𝑖, the stress 

variability among different arches in the finished bridge exceeded 1 𝑘𝑠𝑖. At 

some points during construction, the maximum variability among different 

arches was larger than 2 𝑘𝑠𝑖, which was 25% of the design 56-day 

compressive strength of the concrete and approximately 50% of the maximum 

stresses observed throughout the construction. This variability is a result of 

different instantaneous stresses, time-dependent stress changes, and thermal 

stresses in the arches. 

 Time-dependent volumetric changes of concrete have a noticeable effect on 

the magnitude of stresses, especially in the tie element. Most of these changes 

were likely due to relaxation and redistribution of stresses due to presence of 

numerous inclined hangers. 

 The fib 2010 model was found to be a better representative model of creep 

and shrinkage strains in the arches of the West 7
th

 Street Bridge during 



350 

construction compared to ACI 209, B3, GL2000, and CEB-FIP 1990 models. 

The fib 2010 model was comparable in complexity and required programming 

effort to the GL 2000 model but required a larger number of calculations 

compared with the ACI 209 and CEB-FIP 1990 models. The B3 model 

required a much more significant programing effort than the other models 

used. However, the validation procedure showed that the B3 model did not 

perform as well as the fib 2010 model in predicting the time-dependent 

behavior of the arches of the West 7
th

 Street Bridge during construction.   

 The effects of prestress losses during the construction of the West 7
th

 Street 

Bridge was found to be relatively insignificant. 

 The majority of time-dependent changes appear to happen during 

construction. After the bridge was opened to traffic, these changes will likely 

have a minimal effect on the structure. 

 Daily thermal fluctuations can have a substantial effect on the magnitude of 

stresses in concrete network arches. Stress changes in the West 7
th

 Street 

Bridge due to a daily thermal cycle in a typical summer day exceed 400 𝑝𝑠𝑖, 

which are comparable in magnitude to stresses due to self-weight and far 

exceed live load stresses. 

 The effects of seasonal temperature changes were found to be relatively small 

compared to other factors contributing to strain and stress changes. 

9.2.4 Stress Calculations for Concrete Network Arches 

 The design was generally successful in predicting average elastic stress 

changes in the arches. However, due to the large variability in the magnitude 
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of stresses among the arches, the margin of safety against cracking could not 

be predicted for individual arches. 

 Before finalizing the design of other structures that might be sensitive to 

cracking, a material study is highly recommended. The creep and shrinkage 

parameters, as well the modulus of elasticity of the concrete affect the stress 

calculations. Therefore, these parameters must be realistically estimated 

before finalizing the design. Although such a study is often impractical for 

initial design calculations, it is possible to analyze the model with the updated 

parameters once the final mixture is determined to make sure of the suitability 

of the design. 

 The considerable variability in stresses among the identically designed arches 

and the significance of uncertainties in creep, shrinkage, and thermal behavior 

of the structure cast doubts on the feasibility of sophisticated time-dependent 

calculations for estimating the stresses during construction. 

 Despite significant advancements in analytical tools and knowledge of the 

time-dependent behavior of concrete, good accuracy in predicting the stresses 

in modern concrete arches is still very difficult, if not impractical, to achieve. 

 The West 7
th

 Street Bridge was constructed safely through conservative 

structural design, careful construction design, and real-time feedback from the 

instrumentation. However, unless a very large factor of safety is used for all 

calculations, it is generally not advisable to rely on stress calculations to 

prevent the risk of cracking in a concrete structure with such a high degree of 

static indeterminacy. 
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 FUTURE WORK 9.3

To the knowledge of the author, the study presented herein is the first ever on the 

construction response of a concrete tied arch bridge of any type and also the first field 

monitoring study on the behavior of a network arch of any material. Therefore, the data 

obtained in this study provide a valuable tool for identifying the behavior of concrete tied 

arches in general and concrete network arches in particular. General discussions were 

provided on the behavior of concrete network arches in this dissertation. However, the 

work on the valuable data obtained through this study will continue.    

One of the potential problems identified in this research for the prestressed 

concrete network arches was the possibility of stress relaxation due to their indeterminate 

structural system and stiff network of hangers. A major part of the ongoing research by 

the author is conducting computational simulations of the West 7
th

 Street Bridge, in 

which time-dependent effects are considered through rate-type creep models. Linear 

elastic models of the arches have been successfully developed in finite element software 

Abaqus and have been partially verified through comparisons with the elastic response of 

the arches that was presented in Section 8.3. However, incorporating time-dependent 

effects in the models is still in progress. Once a verified finite element model that is 

capable of representing time-dependent effects on the bridge system is developed, 

parametric studies will be conducted to investigate the sensitivity of concrete network 

arches to these effects depending on the geometry of the arches and material properties. 

The stability of cracked post-tensioned concrete elements was another important 

topic for future work that was identified in this research. The key motivation to minimize 

cracking in the arches of the West 7
th

 Street Bridge was the uncertainty in the stability 

calculations if the arches were cracked. A detailed literature review at the onset of this 

research revealed that this problem has not been sufficiently investigated. As briefly 
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introduced in Chapter 5, simplified prototype elements were subjected to buckling tests in 

a preliminary stage of this research program. These tests showed that post-tensioning 

could increase the buckling load of cracked concrete elements. Moreover, the interaction 

between the tendons and the wall of the ducts was found to significantly improve the 

stability of these elements. With the increasing demands to use more slender prestressed 

concrete elements, it would be desirable to conduct more experimental and computational 

studies on the stability of cracked post-tensioned concrete members.   

The monitored response of the arches in the West 7
th

 Street Bridge also showed 

that the effects of daily thermal changes are larger than those due to live loads. Therefore, 

it would be feasible to develop structural health monitoring techniques in which potential 

damage is identified as a change in the thermal response of the structure. Developing 

reliable tools for this purpose requires monitoring more structures and conducting 

computational simulations of more structures to recognize how their thermal response 

might change due to damage. 
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Appendix A: Design Plans for the West 7
th

 Street Bridge 

 OVERVIEW A.1

The following drawings include the preliminary design plans for the West 7
th

 

Street Bridge, which were provided by the TxDOT design team. These drawings are for 

informational purposes only and do not necessarily reflect the final design plans.  
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Figure A.1- General layout of the West 7

th
 Street Bridge. 
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Figure A.2- General layout of the West 7

th
 Street Bridge (continued). 
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Figure A.3- General layout of the West 7

th
 Street Bridge (continued). 
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Figure A.4- Geometry of the precast arches. 
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Figure A.5- Geometry of the precast arches (continued). 
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Figure A.6- Arch post-tensioning layout. 
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Figure A.7- Arch post-tensioning layout (continued). 
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Figure A.8- Details of the hanger system and grout sleeves. 
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Figure A.9- Details of the hanger system and grout sleeves (continued). 
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Figure A.10- Details of the hanger system and grout sleeves (continued). 
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Figure A.11- Details of the hanger system and grout sleeves (continued). 



366 

 
Figure A.12-Arch reinforcing details. 
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Figure A.13- Arch reinforcing details (continued). 
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Figure A.14- Arch reinforcing details (continued). 
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Figure A.15- Arch reinforcing details (continued). 
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Figure A.16- Arch reinforcing details (continued). 
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Figure A.17- Arch reinforcing details (continued). 
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Figure A.18- Arch reinforcing details (continued). 
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Figure A.19- Arch reinforcing details (continued). 
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Figure A.20- Arch bearing details. 
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Figure A.21- Arch bearing details (continued). 
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Figure A.22- Arch bearing details (continued). 
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Figure A.23- Arch bearing details (continued). 
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Figure A.24- Floor beam details. 
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Figure A.25- Floor beam details (continued). 
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Figure A.26- Floor beam details (continued). 
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Figure A.27- Floor beam details (continued). 
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Figure A.28- Slab details. 
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Figure A.29- Slab details (continued). 
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Figure A.30- Slab details (continued). 
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Figure A.31- Slab details (continued). 
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Figure A.32- Slab details (continued). 
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Figure A.33- Slab details (continued). 
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Figure A.34- Slab details (continued).
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Appendix B: As-Built Locations of the VWGs  

 OVERVIEW B.1

The locations of the VWGs that were embedded in the arches of the West 7
th

 

Street Bridge are presented in this appendix. For convenience, all of the directions and 

annotations in the figures of this appendix are based on the positions of the arches in the 

finished bridge.  

 LOCATIONS OF THE INSTRUMENTED SECTIONS  B.2

Figure B.1 shows the general layout of the instrumented sections in the arches. 

Parameters 𝑙1 to 𝑙14 for the arches are shown in Tables B.1 to B.12. 
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Figure B.1- General layout of the instrumented sections in the arches.
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Table B.1- Locations of instrumented  

sections in Arch 1. 
 

Table B.2- Locations of instrumented 

sections in Arch 2. 
Section Parameter Value (𝒇𝒕) 

 

Section Parameter Value (𝒇𝒕) 

1 𝒍𝟏 13.02  1 𝒍𝟏 15.55 

2 𝒍𝟐 16.77  2 𝒍𝟐 15.91 

3 𝒍𝟑 38.00  3 𝒍𝟑 38.00 

4 𝒍𝟒 38.00  4 𝒍𝟒 38.00 

5 𝒍𝟓 67.31  5 𝒍𝟓 67.33 

6 𝒍𝟔 67.31  6 𝒍𝟔 67.33 

7 𝒍𝟕 81.58  7 𝒍𝟕 81.58 

8 𝒍𝟖 81.58  8 𝒍𝟖 79.17 

9 𝒍𝟗 12.92  9 𝒍𝟗 15.83 

10 𝒍𝟏𝟎 16.66  10 𝒍𝟏𝟎 15.86 

11 𝒍𝟏𝟏 37.94  11 𝒍𝟏𝟏 38.00 

12 𝒍𝟏𝟐 37.94  12 𝒍𝟏𝟐 38.00 

13 𝒍𝟏𝟑 67.20  13 𝒍𝟏𝟑 67.33 

14 𝒍𝟏𝟒 67.20  14 𝒍𝟏𝟒 67.33 

 
Table B.3- Locations of instrumented  

sections in Arch 3. 

 

Table B.4- Locations of instrumented 

sections in Arch 4. 

Section Parameter Value (𝒇𝒕) 

 

Section Parameter Value (𝒇𝒕) 

1 𝒍𝟏 15.57  1 𝒍𝟏 16.69 

2 𝒍𝟐 17.38  2 𝒍𝟐 16.69 

3 𝒍𝟑 38.13  3 𝒍𝟑 37.23 

4 𝒍𝟒 38.45  4 𝒍𝟒 37.39 

5 Not instrumented  5 Not instrumented 

6 Not instrumented  6 Not instrumented 

7 𝒍𝟕 81.58  7 𝒍𝟕 81.58 

8 𝒍𝟖 78.36  8 𝒍𝟖 80.18 

9 𝒍𝟗 15.49  9 𝒍𝟗 16.43 

10 𝒍𝟏𝟎 17.51  10 𝒍𝟏𝟎 16.48 

11 𝒍𝟏𝟏 38.16  11 𝒍𝟏𝟏 38.58 

12 𝒍𝟏𝟐 37.99  12 𝒍𝟏𝟐 39.13 

13 Not instrumented  13 Not instrumented 

14 Not instrumented  14 Not instrumented 
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Table B.5- Locations of instrumented  

sections in Arch 5. 
 

Table B.6- Locations of instrumented 

sections in Arch 6. 
Section Parameter Value (𝒇𝒕) 

 

Section Parameter Value (𝒇𝒕) 

1 𝒍𝟏 15.85  1 𝒍𝟏 15.83 

2 Not instrumented  2 Not instrumented 

3 Not instrumented  3 Not instrumented 

4 Not instrumented  4 Not instrumented 

5 Not instrumented  5 Not instrumented 

6 Not instrumented  6 Not instrumented 

7 𝒍𝟕 81.58  7 𝒍𝟕 81.58 

8 𝒍𝟖 78.32  8 𝒍𝟖 78.13 

9 𝒍𝟗 15.86  9 𝒍𝟗 15.13 

10 Not instrumented  10 Not instrumented 

11 Not instrumented  11 Not instrumented 

12 Not instrumented  12 Not instrumented 

13 Not instrumented  13 Not instrumented 

14 Not instrumented  14 Not instrumented 

 

Table B.7- Locations of instrumented  

sections in Arch 7. 
 

Table B.8- Locations of instrumented 

sections in Arch 8. 
Section Parameter Value (𝒇𝒕) 

 

Section Parameter Value (𝒇𝒕) 

1 𝒍𝟏 16.64  1 𝒍𝟏 16.73 

2 Not instrumented  2 Not instrumented 

3 Not instrumented  3 Not instrumented 

4 Not instrumented  4 Not instrumented 

5 Not instrumented  5 Not instrumented 

6 Not instrumented  6 Not instrumented 

7 𝒍𝟕 81.58  7 𝒍𝟕 81.58 

8 𝒍𝟖 78.24  8 𝒍𝟖 78.01 

9 𝒍𝟗 17.09  9 𝒍𝟗 16.65 

10 Not instrumented  10 Not instrumented 

11 Not instrumented  11 Not instrumented 

12 Not instrumented  12 Not instrumented 

13 Not instrumented  13 Not instrumented 

14 Not instrumented  14 Not instrumented 
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Table B.9- Locations of instrumented  

sections in Arch 9. 
 

Table B.10- Locations of instrumented 

sections in Arch 10. 
Section Parameter Value (𝒇𝒕) 

 

Section Parameter Value (𝒇𝒕) 

1 𝒍𝟏 18.90  1 𝒍𝟏 15.98 

2 Not instrumented  2 Not instrumented 

3 Not instrumented  3 Not instrumented 

4 Not instrumented  4 Not instrumented 

5 Not instrumented  5 Not instrumented 

6 Not instrumented  6 Not instrumented 

7 𝒍𝟕 81.58  7 𝒍𝟕 81.58 

8 𝒍𝟖 78.21  8 𝒍𝟖 78.16 

9 𝒍𝟗 16.90  9 𝒍𝟗 15.93 

10 Not instrumented  10 Not instrumented 

11 Not instrumented  11 Not instrumented 

12 Not instrumented  12 Not instrumented 

13 Not instrumented  13 Not instrumented 

14 Not instrumented  14 Not instrumented 

 
Table B.11- Locations of instrumented 

sections in Arch 11. 
 

Table B.12- Locations of instrumented 

sections in Arch 12. 

Section Parameter Value (𝒇𝒕) 

 

Section Parameter Value (𝒇𝒕) 

1 𝒍𝟏 15.70  1 𝒍𝟏 15.93 

2 Not instrumented  2 Not instrumented 

3 Not instrumented  3 Not instrumented 

4 Not instrumented  4 Not instrumented 

5 Not instrumented  5 Not instrumented 

6 Not instrumented  6 Not instrumented 

7 𝒍𝟕 81.58  7 𝒍𝟕 81.58 

8 𝒍𝟖 78.19  8 𝒍𝟖 78.08 

9 𝒍𝟗 15.97  9 𝒍𝟗 15.92 

10 Not instrumented  10 Not instrumented 

11 Not instrumented  11 Not instrumented 

12 Not instrumented  12 Not instrumented 

13 Not instrumented  13 Not instrumented 

14 Not instrumented  14 Not instrumented 
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 SECTIONAL LOCATIONS OF THE VWGS  B.3

Tables B.13 to B.24 provide the coordinates of the VWGs in each instrumented 

section of the arches. These coordinates are based on the coordinate system shown in 

Figure B.2. 

 

 
Figure B.2- The coordinate system for the locations of the VWGs. 
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Table B.13- Coordinates of the VWGs in Arch 1.ch 1 

VWG No. Section x(in) y(in) 

 

VWG No. Section x(in) y(in) 

1 1 19.75 104.89 
 

21 8 13.38 20.31 

2 1 33.63 104.89 
 

22 8 30.63 19.94 

3 2 4.59 47.35 
 

23 8 48.75 2.63 

4 2 48.94 47.32 
 

24 8 5.13 3.44 

5 3 5.13 23.80 
 

25 9 13.00 103.57 

6 3 47.50 24.63 
 

26 9 47.38 101.69 

7 3 25.75 3.88 
 

27 10 4.13 47.18 

8 4 36.00 22.97 
 

28 10 48.75 47.74 

9 4 49.00 2.34 
 

29 11 5.69 24.63 

10 4 5.13 3.13 
 

30 11 46.63 24.50 

11 5 5.50 21.50 
 

31 11 27.75 3.88 

12 5 48.00 20.88 
 

32 12 35.75 22.80 

13 5 26.50 3.88 
 

33 12 48.69 3.11 

14 6 34.25 20.69 
 

34 12 4.63 2.63 

15 6 48.75 2.88 
 

35 13 5.63 21.25 

16 6 5.75 2.94 
 

36 13 48.38 19.88 

17 7 6.13 20.88 
 

37 13 24.50 3.88 

18 7 47.88 19.88 
 

38 14 34.75 20.25 

19 7 47.88 4.25 
 

39 14 48.50 3.00 

20 7 5.25 3.38 
 

40 14 5.38 2.75 
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Table B.14- Coordinates of the VWGs in Arch 2.ch 1 

VWG No. Section x(in) y(in) 

 

VWG No. Section x(in) y(in) 

1 1 34.75 33.75 
 

21 8 48.50 20.88 

2 1 6.75 33.64 
 

22 8 5.94 20.50 

3 2 48.69 48.75 
 

23 8 5.13 2.63 

4 2 6.25 48.75 
 

24 8 48.50 2.69 

5 3 48.88 24.13 
 

25 9 42.38 33.50 

6 3 20.63 23.88 
 

26 9 6.88 32.63 

7 3 28.63 3.63 
 

27 10 49.25 48.85 

8 4 19.50 23.34 
 

28 10 11.50 49.79 

9 4 6.00 2.59 
 

29 11 47.25 24.00 

10 4 48.44 2.03 
 

30 11 20.75 24.25 

11 5 48.63 21.13 
 

31 11 29.00 3.50 

12 5 5.88 21.75 
 

32 12 38.75 23.97 

13 5 27.38 3.88 
 

33 12 5.63 2.34 

14 6 18.75 20.00 
 

34 12 49.06 2.84 

15 6 5.81 2.44 
 

35 13 47.13 21.50 

16 6 48.44 2.63 
 

36 13 6.13 22.00 

17 7 47.63 22.00 
 

37 13 25.75 4.38 

18 7 6.13 21.63 
 

38 14 37.50 19.75 

19 7 6.00 5.50 
 

39 14 5.94 3.00 

20 7 48.75 4.75 
 

40 14 48.44 2.00 

 

Table B.15- Coordinates of the VWGs in Arch 3. 3 

VWG No. Section x(in) y(in) 

 

VWG No. Section x(in) y(in) 

1 1 7.50 34.75 
 

21 8 5.00 20.63 

2 1 47.25 35.25 
 

22 8 47.63 20.50 

3 2 4.88 46.56 
 

23 8 47.75 2.38 

4 2 46.38 46.31 
 

25 9 6.25 34.25 

5 3 6.63 24.75 
 

26 9 46.88 34.88 

6 3 48.25 23.25 
 

27 10 4.75 47.75 

7 3 26.88 3.25 
 

28 10 45.88 47.25 

8 4 36.50 22.42 
 

29 11 6.38 23.25 

9 4 47.75 2.17 
 

30 11 46.50 23.25 

10 4 5.00 1.55 
 

31 11 26.50 3.50 

17 7 12.88 22.50 
 

32 12 35.00 23.34 

18 7 48.50 20.38 
 

33 12 48.00 2.34 

19 7 47.38 3.50 
 

34 12 5.00 1.22 

20 7 5.75 5.50 
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Table B.16- Coordinates of the VWGs in Arch 4. 

VWG No. Section x(in) y(in) 

 

VWG No. Section x(in) y(in) 

1 1 47.50 33.50 
 

21 8 48.88 20.25 

2 1 5.88 33.00 
 

22 8 6.38 20.75 

3 2 38.00 47.32 
 

23 8 5.25 2.88 

4 2 6.00 47.92 
 

24 8 48.19 2.50 

5 3 48.13 25.00 
 

25 9 46.50 35.69 

6 3 6.88 25.00 
 

26 9 5.63 35.94 

7 3 30.38 4.63 
 

27 10 49.50 47.43 

8 4 27.38 26.99 
 

28 10 5.94 47.46 

9 4 5.00 2.71 
 

29 11 48.13 24.38 

10 4 47.13 1.46 
 

30 11 6.81 24.56 

17 7 47.75 22.13 
 

31 11 27.31 3.75 

18 7 6.13 20.88 
 

32 12 28.50 22.86 

19 7 7.56 3.75 
 

33 12 5.81 2.42 

20 7 47.88 4.50 
 

34 12 49.25 2.39 

 
Table B.17- Coordinates of the VWGs 

 in Arch 5. 
 

Table B.18- Coordinates of the VWGs 

 in Arch 6. 

VWG No. Section x(in) y(in) 

 

VWG No. Section x(in) y(in) 

1 1 5.88 34.12 
 

1 1 47.63 34.04 

2 1 46.75 34.19 
 

2 1 8.88 35.19 

17 7 5.63 21.56 
 

17 7 47.81 20.94 

18 7 46.81 21.63 
 

18 7 7.31 21.81 

19 7 26.25 4.25 
 

19 7 30.13 3.94 

22 8 26.63 20.50 
 

22 8 25.38 20.25 

23 8 48.13 2.31 
 

23 8 8.81 3.19 

24 8 5.88 2.63 
 

24 8 47.69 2.06 

25 9 11.32 31.73 
 

25 9 41.50 35.54 

26 9 47.75 33.88 
 

26 9 6.13 34.67 
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Table B.19- Coordinates of the VWGs 

 in Arch 7.  
Table B.20- Coordinates of the VWGs 

 in Arch 8. 
VWG No. Section x(in) y(in) 

 

VWG No. Section x(in) y(in) 

1 1 5.50 33.40 
 

1 1 39.44 33.51 

2 1 47.63 33.88 
 

2 1 6.84 33.56 

17 7 5.50 21.19 
 

17 7 47.63 21.09 

18 7 47.72 20.66 
 

18 7 6.13 20.81 

19 7 26.03 3.56 
 

19 7 27.88 3.72 

22 8 25.66 20.09 
 

22 8 27.00 20.75 

23 8 46.22 2.38 
 

23 8 9.09 2.91 

24 8 5.38 2.31 
 

24 8 48.63 2.94 

25 9 5.16 33.09 
 

25 9 44.00 33.49 

26 9 47.44 33.53 
 

26 9 6.59 33.81 
         

Table B.21- Coordinates of the VWGs 

 in Arch 9.  
Table B.22- Coordinates of the VWGs 

 in Arch 10. 
VWG No. Section x(in) y(in) 

 

VWG No. Section x(in) y(in) 

1 1 6.38 30.95 
 

1 1 48.06 33.90 

2 1 47.38 31.53 
 

2 1 6.88 33.81 

17 7 6.50 20.94 
 

17 7 46.38 20.69 

18 7 48.25 21.13 
 

18 7 6.63 21.13 

19 7 26.69 3.50 
 

19 7 26.63 3.75 

22 8 24.88 20.50 
 

22 8 26.63 19.88 

23 8 45.06 2.50 
 

23 8 9.50 1.94 

24 8 7.75 2.69 
 

24 8 47.00 1.88 

25 9 6.13 33.75 
 

25 9 47.88 34.20 

26 9 47.25 33.03 
 

26 9 6.75 34.19 
         

Table B.23- Coordinates of the VWGs 

 in Arch 11.  
Table B.24- Coordinates of the VWGs 

 in Arch 12. 

VWG No. Section x(in) y(in) 

 

VWG No. Section x(in) y(in) 

1 1 6.50 35.48 
 

1 1 49.44 34.07 

2 1 37.69 35.17 
 

2 1 7.63 33.38 

17 7 7.31 20.94 
 

17 7 48.13 21.31 

18 7 47.31 21.44 
 

18 7 7.00 21.38 

19 7 27.25 3.75 
 

19 7 27.50 3.88 

22 8 26.19 20.13 
 

22 8 28.38 20.75 

23 8 43.75 2.13 
 

23 8 9.63 2.25 

24 8 5.75 2.44 
 

24 8 45.50 2.56 

25 9 7.13 35.14 
 

25 9 49.50 34.33 

26 9 47.38 35.23 
 

26 9 7.50 34.54 
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