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Abstract 

Seismic Performance of Concrete Columns  

Reinforced with High Strength Steel 

 

Drit Sokoli, MSE 

The University of Texas at Austin, 2014 

 

Supervisor:  Wassim M. Ghannoum 

 

Test results are presented from an experimental program carried at the University 

of Texas at Austin aimed at evaluating the seismic performance of concrete columns 

reinforced with high-strength steel. Comparisons are made between the performance of 

columns reinforced with conventional Grade 60 steel, and the higher Grade 80. The high-

strength steel used in this study is the result of a recent push in the U.S. to produce higher 

grade reinforcing bars with relatively high ductility. All steel used satisfied the 

specifications of ASTM A706. Column specimens were tested under constant axial load 

and reverse cyclic lateral loading until collapse. Columns performed in a similar manner, 

indicating that current limits on the yield strength of reinforcing bars in seismic 

applications could be raised to include Grade 80 A706 bars. Conclusions are drawn with 

respect to the effects of higher strength reinforcement on, member cracking, drift 

capacity, plasticity spread, plastic hinge performance, and strain demands on reinforcing 

bars. 
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1 INTRODUCTION AND RESEARCH MOTIVATION 

 

1.1  Motivation 

The demand for higher strength reinforcing steel in concrete construction is 

rapidly increasing in the U.S. and worldwide. Fueling the demand is the perpetual need 

to build larger and more complex structures to address population and societal demands. 

Economic and environmental considerations are major contributors to the demand for 

higher strength reinforcement. Introducing higher strength reinforcing steel in concrete 

construction has the potential to reduce substantially the overall volumes of steel 

installed by the construction industry. A reduction in steel volumes would translate into 

reductions in reinforcement congestion, with associated reductions in labor costs and 

construction time. A reduction in overall volumes would also translate into reductions in 

energy consumption related to manufacturing, fabricating, and shipping the steel, with 

associated reductions in cost. Moreover, as the world population increases, so does the 

demand for primary materials, and steel is not an exception. Reduction in the volume of 

steel bars installed in concrete construction can therefore reduce the environmental 

impact of the construction industry significantly, both in terms of demand on primary 

resources as well as demand on energy.  

Nevertheless, current code limits on the strength of reinforcing steel, combined 

with a lack of understanding of the effects of higher strength steel on the performance of 

concrete members, are hindering progress in structural designs. Many of today’s limits 

on strength of concrete reinforcing steel have been enforced since the 1950s. The 1956 

version of the ACI 318 building code (ACI 318, 1956) set the yield-strength limit on 
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reinforcement at 60 ksi, increasing it from 40 ksi. In the 1971 version of the ACI 318 

code, an 80 ksi limit was placed for gravity systems (ACI 318, 1971). To this date, the 

limit remains at 80 ksi for non-seismic systems except for shear, which has to be 

designed using a maximum yield strength of transverse reinforcement of 60 ksi.  For 

seismic design, the limit currently remains at 60 ksi (ACI 318, 2014). Grade 100 steel 

was recently allowed in the ACI building code but only for designing confinement 

reinforcement.  

Performance concerns that have maintained the code limits on the strength of 

reinforcing steel span a wide range of behavioral aspects.  An increase in steel strength 

in reinforcing bars is associated with an increase in the strain at yield, and often with a 

reduction in the fracture elongation, the tensile-to-yield strength ratio, and the length of 

the yield plateau. For a given bar size, higher strength steel implies larger tensile and 

compressive forces. Larger tensile forces for the same bar size result in an increase in 

bond demands and the forces at bar hooks or heads. On the other hand, larger 

compressive forces for the same bar size can increase bar buckling susceptibility given 

the same lateral bracing. The larger strain at yielding in higher-strength steel can cause 

larger strains at service loads and therefore increase crack widths and deflections. Larger 

crack widths in turn can lead to the weakening of the concrete shear-transfer 

mechanisms and lower shear strengths. Additionally, the lower ductility of high-strength 

steel may affect seismic design, member deformation capacity, as well as bar-bend 

performance. There is also evidence that the tensile-to-yield strength ratio affects the 

spread of plasticity in reinforced concrete members and a low value of the ratio can 

produce higher strain concentrations in bars at cracks. Strain concentrations in the 

longitudinal reinforcement in turn can reduce member ductility and cause premature bar 

fracture.  



 3

Limited test data exists on the behavior of high-strength reinforcing steel in 

concrete structures. New experimental data is needed to assess the implication of using 

high-strength reinforcements in concrete structures and allow the relaxation of code 

restrictions on the strength of reinforcing bars. 

 

1.2  Objective and Scope 

At present, the vast majority or reinforcing steel used in concrete construction in 

the U.S. is Grade 60 (or having a specified yield strength of 60 ksi). In the last decade 

however, advances in production capabilities have produced reinforcing bars of Grade 

80 through 120 with varying mechanical properties and chemical compositions. The new 

steel types are now spurring research efforts, including this study, aimed at introducing 

higher strength reinforcement into design codes and construction practice. While high-

strength steel properties can have numerous effects on the behavior of concrete 

members, of particular concern in this study are the effects of high-strength 

reinforcement on shear strength, plasticity spread, and strain demands on longitudinal 

and transverse reinforcement.  In this study, high-strength steel refers to reinforcing steel 

having a yield strength of 80 ksi or more. 

Two columns satisfying most of the provisions of ACI 318-11 for Special 

Moment Resisting Frames were tested under constant axial load and cyclic lateral 

loading until loss of axial strength. One column had Grade 60 longitudinal and 

transverse reinforcement satisfying ASTM A706 specifications. The other column had 

Grade 80 longitudinal and transverse reinforcement satisfying ASTM A706 

specifications. The goal of this study was to assess the behavioral implications of using 

higher strength reinforcement on the seismic behavior of concrete columns. More 
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specifically, the experimental program was developed to investigate the shear 

performance of columns reinforced with high-strength steel. The columns were designed 

to impart large demands on the transverse reinforcement. Columns had large shear 

stresses generated by a high longitudinal reinforcement ratio, and large confinement 

demands generated by a relatively large compressive axial load.  

 

1.3  Organization 

Chapter 2 presents relevant background information related to high strength 

reinforcing steel in concrete construction. Chapter 3 describes in detail the experimental 

program, from design to fabrication of the specimens, instrumentation and the test 

procedure followed. In Chapter 4, measured quantities of loads, deformations, and 

strains are reported and discussed. The behavior of the two columns are compared in 

Chapter 4 and conclusions are drawn about behavioral implications of using high-

strength reinforcing steel in concrete columns. In Chapter 5, a summary of the research 

findings and conclusions is provided, along with recommendations for future research. 

In addition to the main body of this thesis, appendices covering more details about the 

column design, analysis, detailing, and data reduction are attached. 
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2 LITERATURE REVIEW 

 

2.1  Introduction 

This chapter provides an overview of the existing experimental research 

conducted on the usage of high-strength steel in reinforced concrete members. High-

strength steel is defined in the study as steel having a yield strength of 80 ksi or more. 

Experimental work carried on columns reinforced with high-strength steel was of 

particular interest, although very few such tests were found. While the main focus was 

on columns, results from experimental work conducted on beams were also included in 

the discussion, as many issues are similar for both member types. It should be noted that 

most research on high-strength steel reinforcement has been conducted in the last 15 

years in Japan with SD685 steel, Europe with SAS 670 steel, and with ASTM A1035 

steel in the U.S. The steel bars used in this experimental program, however, are new and 

have been in production for less than five years. The new steel matches the mechanical 

properties of the Japanese SD685 steel and has different mechanical properties over 

ASTM A1035 steel, namely it has higher ductility and a well-defined yield plateau.  The 

literature review contains relevant information from studies conducted in other countries 

where high-strength reinforcing bars (HSRB) are available.  
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2.2  ACI Building Code 318 Limits on Steel Strength 

Grade 60 reinforcement satisfying ASTM A615 or A706 has been the primary 

reinforcement used in concrete construction in the U.S. since the 1970s. However, the 

use of high-strength steel for gravity systems was evaluated by several researchers since 

the 1930s. The 1956 version of the ACI building code 318 set the yield strength limit on 

reinforcement at 60 ksi, stating: “Stress in tensile and compressive reinforcement at 

ultimate load shall not be assumed greater than the yield point or 60,000 psi, whichever 

is smaller.” (ACI, 1956). In the 1963 revision of the code, the limit on yield 

reinforcement was set at 60 ksi for tension reinforcement and 75 ksi for all other steel, 

even though some research had demonstrated the effectiveness of higher strength steel 

bars. In 1934, Richart and Brown conducted tests on members with longitudinal 

reinforcement having yield strengths of 72 ksi and 96 ksi, They concluded that the 

reinforcement used was fully effective under axial loading (Richart and Brown, 1934). 

This research set the benchmark for the 80 ksi limit for gravity frames introduced in the 

1971 version of the ACI 318 code with this statement: “this steel strength is about equal 

to the ultimate strain in concrete multiplied by the modulus of elasticity of steel” (ACI 

318, 1971). In 1962 a study performed by Burns and Siess demonstrated the need for 

higher ductility in the reinforcement for the concrete members to withstand deformation 

demands. Similar conclusions were obtained by Todeschini et al. in 1964 that 

demonstrated the effectiveness of steel with yield strengths of up to 90 ksi in 

eccentrically loaded columns. More tests were conducted by the Portland Cement 

Association (PCA) in the late 1950s and 1960s (Hognestad, 1961; Hognestad, 1962; 

Gaston et. al., 1962; Pfister et. al., 1963; Pfister et. al., 1964; Kaar et. al., 1965; Kaar, 
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1966). More recent tests include research carried on high strength steel satisfying ASTM 

A1035 during the 2000s. 

The 2011 version of the ACI 318 building code maintains most of the limits on yield 

strength as the 1971 version. An 80 ksi yield strength is set as the upper limit for gravity 

systems, except that a 60 ksi is applied for shear design. For seismic applications, the 

limit on yield strength is set in ACI 318-11 at 60 ksi. Grade 100 steel is only allowed 

when designing confinement reinforcement. 

 

2.3  High-Strength Steel Reinforcement 

2.3.1 PRODUCTION METHODS 

The earliest attempts at increasing the yield strength of reinforcing bars included 

the increase in carbon and manganese content. This usually results in an increase in 

yield strength but a reduction in elongations at fracture. Three main methods of 

strengthening steel reinforcement are currently used: cold working, micro-alloying, and 

quenching and tempering. Each of these methods is described briefly below. 

 

 Cold Working 

Cold working is the method used to strengthen a metal by plastic deformation. 

The strengthening occurs due to additional dislocations and movements generated within 

the crystal lattice of the material. When two or more of these internal dislocations meet, 

the movement results in resistance to plastic deformations, which in return contribute to 

the gain in strength. This affects the ductility of the material as it limits the deformation 

capacity. Cold working also eliminates the yield plateau. This method may result in an 

increase in the yield strength, but it reduces both ductility and the ratio of tensile-to-
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yield (T/Y) strengths. For these reasons, this method is not used in producing high-

strength steel bars for seismic applications. 

 

 Micro-Alloying 

Micro-alloying is the process of producing high-strength steel by adding small 

amounts of vanadium (V), titanium (Ti), or niobium, (Nb) to form a “solid solution”. 

Micro-alloying takes advantage of two strengthening mechanisms: precipitation and 

grain refinement. Precipitation strengthening occurs when precipitates inhibit dislocation 

motion though the matrix. The “solid solution” formed through micro-allowing includes 

carbides, nitrides, or carbonitrides, which contribute to strength by restricting the 

movement of either dislocations or interfaces. Grain-boundary strengthening occurs 

when planar defects are pinned in the crystalline lattice, impeding the movement of 

grains past each-other. The finer the grain size, the more resistance to movement is 

generated, achieving higher yield strengths.  

Titanium micro-alloying contributes to precipitation strengthening. Titanium, 

however, has a strong tendency to combine with oxygen, sulfur, and nitrogen, which 

makes it difficult to control the strengthening effects.  

Niobium micro-alloying is produced in low temperature controlled rolling, which 

results in poor bendability and lower toughness. Reinforcement production requires 

higher rolling temperatures and less deformation.  

Vanadium-nitrogen micro-alloying is considered the most advantageous method 

in producing high strength rebar. Vanadium is a strong carbide former and vanadium 

carbide precipitates have the highest austenite solubility compared to niobium and 

titanium (Gladman, 1997). Vanadium additions increase yield strength due to grain size 

refinement and precipitation of carbides and nitrides. Precipitation of second phase 
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particles within the grain’s crystal lattice impedes the movement of dislocations 

throughout the grain. This makes the resulting dislocations move around the precipitates 

or through them. Addition of nitrogen (and carbon) fixing elements in sufficient 

amounts can improve the precipitation strengthening resulting from vanadium content. 

Another advantage of vanadium-nitrogen micro-alloying as it eliminates the adverse 

effects of strain aging on properties of steel (Caifu, 2010; Erasmus and Pussegoda, 1978; 

Restrepo-Posada et al., 1994). 

Alloyed bars, particularly those produced with Vanadium, have a relatively large 

T/Y ratio, on the order of 1.2 to 1.4 for Grade 100 bars. At Grade 100, however, the 

fracture elongation of alloyed bars ranges from 9 to 14% and can be lower than that of 

tempered and quenched bars. 

 

 Quenching and Tempering 

Quenching produces high-strength bars from inexpensive carbon steel. This 

process consists of rapid cooling of the steel, which had been heated to the austenitic 

phase. After quenching, the temperature at the core of the bar remains relatively high 

and self-tempers the bar. This modifies the microstructure and decreases the hardness 

while increasing the ductility of the material. Resulting bars have a softer more ductile 

center, and a harder more brittle shell. Tempering and quenching typically produces 

large gains in yield strength but relatively modest gains in tensile strength. Therefore the 

T/Y ratio of such bars can be relatively low and on the order of 1.10 to 1.15 for Grade 

100 bars. On the other hand, the fracture elongation of tempered and quenched bars 

tends to be larger than that of micro-alloyed bars. 

 



 10

2.3.2 AVAILABLE HIGH-STRENGTH STEEL BARS IN THE U.S. 

The main reinforcing steels in production in the U.S. are: 

1. ASTM A615 Grades 40, 60, 75, 80 

2. ASTM A706 Grade 60 and 80 

3. ASTM A1035 Grades 100 and 120 

4. New Grade 80 and 100 steel produced mainly using quenching and tempering 

5. New Grade 80 and 100 steel  produced mainly using micro-alloying 

 

In addition, the U.S. market has access to the following internationally produced 

high-strength steel bars: 

1. SAS 670 

2. Japanese SD685 

 

Several U.S. manufacturers can currently produce reinforcement with yield 

strengths as high as 120 ksi. However, Grade 60 steel remains the most widely used 

grade to this day. Bars satisfying ASTM A615 specifications must meet minimum yield 

strength, minimum ultimate strength, and minimum fracture elongation requirements. 

For bars to satisfy ASTM A706 specifications, they need to satisfy similar requirements 

as A615 bars with the addition of having a maximum tensile strength limit, larger 

minimum fracture elongation limits, and chemistry requirements for welding. ASTM 

A615 and A706 were revised in 2009 to include Grade 80 steel. Fracture elongation 

requirements for Grade 80 bars are set in both specifications lower than for the Grade 60 

bars, yet the requirements are higher than 10% for all bar sizes. The use of Grade 80 

reinforcement has been increasing steadily since its introduction in the ASTM 
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specifications. ASTM A1035 bars, which exhibit round-shaped stress-strain relations 

and improved corrosion resistance, have been gaining usage recently, especially where 

corrosion of reinforcement is a concern. ASTM A1035 bars have a high tensile-to-yield 

strength (T/Y) ratio (~1.3 to 1.5) but a relatively low minimum fracture elongation 

specified at 6 or 7% in the A1035 specifications.  

The New York City Department of Buildings has allowed the usage of ASTM 

A1035 and the German steel SAS 670 to be used for high-rise buildings but only as 

column reinforcement. SAS 670 steel has a yield strength of 670 MPa (97 ksi) and 

exhibits a bilinear stress-strain relations with a relatively low post-yield hardening 

behavior with a T/Y ratio of about 1.1, and ultimate elongations on the order of 5%. 

(Falkner et. al., 2008). 

The Japanese SD 685 bars have a specified yield strength of 685 MPa (~100ksi), 

a well-defined yield plateau and relatively large T/Y ratios and fracture elongations. SD 

685 bars are therefore suitable for use in high-seismic regions or where large ductility is 

needed. SD 685 are currently used in limited construction jobs in the U.S. where there is 

a need for their ductile properties. 

In the last two years, U.S. reinforcing steel manufacturers have started producing 

new bars with yield strengths exceeding 80 or 100 ksi. Two main production methods 

are used to produce the new bars: tempering and quenching, and micro-alloying. These 

bars do not have ASTM specifications yet. 
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2.4  High-Strength Steel Reinforcement – Structural Considerations 

An increase in steel strength in reinforcing bars is associated with an increase in 

the strain at yield, and often with a reduction in the tensile-to-yield strength ratio, the 

fracture elongation, and the length of the yield plateau (Figure 2-1). The implications of 

the mechanical properties of the high-strength steel on the behavior of reinforced 

concrete members are discussed in this section. 

 

 

 
Figure 2-1: Typical stress-strain curves for steel with different strength (Aoyama, 2001) 
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2.4.1 DETAILING 

Bars with higher strength require longer straight, hooked, or even headed 

anchored development lengths. Such increases in required lengths may influence 

member dimensions and steel congestion in splice regions. 

Bars with higher strength steel resist more load for a given bar size than bars 

with lower strength steel. Higher loads for the same cross-section increase the likelihood 

that high-strength bars will buckle unless sufficient restraint is provided by transverse 

reinforcement in accordance with their strength. Transverse reinforcement placed around 

longitudinal bars in concrete members restrain those bars from buckling during reversed 

cyclic loading. Restraint effectiveness depends on the spacing and the area of the 

transverse reinforcement provided as well as the absolute strain experienced by the 

longitudinal bars (Tanaka, 1990; Restrepo-Posada 1992; Moyer and Kowalsky, 2003). 

Absolute strain is the difference between the maximum tensile and compressive strain in 

a longitudinal bar during cyclic loading. As the use of high-strength longitudinal bars is 

explored, the re-evaluation of the maximum permitted spacing and minimum cross-

sectional area of transverse reinforcement may need to be re-evaluated. 

Increasing the strength of steel bars usually results in a relatively short yield 

plateau, if any. The steel specified in ASTM A1035 has rounded stress-strain relations 

with no defined yielding point. The presence of a yield plateau can be consequential on 

strength estimates and deformation capacity of concrete members (ACI ITG-6R, 2010).  
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2.4.2 CRACK WIDTH 

Higher yield strength reinforcing bars may lead to higher steel strains at service 

load conditions, resulting in wider cracks and larger deflections. This can be critical if 

aesthetics and corrosion prevention are important design requirements.  

Limiting concrete crack widths was a concern in the early 1960s when the yield 

strength limit on reinforcing bars was raised from 40 ksi to 60 ksi. This raise in yield 

strength led to higher stresses in the bars at serviceability loads. Tests on beams 

performed by Hognestad (1961) showed that “Both maximum and average crack widths 

are essentially proportional to reinforcing steel stress.” Based on Hognestad’s 

conclusions, the American Concrete Institute decided that the use of 60 ksi 

reinforcement would result in reasonable stresses to control cracking (ACI 318, 1963). 

Maximum allowable crack widths were assigned explicitly in the 1971 version of the 

code (ACI, 1971), to remain practically unchanged until the latest versions: 0.016 in. for 

interior exposure and 0.013 in. for exterior exposure. In the recent versions of the code, 

ACI, 2011) the crack-width is limited through a factor ‘z’ instead of being given an 

explicit upper bound limit. Several equations have been introduced in predicting crack 

width and spacing (Kaar and Mattock, 1963; Gergely and Lutz, 1968; Forsch, 1999). All 

the models relate crack width to stress in the reinforcing steel, being that stress and 

strain are related at the service through the modulus of elasticity. Thus, all these 

equations would predict a proportionally larger crack width at service loads for higher 

yield strength reinforcement. Gergely suggests that “the only reason to limit surface 

cracks in most structures is appearance”, as the total amount of corrosion is influenced 

little by the crack width (Gergely, 1981). Forsch suggests a 1/3 increase in crack width 

limitation (0.021), considering this “acceptable”. He goes on to show that this limit can 

work for Grade 75 reinforcement at several cover widths, provided that it is detailed for 
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the right spacing of stirrups (Forsch, 1999). Tavallali et. al., (2014) came to similar 

conclusions when testing beams reinforced with Grade 97 steel bars: “At 60% of the 

nominal flexural strength (chosen as service load), maximum crack widths in RC beams 

reinforced with Grade 60 steel bars were smaller than in RC beams reinforced with 

Grade 97 bars. In reinforced concrete beams, crack widths were observed to be 

proportional to the specified yield strength of the longitudinal reinforcement.” 

Crack widths are limited by codes for two main reasons: aesthetics and to 

increase durability by lowering corrosion risks. A reasonable increase in the crack width 

limit, as suggested by Forsch, could account for the increase in yield stress. 

 

2.4.3 STIFFNESS 

Several models have been proposed that provide an effective stiffness for cracked and 

un-cracked concrete members (e.g.,  Paulay and Priestley, 1992; Priestley, 2003; Ghannoum 

and Moehle, 2012; Elwood and Eberhardt, 2009). Member stiffness relations were often 

derived based on experimental evidence by drawing a secant that intercepts the global force-

deformation relation at a desired load level. Typically, the effective stiffness is evaluated at 

“first yield” (or at first significant inelastic deformations), and is broken down into its 

components as described in Equation 1. 

∆y = ∆FL-y + ∆SH-y + ∆BS-y    (1) 

where ∆y is the total lateral deformation at “first yield”; ∆FL-y is the flexural deformation; 

∆SH-y is the shear deformation; and ∆BS-y is the bar-slip deformation. 

The flexural stiffness of a column is mostly influenced by the cross-sectional 

dimensions, the concrete strength, the level of cracking, and the amount and layout of 
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the longitudinal steel. When using higher strength steel, less steel is used to achieve 

equivalent flexural strength, which can lead to a smaller post-cracking flexural stiffness. 

Tavallali et. al. (2014) performed tests on seven beam specimens, three of which 

had Grade 60 longitudinal reinforcement and four others with Grade 97 (SAS 670 steel). 

The transverse reinforcement used was Grade 60 for all specimens. The concrete 

compressive strength was 6 ksi in all cases.  Dimensions and reinforcement layout were 

chosen so that the maximum induced shear stress approached  (in psi units). All 

beams successfully completed the loading protocol and exhibited stable hysteretic 

response up to 5% drift. After this point, the specimens were pushed monotonically to 

failure and all of them attained drift ratios exceeding 10%. The unloading stiffness of 

reinforced concrete beams with Grade 60 steel was nearly 20% higher than that of 

beams with Grade 97 steel. 

 

2.4.4 SHEAR 

The shear behavior of reinforced concrete members is not well understood and 

calculations of shear strength vary significantly among different code approaches 

(Hassan et. al., 2008). The main concern when it comes to the use of high strength 

reinforcements is whether the induced high stress levels may cause excessive cracking in 

the concrete, leading to degradation of the shear resistance provided by the concrete. 

Ou et. al. (2012) conducted shear tests on column specimens reinforced with 

high-strength steel under varying axial load ratios 10% and 20% (axial load ratio = P/Ag 

f’c where P = axial load, Ag = gross sectional area, f’c = concrete compressive strength). 

The longitudinal reinforcement used had a yield strength of 100 ksi while the transverse 

reinforcement had a yield strength of 115 ksi. Ou et. al. concluded: “Test results showed 
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that all of the specimens had shear failure mechanism indicated by the development of 

diagonal shear cracks during the testing. The maximum strength did not occur at the 

same time with the yielding of the transverse reinforcement. Thus, the maximum stress 

of shear reinforcement in design should be limited.” Ou et. al. recommended 87 ksi as 

the stress limit in the shear reinforcement. This conclusion followed the one by Sumpter 

et. al. (2009). In a later publication, Ou and Kurniawan (2014) compared the ACI 

strength calculations to the measured strength of eight specimens they tested. The 

concrete columns were reinforced with longitudinal reinforcement having a measured 

yield strength of 106 ksi and transverse reinforcement with measured yield strength of 

125 ksi. The ACI simplified shear strength equation lead to conservative estimates of 

diagonal cracking strength for all tested columns. The detailed ACI 318 shear-strength 

equations yielded un-conservative prediction of diagonal cracking strength for all 

specimens. 

Hassan et. al. (2008) tested six large-size concrete beams reinforced with either 

conventional Grade 60 ASTM A615 steel, or ASTM A1035 high strength steel. In those 

tests failure resulted by crushing of the diagonal concrete strut at larger drifts for the 

high-strength steel specimens.  

Aoyama (2001) reported results on many shear tests conducted in Japan using 

high-strength reinforcement. Columns and beams were tested to determine shear 

strength for earthquake resistance. Transverse reinforcement with yield strength of 60 

ksi, 135 ksi and 160 ksi were used in the experimental program. Aoyama (2001) 

concluded that measured shear strengths indicated that using higher strength-smaller 

diameter bars is less effective than lower strength-larger diameter bars.  
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2.4.5 ANCHORAGE AND BAR-SLIP 

When using higher strength bars, smaller diameter reinforcing bars are often 

provided. Higher bond demands are required for higher-strength steel while the bond 

strength is reduced as the bar diameter is decreased. This can lead to larger deformations 

due to bar-slip or bond failure between the reinforcing steel and the surrounding 

concrete.  

Harries et. al. (2010) performed test to evaluate the bond and anchorage of high-

strength reinforcing steel. Number 4, 5 and 8 rebar with yield strength of 100 and 125 

ksi were tested. They concluded that “the ACI requirements for both straight bar 

development and hooked anchorage tension development may be extended to develop 

bar stresses of at least 125 ksi for concrete strength up to 10 ksi provided adequate cover 

and confinement are provided.”  

When using high strength steel, greater bar strain and slip will take place before 

yield development of the bar. Confinement reinforcement is critical in controlling the 

longitudinal splitting failure driven by the displacement of the bar lugs. 
 

2.4.6 DUCTILITY AND PLASTICITY SPREAD 

Increasing the yield strength of steel often results in lower maximum elongation 

being reached before fracture. The loss is more pronounced when techniques for 

achieving higher strengths rely on the addition of carbon to the chemistry. Replacing 

carbon and manganese with vanadium results in higher strengths being achieved and 

limits the reduction in fracture elongations.  

In general, the use of high-strength reinforcement reduces member stiffness and 

increases elastic deformations before the onset of yielding. Moreover, the shape of a 

reinforcement’s stress- strain curve influences the spread of plasticity within a plastic 
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hinge region. The presence of a yield plateau, the ratio of tensile-to-yield strength, and 

the total elongation at fracture are all important properties that promote the spread of 

plasticity and maintain strength through large inelastic rotations.  

Ductility capacity is a major concern in seismic applications. The ultimate lateral 

drift, ∆u, defines the ductility capacity of a concrete member. ∆u depends on the type of 

failure experienced by a member (i.e., hoop fracture, bar buckling, bar fracture, etc …). 

Typically, inelastic deformations are estimated through deformations of idealized plastic 

hinges that are given a length (lp*) and an ultimate curvature (ψu*) at which failure is 

considered to occur. Often, the behavior of plastic hinges is idealized as a plastic hinge 

with constant inelastic curvature. Failure occurs when an associated limiting ultimate 

curvature is reached. Member drift capacity is then estimated by adding inelastic lateral 

drifts to elastic drifts (Δy) by integrating a constant curvature (difference between 

curvature at elastic limit and the ultimate curvature = ψu*-ψy) over the specified plastic 

hinge length (lp*) (Eq. 2). 

∆u = ∆y + lp*(ψu*-ψy)(l-lp*/2)  (2) 

Several models have been proposed to estimate plastic hinge length and the associated 

ultimate curvature at failure (e.g., Corley, 1966; Priestly et al, 1996; Mendis, 2001; Bae 

and Bayrak, 2008). Some models specify an ultimate concrete compressive strain from 

which an ultimate curvature can be calculated based on sectional analysis (e.g., Baker 

and Amarakone, 1965, Corley, 1966; Priestly et al, 1996). All these models have been 

calibrated with tests carried on concrete members reinforced mostly with conventional 

Grade 60 steel and it is uncertain if the general behavior remains the same or if 

equations introduced in these models can be applied to members reinforced with high-

strength steel. 



 20

Relatively few tests have been carried out to assess plasticity spread in members 

reinforced with high-strength steel. Twenty-seven small-scale columns with two 

different reinforcing steel properties were tested cyclically in single curvature by Macchi 

et.al. (1996). The first type of steel used, named A8, had a yield strength of 87 ksi, a T/Y 

ratio of 1.1, and uniform elongation of 0.08. Uniform elongation is the strain at peak 

stress. The second type of steel used was Fe steel, with a yield strength of 86 ksi, a T/Y 

ratio of 1.4, and a uniform elongation of 0.11. Specimens with varying cross sections 

and longitudinal and transverse reinforcement were tested under three different loading 

protocols. Applied axial loads varied from 0 to 16% Agf’c (where Ag = gross sectional 

area; f’c = concrete compressive strength). In all cases, failure was observed due to 

longitudinal bar fracture. Specimens reinforced with A8 steel failed before completing 

the target loading protocol. In contrast, concrete columns reinforced with Fe steel failed 

past the loading protocol in all cases. The authors concluded that premature failure of 

columns reinforced with A8 steel was mainly attributed to strain concentrations in 

longitudinal reinforcement and limited plasticity spread. They found strain hardening, or 

the T/Y ratio, to have a larger effect on the overall behavior of the members than bar 

fracture elongation values.  

Similar tests were reported by Aoyama (2001) on beams. Two different types of 

reinforcing steel were used in the study. The R90 steel had a relatively low T/Y ratio of 

1.1, and the CR75 steel a higher T.Y ratio of 1.33. Conclusions of this study were 

similar to those delivered by Macchi et. al.. Failure occurred at an earlier loading stage 

in the beams with the steel having a low T/Y ratio due to bar fracture. These failures 

were again attributed to strain concentrations. Bars fractured at a 5% lateral drift ratio, 

while reversing into tension. The authors concluded that a lower tensile to yield ratio 

results in a substantially larger bar strain for the same deflection.  
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Rautenberg (2011, 2012, 2013) reported tests on columns reinforced with steel 

satisfying ASTM A1035. The steel used had a yield strength of 120 ksi but no defined 

yield point, thus no yield plateau. These columns lost significant lateral-load capacity at 

drift ratios of 4%. Rautenberg (2011) concluded that tests reinforced with high-strength 

steel without a yield plateau “have smaller drift capacities than columns reinforced with 

A706 60-ksi steel reinforcement with a yield plateau. The difference in drift capacity is 

attributed to the difference in the shape of the stress-strain curves, which leads to 

differences in the distribution of curvature”. Additional comparative tests were reported 

in 2013 (Rautenberg et. al., 2012, 2013). The type of high-strength steel used in this 

study was again A1035 for the longitudinal reinforcement. It was found that a decrease 

in drift capacity of 10-50% occurred when A1035 Grade 80 or 120 reinforcement was 

used compared with when A706 Grade 60 steel was used. 

Tavallali et. al. (2014) concluded from beam tests using SAS 670 longitudinal 

bars: “Replacing conventional Grade 60 longitudinal steel bars with reduced amounts of 

Grade 97 high-strength steel bars provided nearly identical flexural strength and did not 

decrease the usable deformation capacity.” 

Available test data has therefore demonstrated that reinforcing steel with higher 

values of T/Y ratio is preferred in seismic applications. Longitudinal bars with a 

relatively high T/Y ratio allow plasticity to spread farther in regions of yielding, which 

in turn reduces significantly the elongation demands on bars.  The presence of a yield 

plateau remains a significant issue as some research shows that its absence could result 

in a decreased drift capacity. Data is mixed on whether higher strength reinforcement 

reduces or maintains ductility capacity of concrete flexural members compared with 

Grade 60 A706 steel. 
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3 EXPERIMENTAL PROGRAM 

 

3.1  Introduction 

An experimental program was carried out at the University of Texas at Austin 

aimed at evaluating the seismic performance of concrete columns reinforced with high-

strength steel. More specifically, this experimental program was developed to 

investigate the shear performance of columns reinforced with high-strength steel. As 

mentioned in Chapter 2, the ACI 318-11 design code limits the yield strength that can be 

used in transverse reinforcements to 60 ksi. The limit was imposed due to concerns 

about higher yield strains in higher strength steels generating larger concrete cracks and 

possibly weakening the shear transfer mechanisms in the concrete.   

To address those concerns, two full scale columns were designed, constructed, 

and then tested at the Ferguson Structural Engineering Laboratory of the University of 

Texas at Austin. These specimens are labeled as CS60 and CS80, each referring to the 

grade of reinforcement used, Grade 60 and 80. Longitudinal and transverse steel in each 

column were of the same grade and all steel satisfied ASTM A706 specifications. 

Columns were designed to have a ductile behavior and yield in flexure prior to any other 

failure mode occurring. Columns were designed to impart large demands on the 

transverse reinforcement. Columns had large shear stresses generated by a high 

longitudinal reinforcement ratio and large confinement demands generated by a 

relatively large compressive axial load. Imposed shear stresses were high enough to 

have hoop design be governed by shear and not confinement requirements.  
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Both columns were designed to have almost identical flexural capacity and 

associated shear demands. Both columns had the same number, spacing, and layout of 

longitudinal and transverse reinforcement. The only difference was that column CS80 

had higher strength bars that were one size smaller than those of column CS60. In this 

way, the only parameter that was different between the two columns was the strength of 

the steel. Columns were cast using regular strength concrete with a specified 28-day 

compressive strength of 4000 psi. This study was not intended to investigate the 

interactions between high-strength concrete  and high-strength steel. The test setup and 

column CS80 are shown in Figure 3-1. 

 

 
 

Figure 3-1: Column CS80 during testing 
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3.2  Specimen Design 

The experimental program consisted of testing under quasi-static reversed cyclic 

loading two full-scale geometrically identical columns. Both columns were designed to 

have almost identical flexural strength and associated shear demands. Columns satisfied 

most of the seismic provisions for Special Moment Frames of ACI 318-11. One design 

goal was to get the transverse reinforcement to be governed by shear requirements. This 

lead shear stresses to exceed the  (f’c = concrete compressive strength, psi units) 

limit imposed in the standard (ACI318-11). Hoop spacing was also one inch larger than 

the maximum allowed for confinement of the plastic hinge regions. Both columns were 

designed assuming an expected  concrete compressive strength of 4500 psi at the day of 

testing. See Appendix A for detailed design calculations. 

Column specimens had a clear height of 84 in. and cross-sectional dimensions of 

18x18 in., with a clear cover of 1.5 in. (Figure 3-2). The shear span-to-depth ratio (a/d 

ratio) was about 2.7 for both columns (where a = half the length of the column and d = 

the effective depth of the section measured from the centroid of the outermost layer of 

steel the compression face of the section). Columns framed into bottom and top end 

blocks in which the longitudinal bars were anchored using standard ACI 318-11 hooks 

(Figure 3-2; Figure 3-3 (a) and (b)). Columns did not contain any splices, as this was not 

part of the research goals. The columns were designed to be tested under symmetric 

double-curvature with zero rotations at the top and bottom footings.  

 
Figure 3-2: Typical cross-sectional view of specimens 
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Both columns had 12 longitudinal bars distributed evenly along all four faces 

(Figure 3-2). Column CS60 had 12 #10 longitudinal bars while column CS80 had 12 #9 

longitudinal bars. The transverse reinforcement at each level consisted of a perimeter square 

tie and two rectangular ties through the core spaced at 5.5 in. on center and satisfying ACI 

318-11 hoop definitions. All hoops were closed using 135° hooks. Since hoop design was 

governed by shear, which is constant over column height, hoops spacing was maintained over 

column height (Figure 3-3).  The longitudinal steel ratios  (ρl = ratio of area of distributed 

longitudinal reinforcement to gross concrete area perpendicular to that reinforcement, (ACI-

318, 2011)) and transverse steel ratio (ρt = ratio of area distributed transverse reinforcement 

to gross concrete area perpendicular to that reinforcement, (ACI-318, 2011)) are 

presented for both columns in Table 3-1. All longitudinal and transverse bars for both 

specimens were bent to current ACI 318-11 bend radii. Detailed construction drawings of both 

specimens can be found in Appendix A. 

 

 

Figure 3-3:  Side view of steel cage (a) and 3D view of a typical specimen (b) 

a b
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Table 3-1: Summary of column reinforcement 
 CS60 CS80 

Longitudinal 
reinforcement 

12 #10 12 #9 

ρl = 4.7% ρl = 3.7% 

Transverse 
reinforcement 

4legs #5 @5.5in 4legs #4 @5.5in 

ρt = 1.50% ρt = 0.94% 

Sectional analysis calculations were performed at the design stage and accounted 

for a compression load of 370 kips, while assuming a concrete compressive strength of 

4,500 psi. The resulting design axial load ratio was . The expected plastic 

moment strength (Mpr) for both columns was about 7,500 kip-in. with a corresponding 

peak shear demand (Ve) of 178 kips (Table 3-1). The expected peak shear stress (Ve/bd 

where b = width of section) was therefore  for both columns. As ductile column 

behavior governed by flexural yielding was intended in the tests, the shear strength of 

the column was designed to be larger than Ve/φ (with φ = 0.75 as per ACI 318-11). 

Therefore the steel contribution to shear strength (Vs) exceeded the ACI 318-11 limit of 

). The required area of transverse steel spaced at 5.5 in. to resist the peak factored 

shear force (Av, shear) is presented in Table 3-2 for each column. Likewise, the required 

area of transverse steel for confinement according to ACI 318-11 (Av, confinement) is 

presented in Table 3-2. As can be seen in the table, column designs required greater 

areas of transverse reinforcement for shear than for confinement. ACI 318-11 limits the 

transverse hoop spacing to ¼ of the smallest column dimension for confinement. The 

spacing of the transverse hoops provided exceeded that limit by one inch.  
Table 3-2: Sectional analysis results 

Specimen 
M

pr
  

(kip-in.) 

V
e
 

(kips) 

Required A
v
, 

confinement 

Required A
v
, 

shear 

Provided
A

v
 

Required 
A

v
, shear 

/A
v
, 

provided 

V
e
/ 

bd√f'
c 

(in psi 
units) 

CS60 7,500 177 0.72 0.94 1.24 0.76 9.6 

CS80 7,500 177 0.56 0.73 0.8 0.91 9.6 
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3.3  Material Properties 

3.3.1 CONCRETE 

Columns were cast upright in three stages. First the bottom footing was cast, then 

the column was cast and finally the top footing. The columns and footings had the same 

concrete mix design. The concrete was supplied by Texas Concrete Materials LTD, with 

a specified concrete compressive strength of 4000 psi and a seven inch slump. River 

gravel was used for coarse aggregates with a specified maximum aggregate size of ¾ in. 

Mix design quantities are presented in Table 3-3. The water-to-cement ratio was 0.44 for 

both columns. 

 
Table 3-3: Concrete mix design quantities 

Material Design Quantities 

Type 1 cement 388 lb/yd 

Fly ash 129 lb/yd 

Sand 1410 lb/yd 

¾” max. river 
gravel aggregate 

1790 lb/yd 

Water 29.8 gal/yd 
Water reducing 

agent 
26 oz/yd 

 

Following ASTM C39 procedures, cylinders were prepared for each cast, 

including footing casts (Figure 3-4). The cylinders used had a diameter of 4 in. and a 

length of 8 in. Cylinders were stored near their respective specimen to cure in the same 

environmental conditions. Concrete cylinders were left in plastic containers and covered 

with a plastic sheet for the same duration as formwork was left on the columns. Concrete 

cylinders were removed from the plastic containers the same day the formwork was 

removed. 
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Figure 3-4: Slump test and concrete cylinders 

 

Cylinder ends were ground smooth before being tested using a 400 kip Baldwin 

cylinder testing machine. Cylinder compression tests were carried out in accordance 

with ASTM C39 procedures. The applied loading rate was between  35 to 50 psi per 

second. Three cylinders were tested for each cast at 28 days and the same day the 

experiment was performed. Results of the compressive strengths at the day the columns 

were tested are presented in Table 3-4. The measured concrete strength was 12% higher 

for column CS80 than for CS60 at testing. 

 
Table 3-4: Concrete compressive strength at day of testing 

Cylinder 
# 

CS60 (psi) CS80 (psi) 

Column 
Bottom 
footing

Top 
beam 

Column
Bottom 
footing

Top 
beam 

1 3,880 3,880 5,880 3,910 4,120 2,040 

2 3,880 3,530 5,730 3,650 4,280 2,880 

3 3,740 2,720 5,750 4,790 4,020 3,590 

Average 3,830 3,380 5,790 4,180 4,140 2,840 
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3.3.2 STEEL 

The reinforcing steel was provided by Nucor Inc. Seattle. For the CS60 column, 

the reinforcement consisted of #10 and #5 bars, both satisfying ASTM A706 Grade 60 

requirements. The CS80 column had #9 longitudinal bars and #4 stirrups, both ASTM 

A706 Grade 80. Reinforcing steel coupons were taken from the same heat as the steel 

used in each specimen and tested in an MTS 550kip universal testing machine (Figure 

3-5). Footing reinforcement was Grade 60 and was not expected to be loaded beyond its 

linear elastic range during column testing. 

 

 

 

 

 

 

 

 

 

The UT Vision System (UTVS), a digital image correlation system developed at 

the University of Texas at Austin, was used to measure strains along the length of the 

steel coupons. An advantage of using an image-based system is that the full stress-strain 

behavior can be measured up to fracture of bars without risk of damaging measurement 

equipment.  

Table 3-5 summarizes material test results for steel bar coupons. Stress-strain 

curves for all bars, as well as additional information on each tension test can be found in 

Appendix A. 

Figure 3-5: Rebar tension test
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Table 3-5: Rebar tension test results 

Bar 
Size  Grade 

Yield Stress 
(ksi) 

Fracture 
Strength (ksi)

Uniform 
Elongation 

(%) 

Fracture 
Elongation 

(%) 

#10 
Gr 60 
A706 

67.3  95.1  10.018  19.0 

66.9  95.4  10.193  16.8 

67.6  94.3  10.221  19.0 

#9 
Gr 80 
A706 

78.8  106.2  8.735  14.1 

79.6  106.9  8.661  N/A 

79.1  106.8  8.992  17.6 

78.9  106.1  8.677  14.8 

#5 
Gr 60 
A706 

68.4  95.5  9.593  N/A 

68.6  96.1  9.493  15.5 

68.9  95.7  10.209  14.3 

68.3  95.7  10.18  13.5 

#4 
Gr 80 
A706 

84.3  110.9  8.705  11.8 

82.7  111.7  9.022  12.7 

84.0  111.8  8.828  12.0 

 

Both, grade 60 and 80 steel satisfy ASTM A706 requirements. In Table 3-6 key 

reinforcing bar material properties are presented. Figure 3-6 (a) and (b) present typical 

stress-strain curves from coupon tests for each bar designation used in test specimens. 

 

 
Table 3-6: Key reinforcing bar material properties averaged from three coupon tests per bar 

designation 

Bar size 
Steel 
Grade 

Yield 
Strength fy 

(ksi) 

Tensile 
Strength fu 

(ksi) 

Tensile to 
Yield 

Strength 
Ratio 

Uniform 
Elongation εu 

(%) 

Fracture 
Elongation εf 

(%) 

#10  Gr 60  67.3  94.9  1.41  10.4  18.3 

#9  Gr 80  79.1  106.9  1.35  9.0  15.9 

#5  Gr 60  68.5  95.8  1.40  10.0  14.4 

#4  Gr 80  83.7  111.4  1.33  8.4  12.1 
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Both grade 60 and 80 steel stress-strain curves had a similar shape, with a well-defined 

yield plateau. The grade 80 longitudinal bars had a relatively low yield and ultimate  

strengths for that grade, while the grade 60 bars had relatively high yield and ultimate 

strengths. Thus grade 80 longitudinal bars had a yield strength that was on average only 

18% larger than that of the grade 60 bars. The difference in tensile strength was even 

smaller, with grade 80 longitudinal bars having a tensile strength that was only 12.6% 

larger than that of the grade 60 bars. While there was some difference in the fracture 

strain of longitudinal bars (18% for grade 60 versus 14% for grade 80), the difference in 

uniform elongation (10.4% versus 9%) was smaller. Grade 80 bars had a shorter yield 

plateau. The differences between grade 80 and 60 transverse bars were similar to the 

Figure 3-6: Typical longitudinal (a) and transverse (b) reinforcement stress-strain curves

a) 

b) 
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longitudinal bars although the grade 80 transverse bars had markedly higher yield and 

tensile strengths (Table 3-6). Transverse bars had relatively high ductility with the grade 

80 bars having  a uniform elongation of 9% and grade 60 bars having a uniform 

elongation of 10%.  

 
Figure 3-7: Typical longitudinal (a) and transverse (b) reinforcement normalized stress-strain curve 

 

Figure 3-7 (a) and (b) present typical bar stress-strain curves normalized by the 

yield strength of each bar. The plots in Figure 3-7 provide a direct comparison between 

the hardening slopes and tensile to yield ratios of the two grades of steel. These plots 

highlight the lower tensile to yield ratio of grade 80 bars compared with grade 60 bars. 

Overall, however, the differences in steel properties between the two grades were 

relatively small.  

a) 

b) 
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3.4  Specimen Fabrication 

Reinforcing bars were bent and partially assembled by a local fabricator in Buda, 

Texas. The steel cages were rigorously checked to assure that distances and dimensions 

were as specified in the drawings and corrected whenever discrepancies were observed.  

Columns were cast in an upright position in three stages, thereby simulating a 

typical construction sequence. The bottom footing and column cage were tied together 

and placed in steel forms (Figure 3-8). The bottom footing was cast first and care was 

taken to roughen the concrete surface at the interface with the column. The bottom 

footing was allowed to cure for several days before the column side forms were placed 

and the column cast. The top surface of the column concrete was also intentionally 

roughened. The concrete column was allowed to cure a few days before the bottom 

footing and column forms were removed and the top footing forms placed. The top 

footing cage was placed in the forms along with PVC pipes that created holes in the for 

attachment to the loading frame and for lifting. More than 28 days were allowed for the 

concrete to cure before testing. Table 3-7: Dates of each concrete cast provides the dates 

of each cast for both specimens. 

 
Table 3-7: Dates of each concrete cast 

   CS60  CS80 

Bottom footing  7/30/2013  5/1/2013 

Column  8/2/2013  5/6/2013 

Top footing  8/15/2013  7/10/2013 
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Figure 3-8: Casting process
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3.5  Test Setup and Procedure 

A picture taken during one of the tests illustrates the specimen in the test setup in 

Figure 3-9. The full-scale specimens were tested under symmetric double curvature with 

fixed rotation boundary condition at the top and bottom.  Specimens were post-tensioned 

to the strong floor using sixteen 1.25 in. diameter steel rods, which were stressed to a 

combined 800 kip force. The steel test frame was connected to the specimens through 

the top footings using eight 1.5 in. diameter steel rods, which were post-tensioned to 90 

kips each. Two pedestals were used at top and bottom of the column’s footings to fit the 

columns in the test frame and have the mid span of the column specimens  at the same 

elevation as the horizontal actuator. Grout was used between all contact surface concrete 

surfaces  to avoid stress concentration at the interfaces and facilitate specimen leveling.  

Three braces were used prevent out-of-plane movement of the steel test frame and test  

specimens.  

 

Figure 3-9: Test setup – Control system, DAQ, UTVS computers 
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Uni-directional quasi-static cyclic loading as well as a constant axial load were 

applied using three hydraulic actuators. The setup consisted of three MTS actuators each 

having a 215 kip capacity in tension and 330 kip capacity in compression. The two 

vertical actuators (Figure 3-9) applied a constant compressive load of 360 kips during 

testing. The estimated self-weight of the top footing, pedestal and hardware was added 

to the applied compression load from the actuators. The resulting compressive axial load 

was approximately 370 kips. The lateral loading protocol imposed by the horizontal 

actuator to both columns consisted of two lateral displacement cycles at increasing 

displacement increments selected per FEMA 461 recommendations (Table 3-8: Loading 

protocol). Both tests were carried in displacement control under small loading rates. A 

control scheme developed at Ferguson Structural Engineering Laboratory ensured that 

the steel test frame remained level during testing  and a constant axial load of 360 kips 

was maintained at all times 

 
Table 3-8: Loading protocol 

 
Two fully reversed cycles 

per drift level 

Load Stage  Drift Ratio 

1 0.20%

2 0.30%

3 0.40%

4 0.60%

5 0.80%

6 1.00%

7 1.50%

8 2.00%

9 3.00%

10 4.00%

11 5.50%

12 7.00%
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3.6  Instrumentation 

Columns were instrumented to measure the applied loads, deflections of the 

specimens, strains and crack widths on the  concrete surface, and strains in the 

longitudinal and transverse reinforcing steel. In both tests redundant instrumentation was 

used for measuring specimen lateral drifts. Two linear potentiometers were used to 

measure column lateral drifts. The UT Vision System, was used to measure column 

surface deformations from which surface strains and crack widths were obtained. The  

vertical movement of the steel frame at the point of connection with the horizontal 

actuator was also measured using a Linear Voltage Displacement Transducer (LVDT). 

Data from this LVDT was used to triangulate the vertical position of the horizontal 

actuator when evaluating system force equilibrium.   

Strain gauges were installed both on the longitudinal and transverse 

reinforcement. Strain gauges were installed on transverse hoops in top and bottom 

plastic hinge regions as shown in Figure 3-10. Eight strain gauges were affixed to  four 

corner longitudinal bars at both ends of the column, at the interface with the footings 

where bar demands were expected to be highest (Figure 3-10). Additionally, strain 

gauges were affixed on corner longitudinal bars at three levels in the bottom footing to 

monitor strain penetration (Figure 3-10). In total, 52 strain gages with a 5 mm gauge 

length were installed in each column. The gauges used were selected for their ability to 

measure repeated strain reversals.  
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Figure 3-10: Strain gage layout and naming 

 

Strain gauge installation followed manufacturer recommended procedures. Steel 

bars were ground to achieve a smooth surface at the location of a gauge. Great care was 

taken not to reduce bar cross-section in the grinding process. The cleared surface was 

then treated by removing any grease or dirt and was lightly polished with an abrasive 

#120 paper and wiped with acetone. CN-Y (Cyanoacrylate) adhesive was used to glue 

the gauges to the bar. After allowing for curing time, the gauge was wrapped with 

several protective layers as seen in Figure 3-11: Strain gage installation process Figure 

3-11: Strain gage installation process. 
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Deformation data was mainly obtained from the UTVS, due to its comprehensive 

coverage and high accuracy. The system consists of two 16-MegaPixel cameras with 

low-noise CCD sensors (35 mm sensor format) (Figure 3-12). A software package 

utilizing the Matlab Image Processing Toolbox (Mathworks, 2014) and the NI Vision 

Development Module (National Instruments, 2014) was developed to track the location 

of user-selected sub-images (i.e., targets). The system tracks target locations in each 

recorded frame using a Digital Image Correlation (DIC) algorithm. A calibration 

procedure adjusts for lens distortion and provides the necessary extrinsic and intrinsic 

camera parameters for the three-dimensional triangulation of target locations. The 

UTVS tracks surface movements to a resolution on the order of 1/25th of a pixel for raw 

location data, and a 1/100th of a pixel after smoothing is applied to the location data. For 

example, for a field of view of 96 in. x 64 in., raw location resolution would be on the 

order of 96” / 4872 pixels / 25 = 8x10-4 in. and smoothed resolution 2x10-4 in. The 

system is therefore able to resolve surface strains on the order of 10-4 over a field of 

view of 96 in. and a gauge length of 2.5 in., which were the parameters used in this 

study. The UTVS recorded image frames at an approximate frame rate of 0.75 Hz during 

both tests.  

Figure 3-11: Strain gage installation process
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The Data Acquisition System (DAQ) recorded data from actuator load cells and 

LVDTs,  strain gauges, and other installed potentiometers. The DAQ system also 

recorded the image frame numbers of the UTVS. Using this information, DAQ and 

UTVS data were synchronized in post-processing. The two cameras of the UTVS were 

synchronized with each other through a device that triggered synchronous frame 

grabbing.  The computers shown in Figure 3-11 were used to control the test and gather 

the necessary data.  

 

Figure 3-12: UTVS cameras monitoring column surface deformations 
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Figure 3-13: Computer systems used to conduct tests 

 

 

 

 

 

 

 

 

 

 

 

Data Acquisition System Vision System 

Control System 
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4 TEST RESULTS AND ANALYSIS 

 

4.1  Introduction 

In this chapter, measured data are presented and analyzed to evaluate the 

performance of the tested columns and identify effects of high-strength steel on column 

behavior. Methods used to process the recorded data are also presented. 

 

4.2  Data Processing 

4.2.1 EVENTS IN DATA ACQUISITION 

In this chapter, behavioral milestones will be related to a frame number that 

represents a certain time at which the UT Vision System (UTVS) grabbed an image 

frame. UTVS frame data was synchronized with the data gathered by the data 

acquisition system (DAQ) (i.e., strain gauge, load cell, and displacement transducer 

data). Column CS60 had 21,239 frames recorded by the end of the test, while Column 

CS80 had 23,592. Due to the large number of data points gathered, the recordings from 

the UTVS  and DAQ were smoothed by applying a 15-point moving average. 

At the beginning of each test, the steel test frame was leveled such that its weight 

was fully carried by the vertical actuators. Strain and deformations were zeroed at that 

stage. Each test took two days to complete, thus the columns had to be unloaded and 

then reloaded. The unloading/reloading can be seen in the test data. In both tests, 

positive drift values imply movement of the columns to the right (or the South direction) 

in images recorded by the UTVS. In subsequent discussions, drift ratio refers to the 

lateral drift of a column divided by the column clear height (84 in.). 
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For Column CS60, the following events, which are reflected in the data, took 

place: at frame 6750, first cycle towards a drift ratio of -1.5%, the hydraulic system lost 

power and had to be reloaded; at frame 10005, second cycle towards a drift ratio of -

2.0%, the same problem happened but the power was restored in a short time and 

loading continued according to protocol; at frame 10852, end of the cycle to a drift ratio 

of +2.0%, the hydraulic system was shut down overnight. It is believed that these events 

did not affect the overall performance of the test significantly. Furthermore, at frame 

12438, towards the end of the cycle to a drift ratio of +3%, electrical voltage fluctuations 

rendered the pixel recordings after this point unreliable.  

For Column CS80, offsets due to electrical issues were observed only in the data 

recorded by the DAQ: at frame 6150, towards the first cycle to a drift ratio of +0.8%, 

and 20297, towards  the second cycle to a drift ratio of -5.50%, offsets occurred in the 

load cell readings but were recovered in a relatively short time. At frame 8921, end of 

the cycles to a drift ratio of 1%, the hydraulics were shut down for the test to be resumed 

in a second day.  

Strain gauges used  in both specimens had a maximum strain capacity of 10% 

and did not record strains beyond this limit.  

 

4.2.2 FORCES 

Applied column forces and moments were computed using large-deformation 

equilibrium accounting for the location and inclination of all three actuators. Details of 

force calculations can be seen in Appendix B.  
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4.2.3 DEFORMATIONS 

The lateral drift of the columns was obtained by averaging the horizontal 

displacements of all available targets on the top footing and subtracting from them the 

average horizontal displacement of all available targets on the bottom footing. While the 

bottom footing did not slide during the test, this procedure removed any footing 

deformations from the column deformation data. The UTVS was able to resolve footing 

deformations on the order of a 1/100th of a pixel, which is equivalent to 1/10,000th of an 

inch. Lateral drift ratios were evaluated by dividing lateral drifts by the column clear 

height of 84 in. 

Target displacement data from the UT Vision System were used to get rotations, 

curvatures, and deformation components over the height of the specimens (Sokoli et. al., 

2014). A linear regression line was fitted through each horizontal row of targets and 

rotations were computed at each frame as the change in the slope of this line with 

respect to the initial slope of the line prior to loading. Curvature profiles along column 

height were evaluated as the difference in angle of rotation between two rows divided by 

the measured distance between the rows. Flexural deformations were evaluated from 

target displacement values by integrating those curvatures over the height of the column. 

The slip of column longitudinal bars from adjacent members causes rigid body rotations 

of the column about the interface between the column and the adjacent members. Lateral 

drifts generated by bar slip at the level of each row of targets were derived by 

multiplying the rotation of the row of targets at column end by the height of the target 

row considered. Shear deformations along column height were extracted by subtracting 

the lateral drifts due to flexure and bar-slip from the total column lateral drift at each 

row of targets. The end result was the deconstruction of column deformations into three 

deformation components.  
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The surface targets arranged in a rectangular mesh were used as nodal points for 

bilinear-strain quadrilateral elements. Assuming that strains varied linearly between 

targets, the following element strain were calculated: the x-directional or horizontal 

strains (εx), the y-directional or vertical strain (εy), and the principal strains were 

determined (ε1 = largest principal strain and ε2 = smallest principal strain).  

 

4.3  Behavioral Milestones 

The damage progression in the column specimens is presented through the 

following major behavioral milestones: the first longitudinal reinforcement yield (FLY), 

the first transverse reinforcement yield (FTY), the first inclined crack (FIC), the first 

flexural crack (FFC), the peak lateral load (PLL), the initiation of lateral-strength loss 

(ILL), and the initiation of axial failure (IAF).  

The yield strains of reinforcing bars were determined from material tests 

presented in Appendix A. All bars exhibited a clear yield point. The measured yield 

strains were: 0.22% for all grade 60 bars, 0.27% for grade 80 longitudinal bars, and 

0.30% for grade 80 transverse bars. Yielding in longitudinal reinforcement was 

identified from strain gauges installed at the interfaces of the columns and footings 

where the demands were expected to be largest. First yielding of the transverse 

reinforcement was determined from UTVS data, as very few cracks passed through a 

location where a strain gauge was installed. First cracking was identified by monitoring 

surface strains and tie strain gauges for strain increases. Initiation of lateral-strength loss 

was taken as the point where the shear capacity of the column was exceeded by the shear 

demand and a sudden slip on the critical shear crack occurred.  
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The initiation of axial failure was taken as the point where the column could no longer 

carry the applied axial load, resulting in an increase in axial deformation, and a decrease 

in the axial load carried by the column. The described major milestones follow the 

labeling scheme indicated in Figure 4-1: Major milestones labeling and the respective 

quantities in Table 4-1. 

 

 

 

 

 

 

 

 

 

 
Table 4-1: Major milestones 

 

 

 

 

 
 
 
 

V = applied shear force; Δ = lateral drift ratio  
 
 
 

  CS60 CS80 

  
Frame 

# 
V 

(kips) 
Δ (%) 

Frame 
# 

V 
(kips) 

Δ (%) 

FLY 9085 164 1.6 9532 148 1.0 
FTY 12555 159 3.1 14856 -170 -2.0 
FFC 1478 -76 -0.3 3200 98 0.4 
FIC 2991 104 0.6 4613 101 0.6 
PLL 11416 176 2.9 11929 178 1.9 
ILL 19207 144 5.2 22354 -150 -4.6 
IAF 19262 135 5.8 22401 -112 -5.5 

Figure 4-1: Major milestones labeling
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4.4  Column Behavior 

4.4.1 LATERAL BEHAVIOR 

 CS60 

The lateral load versus drift ratio response of column CS60 is plotted in Figure 

4-2. This specimen was subjected to an axial force ratio of 0.29Agf’c (where f’c = 

concrete compressive strength at the day of test, and Ag = gross-sectional area). 

 

 
Figure 4-2: Response of Column CS60  

 

Prior to loading, there were no observed cracks on the column surface. The first 

flexural cracks for column CS60 were visible at the end of the -0.3% drift-ratio 

excursion (Figure 4-3a). The first inclined crack occurred when the column was 

displaced to drift ratio of +0.6% (Figure 4-3b). At this drift ratio, cracks at the interface 

between the column and adjacent members opened up. 
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Crushing of cover concrete in the plastic hinge region was observed at the end of 

the first cycle to a drift ratio of +1.5% (Figure 4-4a). First yield in the longitudinal 

reinforcement was identified from strain gauge readings as the column was pushed past 

+1.6% drift on its way to the first excursion to a drift ratio of +2.0%. During this 

excursion, the hairline cracks described earlier increased in size and several flexural 

cracks extended into inclined cracks. During cycles to a drift ratio of +2.0%, the width 

of horizontal cracks increased and more cracks formed closer to the column’s mid-

height. At the end of the first cycle to a drift ratio of +3.0%, the maximum applied 

lateral force was applied. Beyond that drift cycle, the lateral load diminished slightly, 

likely driven by second order axial load effects and the accumulation of damage such as 

concrete spalling. Yet column response remained stable and maintained axial load 

capacity past the two cycles to a drift ratio of  +5.5%. At a drift ratio of -3.0%, first yield 

in the transverse reinforcement was observed based on UTVS data (additional 

information about UTVS measurement for transverse reinforcement strain is presented 

in Section 4.7.1). Initiation of lateral-strength loss occurred immediately prior to loss of 

axial capacity at a drift ratio of 5.2% as the column was being pushed to the first 

excursion to a drift ratio of +7.0%. Initiation of lateral-strength loss is defined as a 

reduction in lateral load resistance accompanied with the opening of large shear cracks. 

First Flexural Crack 

(a) 

First Inclined Crack 

(b) 

Figure 4-3: CS60 cracking (a) first flexural crack; (b) first inclined crack 
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Column CS60 started losing axial capacity at a drift ratio of +5.8% as it was being 

pushed to the  first cycle towards  a target drift ratio of +7.0%. At initiation of axial 

failure, large shear cracks were present in the plastic hinge regions (Figure 4-4b). It is 

noteworthy that initiation of axial failure occurred very shortly after the initiation of 

lateral-strength loss (or initiation of shear failure) occurred. Beyond a drift ratio of 

+6.0%, the column was no longer able to resist the target axial load of 370 kips and that 

load was reduced gradually to 280 kips as the column was pushed to a drift ratio of 

+9.1%; where the test was stopped (Figure 4-4c). Even considering that the concrete 

cover spalled off over wide regions at both ends of the column, no buckling was 

observed in the longitudinal reinforcement up to the start of axial failure. As axial and 

shear degradations progressed, longitudinal bars buckled substantially (Figure 4-4c), yet 

no bar fracture (longitudinal or transverse) occurred. 

 

 

 

 

 

 

 

 

 

 

(a) (b) (c) 

Figure 4-4: CS60 (a) first spalling; (b) initiation of axial failure; (c) end of test 
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 CS80  

The lateral load versus drift ratio response of Column CS80 is shown in Figure 

4-5. This specimen was subjected to the same constant axial load of 370 kips as column 

CS60. The resulting axial force ratio for CS80 was 0.27Agf’c. 

 

 
Figure 4-5: Response of Column CS80 

 

There were no visible cracks on the column’s faces prior to loading. The first 

flexural cracks for column CS80 were visible at the end of the cycles to a drift ratio of 

+0.4% (Figure 4-6a).The first inclined cracking occurred when the column was 

displaced to drift ratio of +0.6% (Figure 4-6b). At this drift ratio, cracks at the interface 

between the column and adjacent members opened up and horizontal cracks were 

noticed around column ends. These relatively straight horizontal cracks, closed 

whenever pushed into compression. 
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Crushing of cover concrete in the plastic hinge region was observed at the end of 

the first +1.5% drift ratio cycle (Figure 4-7a). First yield in the longitudinal 

reinforcement was identified from strain gauge readings as the column was pushed past 

1.0% drift on its way to the first excursion to a drift ratio of +1.5%. During this 

excursion, the hairline cracks described earlier increased in size and several flexural 

cracks extended into inclined cracks. At the end of the first cycle to a drift ratio of 

+2.0%, the maximum applied lateral force was applied. Beyond that drift cycle, the 

lateral load diminished slightly, likely driven by second order axial load effects and the 

accumulation of damage such as concrete spalling. Yet column response remained stable 

and maintained axial load capacity past the two cycles to a drift ratio of  +5.5%, and the 

first cycle to a drift ratio of +7.0%. 

At a drift ratio of -2.0%, first yield in the transverse reinforcement was observed 

based on UTVS data. Initiation of lateral-strength loss (or shear failure) occurred just 

prior to loss of axial capacity at a drift ratio of -4.6% as the column was being pushed to 

the first excursion to a drift ratio of -7.0%. At initiation of axial failure, large shear 

cracks were present in the plastic hinge regions (Figure 4-7b). Beyond a drift ratio of -

5.5%, the column was no longer able to resist the target axial load of 370 kips and that 

load was reduced gradually to 230 kips as the column was pushed to a drift ratio of 

First Flexural Crack 

(a) 

First Inclined Crack 

(b) 

Figure 4-6: CS80 cracking (a) first flexural crack; (b) first inclined crack 
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+8.2%; where the test was stopped (Figure 4-7c). Even considering that the concrete 

cover spalled off over wide regions at both ends of the column, no buckling was 

observed in the longitudinal reinforcement up to the start of axial failure. As axial and 

shear degradations progressed, longitudinal bars buckled substantially (Figure 4-7c), yet 

no bar fracture (longitudinal or transverse) occurred. 

 

 

 

Similarly to Column CS60, CS80 initiated shear failure just prior to axial failure 

occurring. The failure mode observed in both columns was typical of a flexure-shear 

critical reinforced concrete column. This type of failure is accompanied by large shear 

cracks in the plastic hinge region (Figure 4-7c). Axial collapse occurred when the shear 

damaged area could no longer sustain the imposed axial load.  

 Comparison of Column Behaviors 

Although there are no set targets for satisfactory behavior, a stable response up to 

a drift ratio of 4% is generally considered to be a minimum  performance objective for 

collapse prevention at the Maximum Considered Earthquake (MCE) hazard level. Both 

specimens showed comparable lateral-load behavior and remained stable beyond two 

cycles at a drift ratio of 5.5% (Figure 4-8). The envelope of lateral-load versus drift 

response was very similar for both columns, as was the hysteretic behavior. The 

(a) (b) (c) 

Figure 4-7: CS80 (a) first spalling; (b) loss of axial capacity; (c) end of test 
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relatively high axial  load contributed to the columns maintaining lateral stiffness during 

the reverse cyclic loading. The closing of cracks due to axial load helped in this 

perspective and the loading-unloading curves didn’t show large softening even at large 

drifts. However, column CS80 reached most major behavioral milestones at earlier 

loading stages than column CS60 (Table 4-1). This was expected as higher grade of 

reinforcement translates into less area of steel used for the same strength, which pushes 

the higher strength steel to higher strains for the same applied load. Thus, first yield in 

both longitudinal and transverse reinforcement occurred earlier in the loading protocol 

for the CS80 specimen. First flexural and inclined cracking occurred at about the same 

drift ratios for both columns, which can be expected as steel reinforcement tends to have 

minimal impact on the first occurrence of concrete cracking. The crack patterns were 

also similar for both columns. Flexural cracks forming near the cover propagated 

towards the centerline of the columns turning into inclined cracks as loads increased. 

Most damage was concentrated at column ends within a distance from the interface with 

footings of roughly the column section depth. In this region, horizontal cracks in the 

direction of loading were also observed in both specimens. Starting at 4% drift 

displacements, these cracks opened up significantly, contributing to spalling. At these 

drifts, inclined cracks throughout the height of the columns were noticed. They remained 

relatively small until the point of initiation of shear failure when, in both specimens, a 

shear crack at the bottom of each column opened up. Demands on reinforcing bars and 

comparisons of crack widths will be discussed in greater detail in subsequent sections. 

The use of high-strength steel preserved the integrity of the concrete core at 

similar demand levels as the conventional grade 60 steel did. Mechanical properties of 

the reinforcement did not dictate major differences between the two specimens. Failure 

of specimens was not associated with any bar fracture.  



 54

 
Figure 4-8: Hysteretic response of both specimens 

Although the differences in the overall behavior between the two specimens 

were minor, specimen CS60 produced a slightly softer lateral response. CS60 had a 

6.8% lower secant-stiffness than CS80 at 70% of peak load. Both specimens reached 

almost the same peak lateral load (176 kips for CS60 versus 178 kips for CS80). From 

the design sectional analysis, column CS60 was expected to be 8.9% stiffer and 5.6% 

stronger than specimen CS80. The slightly weaker and softer response of CS60 may be 

partly attributed to construction imperfections. Figure 4-11 shows a cross-sectional view 

of the two specimens with the as-built locations of longitudinal bars overlaid. The figure 

shows the smaller steel cage of column CS60, which had the outer longitudinal bars 

spaced on average 0.6 in. closer in the direction of loading.  More details on sectional 

analyses are provided in Section 4.5.2.1. 

 

 

 

 
 
 
 
 

Figure 4-9: As-built cross-sectional view of the columns 

 

18 in. 

18 in. 

CS60 CS80 

Direction of loading 

On average, CS60 had a 
0.3 in. larger cover in the 
direction of loading. 
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4.4.2 AXIAL BEHAVIOR 

Axial deformations for both specimens were obtained from the vertical 

movement of targets on the top footing. Target coordinates prior to axial loading were 

used to define zero axial movement. As illustrated in Figure 4-10 and Figure 4-11, both 

specimens were subjected to a constant compressive force of 370 kips.  

 

 
Figure 4-10: CS60 applied axial load 

 
Figure 4-11: CS80 applied axial load 
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The axial deformations of the column specimens are plotted versus lateral drift 

ratios in Figure 4-12 and Figure 4-13. The axial deformation of specimen CS60 showed 

an initial shortening of 0.025 inches when the 370 kips axial load was applied. Column 

elongation due to flexural cracking was relatively small, reaching a maximum value of 

+0.02 inches. There were few unloading spikes from concrete crushing and spalling, 

which lead to a shortening on the order of 0.01 inches. There was no significant axial 

shortenings observed up to initiation of axial failure (Figure 4-12). At initiation of axial 

failure, CS60 unloaded by 32 kips to an axial load of 338 kips at which time the vertical 

actuator was halted. An attempt to return to higher levels of axial load lead to further 

crushing of the column. The axial load had to be dropped to 320 kips and then down to 

300 and 280 kips while the column was pushed further laterally. During this time the 

column reached its peak axial shortening by 1.2 inches. Unloading took place when the 

lateral strength dropped below 25% of ultimate. 

 

 

 
Figure 4-12: CS60 axial deformations 
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The axial deformation of CS80 specimen response during the test showed an 

initial shortening of 0.016 inches when the 370 kips load was applied. Column 

elongation due to flexural effects was relatively small, achieving a maximum value of 

0.05 inches. There were few unloading spikes from concrete crushing and spalling, 

which lead to a shortening on the order of 0.01 inches. There was no significant axial 

shortening observed up to initiation of axial failure (Figure 4-13).  Initiation of axial 

failure caused the specimen to unload by 18 kips before the movement of vertical 

actuators was halted. An attempt to restore the initial axial load lead to further crushing 

of the column. The axial load had to be dropped to 330 kips and then down to 285 and 

230 kips while the column was pushed further laterally. During this time the column 

reached its peak axial shortening of 0.9 inches. Unloading took place when the lateral 

strength dropped below 25% of ultimate.  

 

 

 
Figure 4-13: CS80 axial deformations 

 
 



 58

4.5  Deformations 

4.5.1 FLEXURAL RESPONSE 

The backbone lateral force versus lateral drift relations in the positive drift 

direction of both columns are presented in Figure 4-14. The backbone curves were 

generated by linking peak lateral force points at each drift target. The peak points 

occurred during the first cycle to each target drift level.  

The secondary effects due to the axial load (P) and drift (Δ) generated additional 

moments at column ends, which reduced the lateral load capacity as follows: 

 

 

 

Where, 

V = applied lateral load, Met = column top moment, Meb = column bottom 

moment, l = column length. 

The effective lateral load that would generate the measured moments at column 

ends without axial load effects, (V+PD), is also potted in Figure 4-14 (without PΔ 

curves). While the measured lateral load decreased with increasing lateral drift past a 

lateral drift ratio of about 2 to 3%, the effective lateral load, which is directly related to 

column end moments, showed a hardening response for both columns. The hardening 

slope of the effective lateral load is, however, noticeably larger than that of specimen 

CS80.  
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Figure 4-14: Backbone of specimens response with and without second order effects 

Figure 4-15 shows the moment versus curvature responses for both columns 

measured at drift targets, when reached during the first cycles. The experimental  

curvatures plotted were averaged from rotational data of the three bottom layers of 

targets. The experimental moments plotted are those measured at mid-height of the 

bottom three layers of targets . Sectional analyses were conducted using the analytical 

software OpenSEES (2000) to estimate the moment curvature response of each 

specimen. The measured material properties as well as the as-built reinforcement layout 

were used in producing the analytical moment-curvature relations. Confinement of the 

core concrete was accounted for according to relations by Mander (1988). 

 
Figure 4-15: Moment-curvature responses: measured versus sectional analyses 
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For the moment-curvature analyses, the concrete strength in Column CS60 was 

taken as 3.8 ksi, and that of column CS80 4.2 ksi. Using these quantities, the stress-

strain curves of unconfined concrete was generated using the Todeschini (1964) 

modified stress-strain relation. For the confined concrete, Mander et. al. (1988) relations 

were used to define concrete stress-strain relations. Appendix B presents the details of 

the derivations of stress-strain curves that are plotted in Figure 4-16. The concrete in 

specimen CS60 had a lower compressive strength resulting in a softer material response. 

The OpenSEES input files are provided in Appendix B 

 

 

 
Figure 4-16: Unconfined and confined concrete stress-strain relations 
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Based on moment-curvature analyses, by taking the secant stiffness, column 

CS60 was expected to be 8.9% stiffer (at 70% of peak load). Experimental results, 

however, indicated that Column CS60 was 6.8% softer than Column CS80. Overall, 

moment-curvature analyses predicted the response for Column CS60 with higher 

accuracy than for Column CS80, but showed limited error for both columns.   
 

4.5.2 DEFORMATION COMPONENTS 

The total lateral deformation (ΔT) of each column can be divided into three 

components: flexural (ΔFL), shear (ΔSH), and bar-slip (ΔBS) deformations (Figure 4-17).  

 

 
Figure 4-17: Concrete column deformation components 

The procedure of extracting each deformation component was described in 

Section 4.2. Deformation components exhibit an almost linear force-deformation relation at 

low demands and inelastic behavior at larger demands. Deformation components are 

sometimes coupled to the extent that one component entering the inelastic behavioral range 

may cause other components to exhibit an inelastic behavior. For example, as inelastic flexural 

deformations increase, so do shear deformations governed by expanding flexure-shear cracks. 

Such intricacies in deformation response of concrete members require deformation 

components to be measured along a member length if they are to be properly understood and 

modeled (Sokoli et. al., 2014).  
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4.5.2.1 Flexure 

Column curvatures measured between each target row show great variations 

from row to row due to discrete flexural cracking (Figure 4-18). When a flexural crack 

occurs between two target rows, the measured curvature increases substantially, while 

adjacent-row curvatures are reduced. To achieve smooth curvature profiles along 

column height, curvatures were calculated between intervals of four target rows, running 

from the top target layer down, and from the bottom layer up. From the bottom going 

up, the average over four layers was ran. In the second run, from the top target-layer 

going down, the average over four layers was taken. Finally, the curvatures and 

respective heights calculated by these two methods were averaged. Figure 4-18 and  

Figure 4-19 show examples of how the curvature averaging technique was applied to 

Column CS80. The ‘Raw’ data points, are the curvatures measured between each row of 

targets. In the figures, the curves referred to as ‘Top’ were obtained by averaging data 

from the top layer down, while the ‘Bottom’ curves were obtained by averaging data 

from the bottom layer up for the whole column length. The ‘Average’ curves correspond 

to the averages of ’Top’ and ‘Bottom’ curves. Curvature values at column ends were 

obtained by taking the difference between rotations of the target rows at column ends 

and target rows adjacent footings. Figure 4-18 and Figure 4-19 show these four 

curvature profiles for the first cycle at the drift ratio of +0.8% and +1.0% respectively 

for specimen CS80.  
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Figure 4-18: CS80 curvature distribution along height at +0.8% drift 

 
 
 
 

 
Figure 4-19: CS80 curvature distribution along height at +1.0% drift 
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Figure 4-20: CS60 curvature distribution along member height at target 

displacements and Figure 4-21 show the smoothed curvature profiles for both specimens 

at various drift targets. The figure indicate that the plastic hinge lengths for both 

specimens were about the same at a length of about 18 in. (which is equal to the section 

dimension). Curvatures are seen to increase almost linearly within the plastic hinge 

regions to a maximum at the column/footing interface. Curvatures in the plastic hinge 

regions were similar for both columns. Significant inelastic curvatures are seen to start 

for both column past the 2.0%  drift ratio.  

 

 

 

 
Figure 4-20: CS60 curvature distribution along member height at target displacements 
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Figure 4-21: CS80 curvature distribution along member height at target displacements 

 
 

4.5.2.2 Shear  

Measured shear strains between target rows are plotted for various drift targets 

for both specimens in Figure 4-22and Figure 4-23. Shear strains were evaluated as the 

shear deformation between target rows divided by the distance between the rows. The 

figures clearly indicate that shear stains are largest at column ends where the flexural 

demands are largest. The shear strains become significantly larger at column ends than 

around column mid-span beyond a drift ratio of about 1.0% (just prior to significant 

flexural inelastic deformations occur).  
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Figure 4-22: CS60 measured shear strain over height 

 

Shear strains reached  larger values over the height in CS60, which resulted in 

the total shear deformations of CS60 being larger than those of CS80 (presented in 

Section 4.5.3) at a given drift value. 

 

 
Figure 4-23: CS80 measured shear strain over height 
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4.5.2.3 Bar-slip 

Table 4-2 presents the measured bar-slip parameters for each column. The 

measured quantities include the coordinate of the center of bar-slip rotation (CoR) 

measured from the extreme compression fiber, the amount of bar-slip experienced by the 

longitudinal bars at the outermost tension layer, and the angle of rotation of the columns 

generated by bar-slip. Bar-slip was measured as the vertical movement of the targets 

closest to the longitudinal bars at the column/footing interface. The center of bar-slip 

rotation was calculated as the intercept of the regression line running through the target 

layers at column ends at a given drift level with the same line prior to loading.. Bar-slip 

induced rotations were calculated as the tangent of the angle resulting from the 

coordinate of the center-of-rotation and the bar-slip. 

Results in Table 4-2 indicate that the amount of bar-slip in CS80 was up to 70% 

larger than the amount occurring in CS60. The larger amount of bar-slip in CS80 

corroborate the higher strains recorded in the longitudinal bars of CS80 compared with 

those in CS60 (up to 65% larger). It is noteworthy that the centers of bar-slip rotations 

are farther in CS80 than in CS60 from the extreme compression fiber. 

 
Table 4-2: Measured bar-slip parameters at the top of the column 

      CS60        CS80    

Drift 
Ratio  CoR (in.) 

Bar‐slip 
(in.)  Rotation   CoR (in.) 

Bar‐slip 
(in.)  Rotation  

0.2  7.24  0.0029  0.0004  6.63  0.0076  0.0011 

0.3  7.00  0.0082  0.0012  8.17  0.0154  0.0019 

0.4  7.44  0.0116  0.0016  9.43  0.0250  0.0027 

0.6  8.21  0.0190  0.0023  10.36  0.0338  0.0033 

0.8  9.29  0.0281  0.0030  11.04  0.0456  0.0041 

1.0  9.87  0.0353  0.0036  11.38  0.0601  0.0053 

1.5  9.07  0.0579  0.0064  11.57  0.0960  0.0083 
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As described in Section 3.6 of Chapter 3, strain gauges were installed in the 

footings below the columns. Figure 4-24 and Figure 4-25 show the strain distribution in 

the footings for the corner bar having the largest measured strain for each column. CS80 

developed larger strains in the longitudinal reinforcement compared with CS60 (up to 

65% larger), which contributed to larger amounts of bar-slipping.  

 

 
Figure 4-24: Strain profile at drift targets in the bottom footing of CS60 

 

 
Figure 4-25: Strain profile at drift targets in the bottom footing of CS80 
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4.5.3 RELATIVE DEFORMATIONS  

Deformation components for specimen CS60 are shown as a fraction of total 

deformations in Figure 4-26, up to the 3.0% target drift of the loading protocol. Flexural 

and bar-slip deformations in CS60 shared up to 86% of the total deformation at the 

beginning of testing. As CS60 was pushed to higher drift targets, shear deformations 

increased proportionally to total deformations (up to 20% of total deformations). 

Although shear cracks were distributed throughout the surface of the specimen, in 

general, larger shear drifts were observed within the lower and upper plastic hinge 

regions of the column (Figure 4-27 and Figure 4-28).   

 

 

 
Figure 4-26: CS60 deformation components at target drifts 
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Figure 4-27: Deformation components over height of CS60 column at +0.8% drift 

 
 
 
 

 

 
Figure 4-28: Deformation components over height of CS60 column at +1.5% drift 
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Deformation components for specimen CS80  are shown as a fraction of total 

deformations in Figure 4-29, up to 3.0% target drift of the loading protocol. Flexural and 

bar-slip deformations shared up to 97% of the total deformation at the beginning of 

testing. As specimen CS80 was pushed to higher drift targets, shear deformations 

increased proportionally to total deformations (up to 16% of total deformations). 

Although shear cracks were distributed throughout the surface of the specimen, in 

general, larger shear drifts were observed within the lower plastic hinge region of the 

column. The upper plastic hinge region also contributed to shear drifts, but at smaller 

amounts (Figure 4-30Figure 4-27 and Figure 4-31).  

 

 

 
Figure 4-29: CS80 deformation components at target drifts 
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Figure 4-30: Deformation components over height of CS80 column at +0.8% drift 

 
 

 

 
Figure 4-31: Deformation components over height of CS80 column at +1.5% drift 
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Table 4-4 show the deformation components as a percentage of total deformation 

for both specimens. Both columns had relatively similar flexural deformations (Table 

4-4: Ratio of deformation components CS80/CS60). CS80 had large bar-slip 

deformations (up to 51% of total deformations), while CS60 had relatively large shear 

deformations throughout the tests (in the order of 15%). At the first drift excursions, 

shear deformations in the CS60 were in the order of 14% of the total drifts as compared 

to only 3% for CS80. Shear strains were shown to be smaller in CS80 in Section 4.5.2.2. 

Another reason for smaller relative shear deformations, is the large bar-slip deformations 

in the CS80 resulting from higher strains in the longitudinal reinforcement in this 

specimen. As drifts increased however, the proportion of total deformations that were 

due to shear deformations became more comparable between the specimens (Table 4-4). 

More analysis is needed to uncover the causes of the low relative shear deformations in 

CS80 at low drifts. 

  

 
Figure 4-32: Comparison of deformation components 
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Figure 4-33: Comparison of normalized deformation components 

 
Table 4-3: Component deformations as percentage of total deformation 

   CS60        CS80    

@Drift  Flexure  Barslip  Shear  Flexure  Barslip  Shear 

0.2%  45%  41%  14%  46%  51%  3% 

0.3%  47%  41%  12%  46%  50%  5% 

0.4%   43%  40%  17%  45%  48%  7% 

0.6%  42%  40%  18%  45%  47%  8% 

0.8%  43%  43%  14%  44%  47%  9% 

1.0%  40%  45%  15%  42%  47%  11% 

1.5%  40%  44%  16%  40%  51%  9% 

2.0%  39%  43%  17%  38%  48%  14% 

3.0%  40%  40%  20%  38%  46%  16% 
 

Table 4-4: Ratio of deformation components CS80/CS60 
 

CS80/CS60 

@Drift  Flexure  Bar‐slip  Shear 

0.2%  102% 123% 25%

0.3%  97% 120% 40%

0.4%  105% 120% 39%

0.6%  108% 117% 44%

0.8%  102% 107% 69%

1.0%  105% 106% 71%

1.5%  100% 116% 58%

2.0%  96% 110% 83%

3.0%  94% 115% 81%
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4.6  Strength 

4.6.1 FLEXURAL STRENGTH 

As mentioned in Chapter 3, the columns were designed to achieve roughly the 

same flexural strength. Table 4-5: Moments at yield and at flexural strength for each 

specimen summarizes the moments at yield (My) and at probable flexural strength (Mpr) 

as measured during the experiment, as derived from a sectional analysis using 

OpenSees, and as calculated based on ACI 318-11 requirements. The yield moment 

from experiment was taken at the same frame number as the first yield in longitudinal 

reinforcement. The yield moment from OpenSees was selected in a similar fashion.  

Due to small differences in steel properties, especially yield strength (67ksi vs. 

79ksi), and the drop in bar size for #10 to #9, sectional analysis predicted a plastic 

moment strength for specimen CS80 that is 5% lower than that of specimen CS60 (Table 

4-5). However, experimental results showed specimen CS80 to have a plastic moment 

strength that is 1% higher than that of specimen CS60. The plastic moment capacity of 

both specimens was close to 7500 kips-in, which was predicted as the plastic moment 

strength for both columns during specimen design.  Stress-block analyses based on ACI 

318 requirements were conducted assuming a tensile stress in the flexural tensile 

reinforcement equal to the yield strength of the longitudinal bars (fy.) to calculate the 

yield moments (My) and 1.25fy for the plastic moments (Mpr).  In both cases, the ACI 

stress-block method proved to significantly underestimate the probable flexural strength 

of the columns. The values from the sectional analysis are higher than the ones predicted 

by the ACI 318 as in the sectional analysis, it was accounted for the gain in compressive 

strength due to confinement. 
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Table 4-5: Moments at yield and at flexural strength for each specimen 

 

CS60  CS80 

My  

(kips‐in.) 
Mpr  

(kips‐in.) 
My  

(kips‐in.) 
Mpr  

(kips‐in.) 

Experiment  7133  7630  7005  7700 

Analysis  7140  7891  6910  7510 

ACI318‐11  6881  7308  7012  7256 

4.6.2 SHEAR STRENGTH 

An increase in lateral deformations, particularly inelastic deformations, decreases 

the shear strength in reinforced concrete columns (Ghannoum and Moehle, 2012; 

Leborgne and Ghannoum, 2014; Priestley et. al., 1994). As deformations increase and 

the plastic hinge region is pushed to large rotations, flexural-shear cracks tend to open 

up, reducing the effectiveness of shear transfer mechanisms. In columns with slightly 

greater design shear strength than shear demands generated by the plastic moment 

capacity, shear failure can occur after inelastic deformations in the plastic hinges reduce 

shear strength sufficiently. In such cases, columns can undergo relatively large inelastic 

deformation prior to shear failure  

The two tested columns showed a failure which is typical of flexure-shear critical 

reinforced concrete columns. The column went through both flexural yielding and 

concrete crushing due to flexure and axial loads prior to sustaining shear and axial 

failures. The tested columns showed relatively high ductility, reaching displacement 

ductility (Δu/Δy) of 5.5/1.6 = 3.44 for CS60 and 5.8/1.0 = 5.8 for CS80. Measured drifts 

at first yield generated the large differences in calculated displacement ductility between 

the two columns even though they reached similar ultimate drifts ratios. It is interesting 

to note that shear and axial degradation occurred almost simultaneously in the column. 

Such an observation was made in a recent study (LeBorgne and Ghannoum, 2014) in 

which an analytical model is presented for the shear failure of flexure-shear critical 
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columns. In that model, once shear failure initiated, the degradation of the shear-

resisting mechanisms was noted to occur at lower drifts for columns with higher axial 

loads and transverse reinforcement ratios. 

Figure 4-34 shows the shear strength envelope developed by ATC 6 (1981). The 

shear strength is reduced linearly after a certain point due to degradation of the shear 

resisting mechanism. Considering the mode of failure that happened in the tested 

columns the shear demands should have been between the initial and the residual 

strength for both columns. In this case, the shear failure happened at a ductility 

corresponding to the intersection of the strength and force-deformation characteristics. 

 

 
Figure 4-34: ATC-6 (1981) Model for interaction between shear strength and ductility 
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4.7  Strain Measures 

4.7.1 CONTOUR PLOTS 

The surface targets arranged in a rectangular grid were used as nodal points for 

bilinear-strain quadrilateral elements. The center of the quadrilateral elements and their 

corresponding strains are plotted in contour plots in Figure 4-37 to Figure 4-42. Contour 

plots allow the visualization of strain distributions on the surface of members. Different 

strain measures can provide indications of different physical changes taking place in a 

specimen. The first principal strain is an indication of diagonal tensile stresses. This 

strain measure is perpendicular to a crack, if present, and can be related to crack width 

and provide a measure of crack density on the surface of a member. Blank areas in the 

contour plots indicate that the ability to track targets was lost or that strains at that 

location exceeded a prescribed strain limit. In these figures, the blank areas correspond 

to element strains exceeding the prescribed strain limits of ±0.1.  

The measured x-strain is always parallel to the base of the column. Areas of high 

horizontal strains (εx) are indicative of large inclined cracks, core dilatations, and 

confinement demands on hoops. Horizontal strain measures can provide a good estimate 

of the strain in the transverse steel, provided that the targets or elements match the 

stirrup location (Sokoli et. al., 2014). Figure 4-36 shows comparison plots between 

strains measured at an inclined crack corresponding to element number 57 on the CS60 

column surface (Figure 4-35) and those of the strain gauge on a hoop at the same 

location. As can be seen in the figure, strains measured from the strain gauge and those 

measured at the surface match reasonably well at the peaks of drift excursions. As the 

width of the inclined crack increased, the hoop and element peak tensile strains 

converged. However, as the lateral drift reversed, the hoop lost more than half of its 

peak tensile strains while the surface element lost only a small fraction of its peak strain.  
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Thus, surface cracks remained open when the lateral load was being reversed, which 

indicates that much of the load transferred perpendicular to the crack was transferred 

through the steel. 

 
Figure 4-35: Hoop location and element 57 marked on the surface of CS60 column 

 

 
Figure 4-36: Surface strain measurement vs. strain gauge strain measurement (Sokoli et. al. 2014) 
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The photographs and strain contour plots in Figure 4-37 and Figure 4-38 

correspond to the first lateral drift ratio of +0.8% for each specimen. Even at small drift, 

the plot of the principal strain ε2 illustrates the compressive strains in compression struts 

in both specimens. As can be seen in Figure 4-37 and Figure 4-38,  compression struts  

fanned from the bottom right corner of the columns out to mid height, with decreasing 

compressive strains as the width of the strut increased. Similar struts can be observed at 

the top end of the columns as well. The plots of the principal strain ε1 clearly show the 

zones in tension in the plastic hinge regions, as well as the location and orientation of  

cracks. 

 

 

 

 

 

 

 

 

 

 

 

 

At the firs 

 

 

Figure 4-37: Surface strain plots in CS60 at +0.8% drift

Figure 4-38: Surface strain plots in CS80 at +0.8% drift

ε1 ε2 εx εy 

ε1 ε2 εx εy 
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Figure 4-28: CS60 Stress distribution at +2.0% drift 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 4-39: Surface strain plots in CS60 at +2.0% drift 

Figure 4-40: Surface strain plots in CS80 at +2.0% drift 

ε1 ε2 εx εy 

ε1 ε2 εx εy 
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While pushing to larger drifts, the loss of targets is inevitable. In Figure 4-41 and 

Figure 4-42, as the columns were pushed to a drift ratio of +4.0%, the areas of concrete 

spalling can be seen. The concentration of large tensile strains around these areas is 

indicative of large cracks, which in many cases coincide with regions where spalling 

will occur at higher drifts. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 4-41: Surface strain plots in CS60 at +4.0% drift 

Figure 4-42: Surface strain plots in CS80 at +4.0% drift 

ε1 ε2 εx εy 

ε1 ε2 εx εy 
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4.7.2 STRAINS IN LONGITUDINAL REINFORCEMENT 

Strain gauges were installed on longitudinal bars at both ends of the columns. 

The strain gauges were placed at the interface of the columns and footings, where their 

location coincides with a flexural crack and the location of maximum strain demands. 

The L0NW strain gauge from the bottom north-west corner bar produced the maximum 

reading for CS60. L0SW strain gauge from the bottom south-west corner bar produced 

the maximum reading for CS80. Deriving longitudinal bars  strains at footing interfaces 

from the UT Vision System did not produce reliable strain results as significant bar-slip 

in those regions decouple surface deformations from steel strains. The maximum strain 

gauge measurement at each drift target are plotted in Figure 4-43 and provide an 

envelope of the achieved strains during a loading protocol. The #10 grade 60 bars used 

as longitudinal reinforcement in CS60 had an average yield strain of 0.0023 as measured 

from coupon tests. As can be seen in Figure 4-43, this strain was achieved at a drift ratio 

of 1.6%, in the first cycle toward a drift target of 2.0%. The #9 grade 80 bars used as 

longitudinal reinforcement in CS80 had an average yield strain of 0.0027. This strain 

was achieved at the end of the first cycle toward a drift ratio of 1.0%. 

 
Figure 4-43: Maximum measured strain in longitudinal reinforcement vs. drift ratio 
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As can be seen in Figure 4-43, CS80 reinforced with grade 80 steel had up to 

65% higher strains in the longitudinal bars than CS60 reinforced with grade 60 

reinforcement. Owing to the lower fracture strain of the grade 80 bars used, the grade 80 

longitudinal bars reached 16.4% of their fracture strain, as compared with the grade 60 

longitudinal bars reaching only  8.7% of their fracture strain. Figure 4-44 and Figure 

4-45 show the full hysteretic bar strain versus column shear force response for the strain 

gauges with maximum measured strains. Similar trends and relative magnitudes were 

noted from gauges placed on longitudinal bars at other footing-interface locations. 

Measurements from other strain gauges are attached in Appendix B.  

 
Figure 4-44: Maximum measured longitudinal strain in CS60 (L0NW) 

 
Figure 4-45: Maximum measured longitudinal strain in CS80 (L0SW) 
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4.7.3 STRAINS IN TRANSVERSE REINFORCEMENT 

As discussed in Section 784.7.1, the strain measurements from the UT Vision 

System and the strain gauges on hoops match well at crack locations and at the peak 

drifts. Measurements of hoop strains obtained from the UTVS at inclined crack locations 

are presented in Figure 4-46 and Figure 4-47 at column ends. Strain measurements are 

only provided in the figures up to the drift ratio excursion of 3%, beyond which  damage 

in the columns renders strain measurements unreliable.  The #5 grade 60 hoops used as 

transverse reinforcement for CS60 had an average yield strain of 0.0023 as measured 

from tested coupons. As can be seen in Figure 4-46, this strain was achieved in the first 

cycle toward 2.0%. The #4 grade 80 bars used as longitudinal reinforcement for CS80 

specimen have an average yield strain of 0.0030. As can be seen in Figure 4-47, this 

strain was achieved at the end of first cycle toward -1.0% drift. 

Strain demands on the hoops are relatively high. At a drift ratio of 3.0%, hoops 

in Column CS80 reached a peak strain reading of 1.6%., Hoops in Column CS60, on the 

other hand,  reached a lower maximum strain of 1.1%. Overall, the specimen reinforced 

with grade 80 steel (CS80) produced up to 45% higher strains than the specimen 

reinforced with grade 60 steel (CS60). At a drift ratio of 3.0%, the grade 80 hoops 

reached a maximum of 13.3% of the fracture strain, as compared with grade 60 hoops 

reaching a maximum of 7.8% of the fracture strain. Test results therefore demonstrated 

the effectiveness the provided hoops, regardless of grade, in preserving the integrity of 

core concrete as the specimens were pushed beyond 5.5% drift and under large shear 

stresses (  in psi units).  
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Figure 4-46: Maximum measured hoop strains along the height of CS60 

 
 

 
Figure 4-47: Maximum measured hoop strains along the height of CS80 
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4.8  Serviceability Cracking 

Crack width is a concern when it comes to the use of high-strength steel. When 

trying to take full advantage of higher strength in reinforcing bars, smaller size bars can 

be provided in the design stage. In order to utilize the higher strength, the bars will be 

forced to go to higher strains. These strains can result in larger cracks on the concrete 

surface. 

For a given frame, a crack was assumed to have formed within a quadrilateral 

surface-element when the element’s maximum principal tensile strain (ε1) exceeded an 

assumed cracking strain, cr=f’t/Ec=7.5/57000=1.3 x 10-4 (with f’t = concrete ultimate 

tensile strain, Ec = concrete modulus of elasticity, values are based on provisions of ACI 

318-11). After an initial crack formed in an element, the average elastic strain in the 

adjacent un-cracked concrete was assumed to be half the cracking strain. Thus, the crack 

width within surface elements can be calculated by subtracting half of the cracking 

strain from the maximum principal tensile strain and then multiplying the modified 

strain by the surface elements’ length perpendicular to the crack. Since the surface 

elements are square, their lengths perpendicular to an inclined crack vary with crack 

inclination. An equivalent length (Lequiv.) was used for all crack inclinations to simplify 

the crack width evaluation procedure. The equivalent length was taken as the diameter 

of a circle of equivalent area to the square elements. 

Figure 4-48 shows the crack distribution on each member’s surface at 2% drift. 

Three different line widths were used to represent the crack widths. A wider line means 

a larger crack was formed at that place. The crack pattern was similar for both columns 

at a drift ratio of 2.0% (Figure 4-48) as well as throughout the loading protocol. 



 88

Flexural cracks formed in the tension side of the specimen. Some of these cracks turned 

into inclined cracks that propagated throughout the width of the member. Cracks 

forming in the cover, contributed to spalling. 

 
Figure 4-48: Crack patterns in CS60 (a) and CS80 (b) at +2% drift 

(a) (b) 
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 To bracket the service-load levels that a column may experience, crack widths 

for both specimens are compared at 50% and 75% of a specimen’s maximum moment 

capacity (Mp), as measured from each experiment. The largest flexural and inclined 

cracks at those load levels were selected to compare the performance of the two 

specimens The largest cracks at those load levels were also tracked through the loading 

histories. Flexural cracks occurring at the interface of the columns and footings are not 

included in the crack-width comparisons. 

For CS60, 50% of the moment capacity was reached at a moment of 3940 kip-in. 

and frame number 2647, which occurred during the first cycle towards the +0.6% drift 

target. The 75% moment capacity was reached at a moment of 5911 kip-in. and frame 

number 5293, which occurred during the first cycle towards the +1.0% drift target. 

Figure 4-49 shows where the selected largest cracks were located for CS60. Figure 4-50 

and Figure 4-51 show the crack width histories for the largest flexure and inclined 

cracks in CS60. Crack measurements were stopped when data became unreliable or 

targets were lost. 

 

 
Figure 4-49: CS60 flexural (a&b) and inclined (c&d) crack locations 

 

 

 

 

(a) (b) (c) (d) 



 90

 

 

 

 

 

 

 
Figure 4-51: CS60 crack width history for the inclined crack at element 46 

 

 

 

Figure 4-50: CS60 crack width history for the flexural crack at element 163 

50% Mp 75% Mp
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For CS80, 50% of the moment capacity was reached at a moment of 4040 kip-in. 

and frame number 3189, which occurred during the first cycle towards the drift ratio of 

+0.4% drift target. The 75% moment capacity was reached at a moment of 6062 kip-in. 

and frame number 7594, which occurred during the first cycle towards the +1.0% drift 

target. Figure 4-52 shows where the largest cracks selected were located for CS80. 

Figure 4-53 and Figure 4-54Figure 4-51 show the crack width histories for the largest 

flexure and inclined cracks in CS80. Crack measurements were stopped when data 

became unreliable or targets were lost. 

 

 
Figure 4-52: CS80 flexural (a&b) and inclined (c&d) crack locations 

 

 
Figure 4-53: CS80 crack width history for the flexural crack at element 151 

 
 

(a) (b) (c) (d) 



 92

 
Figure 4-54: CS60 crack width history for the inclined crack at element 35 

 

Figure 4-55 to Figure 4-58  show the crack widths of the four largest flexural and 

inclined cracks at each drift level for CS60 and CS80. Figure 4-56 and Figure 4-58 show 

the same cracks plots but only up to a drift ratio of 1.5% to highlight differences in 

cracks widths between the specimens at low drift levels. 

 

 
Figure 4-55: CS60 vs. CS80, four largest flexural cracks at 75% Mp 
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Figure 4-56: CS60 vs. CS80, four largest flexural cracks at 75% Mp at low drifts 

 
 
 
 

 
Figure 4-57: CS60 vs. CS80 four largest inclined cracks at 75% Mp 
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Figure 4-58: CS60 vs. CS80 four largest flexural cracks at 75% Mp at low  drifts 

 

The crack widths of the four largest cracks at 75% Mp are presented at 50% and 

75% of Mp in Table 4-6 for the flexural cracks and Table 4-7 for the inclined cracks. 

Overall, the four largest flexural cracks of CS80 were 23% larger than those of CS60 at 

75% MP. The same flexural cracks of CS80 were comparable, although slightly smaller, 

than the same cracks in CS60 at 50% MP. A similar trend is observed for inclined 

cracks. Overall, the four largest inclined cracks of CS80 were 17% larger than those of 

CS60 at 75% MP. The same inclined cracks of CS80 were comparable, although slightly 

smaller, than the same ones in CS60 at 50% MP. The cross-sectional area of the 

longitudinal bars in CS80 was 22% smaller than that in CS60 (#9 versus #10 bars). The 

transverse hoops in CS80 had a 35% smaller area than those of CS60 (#4 versus #5 

bars). The reductions in steel areas are of the same order of magnitude as the differences 

in crack widths. A 22% reduction in longitudinal steel area resulted in a 23% increase in 

crack widths. The inclined cracks widths, however, followed less closely the relation 

between hoop areas, with a 35% reduction in steel area only generating a 17% increase 

in crack widths.  
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Table 4-6: CS60 vs. CS80, crack widths at two load stages of the four largest flexural cracks at 75% 
Mp 

 

 

 

 
 
 
 

 
 

Table 4-7: CS60 vs. CS80, crack widths at two load stages of the four largest inclined cracks at 75% 
Mp 

CS60 Inclined Crack Widths (in.) CS80 Inclined Crack Widths (in.) 

Element # 50% Mp 75% Mp Element # 50% Mp 75% Mp 

46 0.0009 0.0110 28 0.0032 0.0117 

59 0.0040 0.0093 35 0.0052 0.0120 

65 0.0062 0.0109 146 0.0013 0.0128 

147 0.0025 0.0099 152 0.0019 0.0109 

Average 0.0034 0.0102 Average 0.0029 0.0119 
 

 

 

 

 

 

 

 

CS60 Flexural Crack Widths (in.) CS80 Flexural Crack Widths (in.) 

Element # 50% Mp 75% Mp Element # 50% Mp 75% Mp 

42 0.0037 0.0104 23 0.0051 0.0112 

151 0.0029 0.0085 36 0.0007 0.0121 

163 0.0048 0.0119 59 0.0027 0.0153 

176 0.0032 0.0093 151 0.0034 0.0107 

Average 0.0038 0.0100 Average 0.0030 0.0123 



 96

4.9  Plastic hinge performance 

4.9.1 PLASTIC HINGE LENGTH 

Figure 4-20 and Figure 4-21 show the average curvature distribution along the 

height of each specimen at several drift targets. The plots clearly show that plastic 

curvatures are restricted to a plastic hinge length of h from each column end (h = height 

of the section). The same plastic hinge length was observed for both specimens. It is 

noteworthy that the curvature profiles shown in Figure 4-20 and Figure 4-21 average 

curvature over several target rows.. The location defining the plastic hinge length can 

therefore only be determined using this smoothing approach to within 4.2 in. (8.4 in./2) 

from the plotted data points. Based on the average curvature values and the curvature 

distributions along column, the columns behaved similarly, distributing the plasticity in 

a comparable fashion.   

Figure 4-59 and Figure 4-60 show the rotations along the height of each 

specimens. The rotations plotted constitute flexural rotations within the columns and do 

not include rotations due to bar slip. Thirty-one measured rotation quantities along the 

height of the member clearly show the location of localized damages. Compared to the 

curvature distribution along the height, which was shown as an average, here the change 

in rotation between each row of targets is shown. Comparing rotations of the columns up 

to a drift ratio of 5.5%, they are generally larger throughout the height for  CS80. Up to 

initiation of shear degradation, column rotations increase up to the inflection point with 

the highest gradient located at the column ends. Column CS60 sees higher rotations than 

CS80 only at a drift ratio of 6.0%, which is also the point of initiation of shear 

degradation. At this point, rotations at column ends are reduced and redistributed to the 

areas of localized spalling and shear cracking. The concentration of the largest rotation 

gradients are within a distance 18 in. from the ends of Column CS80, which supports the 
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conclusion derived from the curvature distribution profile. Column CS60 appears to 

spread plasticity, or inelastic rotations, to higher lengths, 20-25 in. 

 
Figure 4-59: CS60 rotation over height at drift targets 

 

 
Figure 4-60: CS80 rotations over height at drift targets 
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4.9.2 CORE DILATION 

Figure 4-61 to Figure 4-64 show the core dilation at top and bottom plastic hinge 

region at several drift targets. Core dilation was measured as the difference in distance 

between the second and sixth target of each row during the cyclic loading. Figure 4-61 

and Figure 4-62 show the core dilation for the top plastic hinge region for specimens 

CS60 and CS80, respectively. The maximum core dilation in this region was 0.068 in. 

for CS60 and 0.075 in. for CS80 at the drift ratio of +3.0%. The maximum value at a 

drift ratio of +2.0% was roughly the same for both specimens (0.053 in. vs. 0.056 in.). 

Core dilation of both columns exhibited similar peak values at all drift levels. 

Figure 4-63 and Figure 4-64 show the core dilation at several drift levels for the 

bottom plastic hinge region for specimens CS60 and CS80, respectively. Column CS60 

reached a core dilation of 0.082 in. at a drift ratio of +3.0% drift, while the maximum 

values for CS80 was 0.063 in. The difference was lower in the previous load cycles. 

The core dilation was observed to be at similar values for both columns. While 

CS80 distributed the deformation at the two plastic hinge regions at a similar level, 

CS60 had more deformations concentrated in the bottom plastic hinge region. 
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Figure 4-61: CS60 core dilation in top plastic hinge region 

 
 
 
 

 
 Figure 4-62: CS80 core dilation in top plastic hinge region 
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Figure 4-63: CS60 core dilation in bottom plastic hinge region 

 
 
 
 

 
Figure 4-64: CS80 core dilation in bottom plastic hinge region 
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5 CONCLUSIONS 

 

5.1  Summary 

5.1.1 OBJECTIVES  

Introducing higher strength reinforcing steel in concrete construction has the 

potential to reduce substantially the overall volumes of steel installed by the construction 

industry. Reductions in the volume of steel can reduce the environmental impact of the 

construction industry significantly, both in terms of demands on primary resources as 

well as demands on energy. Design codes in the U.S., however, limit the yield strength 

that can be used in designs due to concerns about the performance of higher strength 

steels in concrete structures. For example, the reinforced concrete building code, ACI 

318-11, limits the yield strength of all reinforcements in seismic applications to 60 ksi 

and transverse reinforcements regardless of seismicity to 60 ksi.  

In the last decade there have been considerable advances in production 

capabilities of reinforcing bars from Grade 80 through 120 (with yield strengths from 80 

to 120 ksi). However, before these new steels can be used in concrete construction, 

several concerns regarding their behavior need to be addressed.  

The overarching objective of this study was to assess the behavioral implications 

of using higher strength reinforcement on the seismic behavior of concrete columns. Of 

particular concern in this study were the effects of high-strength reinforcement on:  

1) drift capacity, 

2) shear strength,  

3) strain demands on longitudinal and transverse reinforcement,  

4) and plasticity spread and plastic hinge performance. 
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5.1.2 EXPERIMENTAL PROGRAM 

Two concrete columns satisfying most of the provisions of ACI 318-11 for 

Special Moment Resisting Frames were tested under constant axial load and cyclic 

lateral loading until loss of axial strength. Both columns were designed to have almost 

identical flexural capacity and associated shear demands. Both columns had the same 

number, spacing, and layout of longitudinal and transverse reinforcement. The only 

difference was that column CS80 had higher strength Grade 80 bars that were one size 

smaller than those of column CS60, which had Grade 60 bars. In this way, the only 

parameter that was different between the two columns was the nominal yield strength of 

the steel (on average: 67 ksi vs. 79 ksi).  Columns were designed to impart large 

demands on the transverse reinforcement. Columns had large shear stresses generated by 

a high longitudinal reinforcement ratio and large confinement demands generated by a 

relatively large compressive axial load. A digital image correlation system developed at 

the University of Texas at Austin was used to produce deformation and damage 

quantities that allowed detailed comparisons between column behaviors.  

All steel used satisfied the ASTM A706 standard. The Grade 80 reinforcement 

stress-strain relationships were similar to those of the Grade 60 reinforcement, and 

exhibited a clear yield point, a yield plateau, and relatively large tensile strengths and 

fracture strains. The tensile-to-yield ratio and elongation at fracture for Grade 80 bars 

were smaller than those of Grade 60 bars. 
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5.2  Results and Conclusions 

5.2.1 OVERALL BEHAVIOR 

 The tested specimens showed comparable lateral-load behavior and remained stable 

beyond two reversed cycles at a lateral drift ratio of 5.5%. The envelope of lateral-

load versus drift response was very similar for both columns, as was the hysteretic 

behavior.  

 Although the columns were subjected to a high axial load corresponding to just 

under 30% of column gross axial capacity, no buckling was observed in the 

longitudinal reinforcement up to the start of axial failure. As axial and shear 

degradations progressed, longitudinal bars buckled. No bar fracture was observed at 

the end of testing (longitudinal or transverse). Transverse hoops were spaced at 5.5 

in. in the plastic hinge regions, which constituted 4.4 and 4.9 longitudinal bar 

diameters for Grade 60 and Grade 80 bars, respectively. 

 The two columns were designed to have a factored shear strength exceeding the high 

shear demands governed by plastic moment strengths.  Both sustained shear failures, 

however, at a drift ratio of about 5.5%. Degradation of the shear transfer 

mechanisms in the plastic hinge regions may have initiated the shear failures. Both 

columns, however, sustained shear failures at about the same drift level, which 

indicates that Grade 80 reinforcement maintained the integrity of shear transfer 

mechanisms as well as Grade 60 reinforcement. 

 Axial failure in both columns occurred almost immediately after the initiation of 

shear failure. Axial collapse occurred when the shear damaged area could no longer 

sustain the imposed axial load. 
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5.2.2 DEFORMATIONS 

 Test results showed a relatively small difference in stiffness between the two 

columns (6.8%), measured at 70% of their peak lateral strength. The change in 

stiffness due to smaller bar diameter associated with the higher grade reinforcement 

did not have a significant effect on member stiffness, even though longitudinal 

reinforcement ratios were high (3.7% for Grade 80 and 4.7% for Grade 60). 

 Both columns showed similar curvature profiles and flexural deformations. The 

plastic-hinge lengths for both specimens were comparable and measured at about 18 

in. (which is equal to the section dimension). Curvatures were observed to increase 

almost linearly within the plastic hinge regions to a maximum at the column/footing 

interface. Curvatures in the plastic hinge regions were similar for both columns. 

 CS80 had larger bar-slip deformations (up to 51% of total deformations) than 

Column CS60. The amount of bar-slip deformation in CS80 was up to 70% larger 

than the amount occurring in CS60. The larger amount of bar-slip in CS80 correlate 

the larger strains recorded in the longitudinal bars of CS80 compared with those in 

CS60 (up to 65% larger). 

 Column CS60 had larger shear deformations at a given lateral drift than Column 

CS80. The difference in shear deformations was more pronounced at low drift levels. 

Towards the end of the tests, shear deformations in both columns were comparable 

and accounted for up to 20% of the lateral drift experienced. Further analyses are 

needed to uncover the cause of the lower shear deformations in Column CS80. 
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5.2.3 STRAIN DEMANDS IN REINFORCEMENT 

 Column CS80 had up to 65% higher strain demands in the longitudinal 

reinforcement than Column CS60. Owing to the lower fracture strain of the grade 80 

bars used, the grade 80 longitudinal bars reached 16.4% of their fracture strain, as 

compared with the grade 60 longitudinal bars reaching only  8.7% of their fracture 

strain. 

 Column CS80 exhibited up to 45% higher strains in the transverse reinforcement 

than the column reinforced with Grade 60 steel (CS60). At a drift ratio of 3.0%, the 

Grade 80 hoops reached a maximum of 13.3% of the fracture strain, as compared 

with grade 60 hoops reaching a maximum of 7.8% of the fracture strain.  

 

5.2.4 STRENGTH 

 Both columns showed similar flexural and shear capacity. 

 When higher grade steel is used for shear, higher strains are needed to mobilize the 

full yield strength of the reinforcement.  

 The two tested columns showed a failure which is typical of flexure-shear critical 

reinforced concrete columns. The column went through both flexural yielding and 

concrete crushing due to flexure and axial loads prior to sustaining shear and axial 

failures. Considering the mode of failure that happened in the tested columns the 

shear demands should have been between the initial and the residual strength for 

both columns. In this case, the shear failure happened at a ductility corresponding to 

the intersection of the strength and force-deformation characteristics. 
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5.2.5 SERVICEABILITY CRACKING 

 At serviceability levels (0.5 Mp and 0.75 Mp), the reductions in steel areas between 

Column CS60 and Column CS80 were observed to be of the same order of 

magnitude as the differences in crack widths measured for the two specimens. A 

22% reduction in longitudinal steel area resulted in a 23% increase in flexural crack 

widths. The inclined cracks widths, however, followed less closely the relation 

between hoop areas, with a 35% reduction in steel area only generating a 17% 

increase in crack widths.  

 

5.3  Recommendations Future Work  

Although positive indices were received from the performed tests, basing final 

conclusions on a single data point is unreliable. There is very limited literature on tests 

carried on high strength steel columns, considering the high range of implications 

associated with its usage. With the advances in the production techniques, and as several 

producers develop their ways to achieving “better” high strength steel, it is important to 

determine minimum required performance parameters. Several gaps in experimental 

knowledge need to be filled before the restrictions on the uses of higher grade steels are 

alleviated. The effects of the tensile-to-yield strength ratio on behavior needs to be 

investigated at different levels in order to determine the lower acceptable boundary. As 

Grade 100 steel comes online in the U.S., testing of similar columns with that grade of 

steel would extend this study’s applicability and strengthen conclusions. 
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Appendix A 

APPENDIX A1: OPENSEES ANALYSIS  

 CS60 Calculations for Confined Concrete Compressive Strength 
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 CS60 Design Moment-Curvature – OpenSees Code 

proc MomentCurvature {secTag axialLoad maxK {numIncr 100} } { 

 # Define two nodes at (0,0) 

 node 1 0.0 0.0 

 node 2 0.0 0.0 

 # Fix all degrees of freedom except axial and bending 

 fix 1 1 1 1 

 fix 2 0 1 0 

 # Define element 

 #                         tag ndI ndJ  secTag 

 element zeroLengthSection  1   1   2  $secTag 

 # Create recorder 

 recorder Node -file section$secTag.out -time -node 2 -dof 3 disp 

 recorder Element -file Element3.out -time -ele 1 section fiber -2.3 -6 3 

stressStrain 

 # Define constant axial load 

 pattern Plain 1 "Constant" { 

  load 2 $axialLoad 0.0 0.0 

 } 

 # Define analysis parameters 

 integrator LoadControl 0.0 

 system SparseGeneral -piv; # Overkill, but may need the pivoting! 

 test NormUnbalance 1.0e-9 10 

 numberer Plain 
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 constraints Plain 

 algorithm Newton 

 analysis Static 

 # Do one analysis for constant axial load 

 analyze 1 

 # Define reference moment 

 pattern Plain 2 "Linear" { 

  load 2 0.0 0.0 1.0 

 } 

 # Compute curvature increment 

 set dK [expr $maxK/$numIncr] 

 # Use displacement control at node 2 for section analysis 

 integrator DisplacementControl 2 3 $dK 1 $dK $dK 

 # Do the section analysis 

 analyze $numIncr 

} 

# Define model builder 

# -------------------- 

model basic -ndm 2 -ndf 3 

# Define materials for nonlinear columns 

# ------------------------------------------ 

# CONCRETE                  tag   f'c        ec0   f'cu        ecu 

# Core concrete (confined) 

uniaxialMaterial Concrete02  1  -8.7  -0.01   -6.598   -0.045  0.5 0.675 810   

# Cover concrete (unconfined) 
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uniaxialMaterial Concrete02  2  -4.5  -0.002   0.0     -0.006 0.5 0.503 2250 

# STEEL 

# Reinforcing steel  

set fy 62.0;      # Yield stress 

set E 29000.0;    # Young's modulus 

#                        tag  fy E0    b 

uniaxialMaterial Steel02  3  $fy $E 0.01 15 0.925 0.15 

# Define cross-section for nonlinear columns 

# ------------------------------------------ 

# set some paramaters 

set colWidth 18 

set colDepth 18  

set cover  2; 

set As    1.27;     # area of no. 10 bars 

# some variables derived from the parameters 

set y1 [expr $colDepth/2.0] 

set z1 [expr $colWidth/2.0] 

section Fiber 1 { 

    # Create the concrete core fibers 

    patch rect 1 10 1 [expr $cover-$y1] [expr $cover-$z1] [expr $y1-$cover] [expr 

$z1-$cover] 

    # Create the concrete cover fibers (top, bottom, left, right) 

    patch rect 2 10 1  [expr -$y1] [expr $z1-$cover] $y1 $z1 

    patch rect 2 10 1  [expr -$y1] [expr -$z1] $y1 [expr $cover-$z1] 



 112

    patch rect 2  2 1  [expr -$y1] [expr $cover-$z1] [expr $cover-$y1] [expr $z1-

$cover] 

    patch rect 2  2 1  [expr $y1-$cover] [expr $cover-$z1] $y1 [expr $z1-$cover] 

    # Create the reinforcing fibers (left, middle, right) 

    layer straight 3 4 $As [expr $y1-$cover] [expr $z1-$cover] [expr $y1-$cover] 

[expr $cover-$z1] 

    layer straight 3 2 $As -2.3 [expr $z1-$cover] -2.3 [expr $cover-$z1] 

 layer straight 3 2 $As 2.3 [expr $z1-$cover] 2.3 [expr $cover-$z1] 

    layer straight 3 4 $As [expr $cover-$y1] [expr $z1-$cover] [expr $cover-$y1] 

[expr $cover-$z1] 

}    

# Estimate yield curvature 

# (Assuming no axial load and only top and bottom steel) 

set d [expr $colDepth-$cover] ;# d -- from cover to rebar 

set epsy [expr $fy/$E] ;# steel yield strain 

set Ky [expr $epsy/(0.7*$d)] 

# Print estimate to standard output 

puts "Estimated yield curvature: $Ky" 

# Set axial load  

set P -370 

set mu 15;  # Target ductility for analysis 

set numIncr 100; # Number of analysis increments 

# Call the section analysis procedure 

MomentCurvature 1 $P [expr $Ky*$mu] $numIncr 

wipe 
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 CS80 Calculations for Confined Concrete Compressive Strength 
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 CS80 Design Moment-Curvature – OpenSees Code 

proc MomentCurvature {secTag axialLoad maxK {numIncr 100} } { 

 # Define two nodes at (0,0) 

 node 1 0.0 0.0 

 node 2 0.0 0.0 

 # Fix all degrees of freedom except axial and bending 

 fix 1 1 1 1 

 fix 2 0 1 0 

 # Define element 

 #                         tag ndI ndJ  secTag 

 element zeroLengthSection  1   1   2  $secTag 

 # Create recorder 

 recorder Node -file section$secTag.out -time -node 2 -dof 3 disp 

 recorder Element -file Element3.out -time -ele 1 section fiber -2.1 -6.9 3 

stressStrain 

 # Define constant axial load 

 pattern Plain 1 "Constant" { 

  load 2 $axialLoad 0.0 0.0 

 } 

 # Define analysis parameters 

 integrator LoadControl 0.0 

 system SparseGeneral -piv; # Overkill, but may need the pivoting! 

 test NormUnbalance 1.0e-9 10 

 numberer Plain 
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 constraints Plain 

 algorithm Newton 

 analysis Static 

 # Do one analysis for constant axial load 

 analyze 1 

 # Define reference moment 

 pattern Plain 2 "Linear" { 

  load 2 0.0 0.0 1.0 

 } 

 # Compute curvature increment 

 set dK [expr $maxK/$numIncr] 

 # Use displacement control at node 2 for section analysis 

 integrator DisplacementControl 2 3 $dK 1 $dK $dK 

 # Do the section analysis 

 analyze $numIncr 

} 

# Define model builder 

# -------------------- 

model basic -ndm 2 -ndf 3 

# Define materials for nonlinear columns 

# ------------------------------------------ 

# CONCRETE                  tag   f'c        ec0   f'cu        ecu 

# Core concrete (confined) 

uniaxialMaterial Concrete02  1  -7.875  -0.0098   -6.433   -0.046  0.5 0.670 800   

# Cover concrete (unconfined) 
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uniaxialMaterial Concrete02  2  -4.5   -0.002   0.0     -0.006 0.5 0.503 2250 

# STEEL 

# Reinforcing steel  

set fy 80.0;      # Yield stress 

set E 29000.0;    # Young's modulus 

#                        tag  fy E0    b 

uniaxialMaterial Steel02  3  $fy $E 0.01 15 0.925 0.15 

# Define cross-section for nonlinear columns 

# ------------------------------------------ 

# set some paramaters 

set colWidth 18 

set colDepth 18  

set cover  2 

set As    1;     # area of no. 9 bars 

# some variables derived from the parameters 

set y1 [expr $colDepth/2.0] 

set z1 [expr $colWidth/2.0] 

section Fiber 1 { 

    # Create the concrete core fibers 

    patch rect 1 10 1 [expr $cover-$y1] [expr $cover-$z1] [expr $y1-$cover] [expr 

$z1-$cover] 

    # Create the concrete cover fibers (top, bottom, left, right) 

    patch rect 2 10 1  [expr -$y1] [expr $z1-$cover] $y1 $z1 

    patch rect 2 10 1  [expr -$y1] [expr -$z1] $y1 [expr $cover-$z1] 
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    patch rect 2  2 1  [expr -$y1] [expr $cover-$z1] [expr $cover-$y1] [expr $z1-

$cover] 

    patch rect 2  2 1  [expr $y1-$cover] [expr $cover-$z1] $y1 [expr $z1-$cover] 

    # Create the reinforcing fibers (left, middle, right) 

    layer straight 3 4 $As [expr $y1-$cover] [expr $z1-$cover] [expr $y1-$cover] 

[expr $cover-$z1] 

    layer straight 3 2 $As -2.1 [expr $z1-$cover] -2.1 [expr $cover-$z1] 

 layer straight 3 2 $As 2.1 [expr $z1-$cover] 2.1 [expr $cover-$z1] 

    layer straight 3 4 $As [expr $cover-$y1] [expr $z1-$cover] [expr $cover-$y1] 

[expr $cover-$z1] 

}     

# Estimate yield curvature 

# (Assuming no axial load and only top and bottom steel) 

set d [expr $colDepth-$cover] ;# d -- from cover to rebar 

set epsy [expr $fy/$E] ;# steel yield strain 

set Ky [expr $epsy/(0.7*$d)] 

# Print estimate to standard output 

puts "Estimated yield curvature: $Ky" 

# Set axial load  

set P -370 

set mu 15;  # Target ductility for analysis 

set numIncr 100; # Number of analysis increments 

# Call the section analysis procedure 

MomentCurvature 1 $P [expr $Ky*$mu] $numIncr 

wipe 
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 CS60 vs. CS80 Design Moment Curvature 
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APPENDIX A2: DESIGN CHECKS – ACI 318-11 
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APPENDIX A3: DETAILING 
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Appendix A4: Rebar Tension Test Results 
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APPENDIX B 

APPENDIX B1: LOAD POST PROCESSING 

Applied base shear and axial load were computed by enforcing large-

deformation equilibrium on the test frame using the recorded actuator loads and 

displacements. A free body diagram of the applied forces is shown in Figure 5.1. 

Column forces applied to the frame are assumed to be point loads applied from a single 

point on the actuator. The locations of the actuator’s ends were measured prior to the 

test, in order for the initial angles to be tared accordingly. Potentiometers measured the 

movement of the frame needed to interpolate the angle differences and the resulting 

forces. The following equations correspond to CS80 test, and were used to estimate the 

applied base shear and axial load on the column.  
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APPENDIX B2: CONCRETE MODELLING 
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